
 

 

ABSTRACT 

ROSENBOOM, OWEN ARTHUR.  Behavior of FRP Repair/Strengthening 
Systems for Prestressed Concrete.  (Under the direction of Dr. Sami 
Rizkalla.) 
 

This research study examines the behavior of prestressed concrete beams retrofitted with Fiber 

Reinforced Polymer (FRP) materials.  Due to deficiencies in the built environment, engineers 

may be asked to retrofit or upgrade the capacity of an existing concrete structural member.  

This could be a result of new demands on the structure, or a repair of damage from an 

unforeseen event.  Retrofits are possible using the traditional building materials of concrete 

and steel.  The cross-section of the structural element can be increased, or steel plates can be 

bolted or adhesively affixed to the structure to increase capacity.  Many of these techniques are 

costly, and some perform poorly under service conditions.  The main benefit for using FRP 

materials for the strengthening of existing structures is the lightweight nature of the composite 

material, which makes the use of extensive scaffolding (required in the installation of steel 

plates) obsolete.  The objectives of this research are twofold.  First, the overall structural 

behavior of an FRP strengthened or repaired concrete beam is studied.  Two different loading 

conditions are examined: extreme loading simulated by a monotonic load to failure, and 

fatigue loading designed to simulate service loads.  The structural behavior of the system is 

evaluated under these different conditions, and an analytical model is presented which predicts 

the flexural behavior of the system assuming certain failure modes.  The second objective of 

this research is to evaluate the bond behavior of an FRP strengthened reinforced or prestressed 

concrete flexural member.  A database of experimental failures was constructed, and an 

analytical model is proposed which predicts the bond failure of the FRP strengthening system. 
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INTRODUCTION 

This research study examines the behavior of concrete structures retrofitted with Fiber 

Reinforced Polymer (FRP) materials.  Due to deficiencies in the built environment, engineers 

may be asked to retrofit or upgrade the capacity of an existing concrete structural member.  

This could be a result of new demands on the structure, or a repair of damage from an 

unforeseen event.  A possible capacity timeline of a structure is shown in Figure 1, illustrating 

the philosophy behind structural repair and strengthening.  Three structural deficiencies are 

shown.  The first is a result of problems with the as-built condition of the structure, either 

from a design or construction flaw.  Important reinforcement could have mistakenly omitted, 

the design cross-sectional dimensions may not have been properly constructed, or perhaps the 

regular service loading of the structure exposed flaws in the design process.   The second 

structural deficiency shown in Figure 1 is the result of an accident which impairs the ability of 

the structure to safely carry load, resulting from an impact event, fire, etc.  The third 

structural deficiency may result when the demand on the structure is changed by the owner.  

Strengthening is then required to upgrade the capacity to meet new loading demands.  

 
Figure 1 Repair/strengthening philosophy (adapted from Carolin 2003) 
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Retrofits are possible using the traditional building materials of concrete and steel.  The cross-

section of the structural element can be increased, or steel plates can be bolted or adhesively 

affixed to the structure to increase capacity.  In some cases of structural repair after an 

accident, the internal reinforcing can be spliced back together to restore the capacity.  Each of 

these techniques is costly, and some perform poorly under service conditions. 

 

The use of plastics with internal fibers became widespread by the military during the 1950’s, 

where the composite material was used to construct boat hulls, submarine parts and aircraft 

components.  Once it became economically feasible, industry took advantage of the excellent 

properties of composite materials, manufacturing everything from fishing poles and bicycle 

frames to architectural components and bath tubs.  In the early 1980’s several structural 

engineers realized the potential of using these Fiber Reinforced Polymer (FRP) materials as a 

new building material, to repair or strengthen structures or use as internal reinforcing (Meier 

1987).  The main benefit of using FRP materials for the strengthening of existing structures 

was the lightweight nature of the composite materials, which makes the use of extensive 

scaffolding (required in the installation of steel plates) unnecessary.  The composite materials 

can be bonded to the underside of a reinforced or prestressed concrete bridge using only the 

working platform from a hydraulic lift as shown in Figure 2 (Meier 1986). 

 
Figure 2 Strengthening of bridges with traditional materials and composites (Meier 1986) 
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Since the 1980s, the use of FRP in construction has increased dramatically.  Figure 3 shows the 

he approximate number of articles published regarding FRP and concrete between the years of 

1980 and 2005.  Shown in the figure is the formation of the FRP committee of the American 

Concrete Institute (ACI Committee 440) in addition to several conferences regarding the use 

of FRP and concrete.   
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Figure 3 FRP-concrete published articles 

This research study was initiated by a desire to more fully understand the behavior of 

prestressed concrete repaired or strengthened with FRP.  There have been only a few studies 

which have examined the behavior of retrofitted prestressed concrete, with most of the studies 

focusing on retrofitted reinforced concrete.  There exist several differences between 

reinforced and prestressed concrete structural systems whose effect in regards to FRP repair or 

strengthening is important.  First, the shear span-to-depth ratio of a prestressed concrete 

flexural system is usually greater than a reinforced concrete flexural system.  By extending the 

strengthening to a point near the supports, it is possible that the strengthening system has a 

greater effect on the prestressed concrete structural system, and may reduce the propensity for 

some types of bond failures.  Second, many prestressed concrete beams are designed to be 

uncracked at service load levels, as opposed to reinforced concrete beams which will most 
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likely be cracked at the time of strengthening.  This existing state of strain on the beam soffit 

should be included in any analysis or design, and will possibly enhance the bond properties of 

the FRP strengthening system. 

Research Objectives 
The objectives of this research are twofold.  First, the overall structural behavior of an FRP 

strengthened or repaired concrete beam is studied.  Two different loading conditions are 

examined: extreme loading simulated by a monotonic load to failure, and fatigue loading 

designed to simulate service loads.  The structural behavior of the system is evaluated under 

these different conditions, and an analytical model is presented which predicts the flexural 

behavior of the system assuming certain failure modes.  The second objective of this research is 

to evaluate the bond behavior of an FRP strengthened reinforced or prestressed concrete 

flexural member.  A database of experimental failures was constructed, and an analytical 

model is proposed which predicts the bond failure of the FRP strengthening system.   

Scope of Dissertation 
A total of 30 prestressed concrete bridge girders were tested in the course of this research; 21 

as part of a Strengthening Study, 5 as part of the Repair Study, and 4 as part of the Bond Study.  

The Strengthening Study, whose experimental program is described in Chapter 3 of this 

dissertation, examined the behavior of flexural FRP strengthening systems.  The variables 

examined in the experimental program included the FRP type and stiffness, the level of 

strengthening, and two loading conditions: monotonic load to failure and fatigue loading.  The 

Repair Study, whose experimental program is described in Chapter 4, examined the 

effectiveness of FRP systems to restore the capacity of impact-damaged bridge girders.  Five 

AASHTO Type II bridge girders were tested, three under flexural loading, and two as short 

span specimens examining the shear behavior.  Variables examined included the level of 

damage and the location of damage.  The Bond Study, whose experimental program is 

described in Chapter 9 of this dissertation, involved the testing of four prestressed concrete 

bridge girders to failure to further examine the bond behavior.  Variables examined included 

the FRP type and stiffness.  A summary of the complete experimental program is shown in 

Figure 4. 
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Figure 4 Summary of experimental program 

The analytical portion of the research is also divided into three distinct areas.  During the 

strengthening phase of the research, a flexural model was developed which correctly predicts 

the load versus deformation response of the system assuming perfect bond.  During the repair 

phase of the research, an additional model was developed for design of the CFRP repair system 

under shear-critical loading.  Both of these models are described in Chapter 5.  During the 

bond phase of this research, an analytical model was developed to predict the FRP tensile strain 

to cause intermediate crack (IC) debonding failure.  This model is discussed in Chapter 11. 

Outline of Thesis 
This dissertation is divided into two parts.  The first part deals with Repair and Strengthening 

from an engineering perspective utilizing FRP materials and configurations to successfully 

retrofit concrete structures.  The second part of the dissertation examines closely the Bond 

Behavior and its relationship with FRP flexural retrofitting.  Each part consists of a background 

chapter including a literature review, one or more chapters of experimental work, and a 

modeling chapter.  Part 1 and Part 2 both have their own respective introductions which 

provide a detailed sketch of their contents.  The conclusions of the research are provided at the 

end of the dissertation, and include findings from both the Repair/Strengthening phase and the 

Bond Behavior phase of the research.  References for both parts are included after the 

conclusions. 
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Three appendices are provided at the end of the dissertation.  The first appendix provides 

recommendations on the installation of FRP systems for concrete structures.  This appendix 

provides detailed information useful to the designer, researcher, or applicator who is 

concerned with installing FRP strengthening systems.  The second appendix provides two 

design examples involving the proposed analytical model developed in Part 2 of the 

dissertation.  In the third appendix, the database of intermediate crack (IC) debonding failures 

is provided, which was integral in the construction of the analytical model.  This database is 

provided for future researchers who are encouraged to expand upon the research done here.



 

7 

PART I  

REPAIR AND STRENGTHENING 
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CHAPTER 1: 

INTRODUCTION 

Flexural retrofitting using FRP materials can improve dramatically the overall performance of a 

reinforced concrete structural system.  Large increases in ultimate load are possible, and in 

many cases the ductility of the original system can be maintained with proper detailing of the 

FRP retrofit.  In addition to maintaining ductility, the original failure mode of the structural 

system (crushing of concrete) can be preserved with certain FRP designs.  The research 

described in this part of the dissertation is concerned with the overall structural characteristics 

of FRP retrofitting, especially as it relates to the behavior under extreme loading simulated by 

a monotonic load to failure, and fatigue loading designed to simulate service loads.  An 

experimental program involving the testing of 26 girders is described in this part of the 

dissertation.  Twenty-one girders were tested as part of the strengthening study (eleven under 

static loading conditions and ten under fatigue loading conditions), and five were tested as part 

of the repair study (one under fatigue loading conditions and four under static loading 

conditions).  An analytical model is presented which predicts the behavior of a prestressed 

concrete beam flexurally strengthened with FRP material for various failure modes. 

 

Chapter 2 provides a summary of the literature in the field of flexural FRP repair or 

strengthening of concrete structures.  Some topics in this section include: 1) FRP systems and 

failure mechanisms, 2) FRP repair and strengthening of reinforced and prestressed concrete 

structures, 3) constituent material fatigue behavior, and 4) an overview of existing design 

guidelines for FRP repair/strengthening. 

 

Chapter 3 presents the static and fatigue experimental program used to evaluate the 

performance of C-Channel girders strengthened with various CFRP systems.  A total of 

twenty-two prestressed concrete girders were tested under static and fatigue loading to 

determine the effectiveness and structural behavior of FRP strengthening systems.  This 

chapter will provide specifics related to the tested girders, design of the various strengthening 

systems, test setup, loading scheme, instrumentation, and detailed descriptions of the 

individual tests.   
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Chapter 4 presents the static and fatigue experimental program used to evaluate the 

performance of CFRP repair systems on AASHTO girders tested under static and fatigue 

loading conditions.  Three girders were damaged and flexurally repaired with CFRP, and two 

girders were tested in shear: one as a control girder and another damaged and repaired with 

CFRP.  This chapter presents the design of the CFRP strengthening systems along with an 

experimental program associated with the testing of the five girders.   

 

Chapter 5 presents the test results and discussion comparing the behavior of the various 

strengthening systems used in this research and the capability of analytical modeling to predict 

the behavior.  Three types of analytical modeling are described in this section: a flexural model 

developed to predict the short term response of the strengthened girders, a finite element 

simulation, and a cracked section analysis computer program.  All the forms of analysis are 

reasonably accurate in predicting the overall load-deflection response of the strengthened 

section, except in cases where debonding of FRP is the failure mode.  This aspect is discussed 

in detail in Part 2 of this dissertation. 

 

Chapter 6 provides a complete evaluation including a cost-effectiveness and value engineering 

analysis of different FRP repair and strengthening techniques.  Each FRP system was 

thoroughly analyzed to provide a comparison among the different techniques used in this study.  

The findings show that the most cost-effective systems are the ones which use externally 

bonded CFRP sheets.  Aspects considered in the value engineering analysis corroborate these 

findings. 
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CHAPTER 2: 

BACKGROUND 

Due to deficiencies in the built environment, many universities and research organizations have 

pursued the challenge to repair or strengthen existing structures with fiber reinforced polymer 

(FRP) materials in flexure.  This section provides a summary of the literature in the field of 

flexural FRP repair or strengthening of concrete structures.  Topics in this section include: 1) 

FRP systems and failure mechanisms, 2) History of FRP strengthening, 3) FRP strengthening 

of reinforced and prestressed concrete structures, 4) The use of near surface mounted (NSM) 

FRP reinforcement, 5)  FRP repair of prestressed concrete, 6) Fatigue behavior of 

reinforced/prestressed concrete, 7) Fatigue behavior of reinforced/prestressed concrete 

strengthened with FRP materials, and 8) An overview of existing design guidelines for FRP 

repair/strengthening. 

2.1 FRP Repair / Strengthening Systems 

Fiber Reinforced Polymer (FRP) Materials 

Fiber Reinforced Polymer (CFRP) materials consist of fiber filaments embedded in an adhesive 

matrix.  There are various types of FRPs that are commonly used for structural strengthening 

of concrete members including pre-cured laminates and wet lay-up systems. 

 

Pre-cured laminate FRPs are normally available commercially in the form of a bar or strip.  

The pre-cured laminate is manufactured by impregnation of fibers with adhesive, which is then 

pultruded and cured by the manufacturer.  The controlled environment used in manufacturing 

of the pre-cured laminate can create laminates which are stronger and stiffer per unit volume 

than equivalent wet lay-up laminates.  The laminates typically used for concrete strengthening 

are unidirectional and have all of the fibers oriented in the longitudinal direction.  A laminate 

can come in various shapes and sizes.  An externally bonded wet lay-up system consists of a 

fiber sheet which is typically field impregnated with a structural adhesive.  A unidirectional 

fiber sheet consists of bundles of fibers held together by thin pieces of plastic material.  Fiber 

sheets typically come in rolls 610 mm by 91.4 m.  The fibers in precured strips or wet lay-up 



Part 1: Repair/Strengthening ▐    Chapter 2. Background 

11 

systems are available in a variety of different materials including aramid (Kevlar®), carbon, or 

glass.   

 

A steel reinforced polymer (SRP) system was also tested as part of this research, which is a wet 

lay-up system with embedded high-strength twisted steel wires embedded in an epoxy matrix.  

SRP have several benefits over traditional CFRP materials including lower cost, better fire 

resistance, and compatibility with anchorage systems, but may be more difficult to install and 

have untested corrosion resistance.  The stress versus strain behavior of some typical CFRP and 

SRP materials are presented in Figure 2.1.  Also shown in the figure are the traditional building 

materials used in tension: mild steel reinforcing and high strength steel used in prestressing 

strands. 

 
Figure 2.1 Stress-strain characteristics of steel, FRP, SRP materials 

Adhesives 

Structural adhesives are used to bond the CFRP material to the concrete surface.  The most 

common form of adhesive used in structural strengthening is an epoxide adhesive which 

hardens by chemical reaction.  The adhesive consists of two parts, a resin and a hardener, 

which when combined will harden and allow for the surface bonding of two dissimilar 

materials.  The rate of hardening is highly dependent on the ambient temperature and the 
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temperature of the two adherents.  Typical cure times are 14 hours at room temperature, or 3 

hours at 80° C (Adams 2004).   

 

Since the tensile strength and flexural strength of the adhesive are typically much higher than 

the shear strength of the concrete, most of the failures occur within the concrete substrate 

during a debonding type failure.  There is a large difference between the adhesives used during 

a wet lay-up type application, where the dry fiber FRP or steel filaments are field impregnated 

with the adhesive, and an installation of near surface mounted (NSM) FRP or externally 

bonded laminates, where the adhesive is bonding a pre-made FRP to the concrete.  Due to 

sensitivity of adhesive properties to application temperatures, curing temperatures, surface 

preparation, thermal expansion, creep, abrasion and chemical resistance, the adhesives should 

be carefully selected to match the type of FRP system used (Täljsten 2002).  As a result, 

critical adhesive selection was not done in the course of this research, and the adhesives used 

were recommended by the manufacturer for compatibility with the fiber sheet, pre-cured 

FRP, or steel fiber material being used.  

2.2 Failure Mechanisms 
Five different failure mechanisms have been identified for reinforced or prestressed concrete 

strengthened with FRP: 1) crushing of concrete, 2) FRP rupture, 3) shear failure, 4) plate-end 

(PE) debonding, and 5) intermediate crack (IC) debonding.  Flexural failure is defined as either 

concrete crushing, or FRP rupture.  Bond failure occurs either due to PE debonding or IC 

debonding.  A figure illustrating the location of the five types of failure is given in Figure 2.2 

for the loading configuration shown. 
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Figure 2.2 Failure modes of FRP strengthened RC structures 

Bond failure in FRP strengthened reinforced or prestressed concrete girders propagates in one 

of two directions: from the FRP termination point (PE debonding), or from the intermediate 

flexural cracks (IC debonding).  These failure modes are discussed in detail in Part 2: Bond 

Behavior. 

 

Shear failure occurs when the shear resistance of the beam from the concrete, steel and/or 

FRP materials is lower than that of the applied shear force, and is not discussed in this 

dissertation. 

 

Flexural failure, defined as crushing of concrete or rupture of FRP, can often occur in FRP 

strengthened reinforced or prestressed concrete members.  Numerous situations may arise 

where designing a CFRP strengthened reinforced or prestressed concrete member results in 

crushing of concrete.  FRP rupture is commonly encountered in beams which are strengthened 

with FRP having a low axial stiffness, or having a large amount of transverse anchorage 

provided for debonding mitigation.  The background provided in this chapter is regarding 

CFRP repair or strengthening systems which are designed for flexural failure. 
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2.3 History of FRP Strengthening 
The use of fibers to increase the strength of various buildings and structures is an ancient 

technology – utilized when people first started using straw in clay bricks for residential walls 

and roofs (Nanni 1999).  These early uses saw the advantage of using two materials with 

different material properties.  After World War II, the use of fiber reinforced polymers was 

mainly confined to the military for boat hulls, submarine parts and aircraft components.  Once 

it became economically feasible, industry took advantage of the excellent properties of FRP 

materials, manufacturing everything from fishing poles and bicycle frames to architectural 

components and bath tubs.   

 

In the 1960’s, FRP began to be used in structural applications mainly as a result of its non-

corrosive properties.  Bridge deck slabs, sea walls, and floor slabs in aggressive chemical 

environments were reinforced with Glass Fiber Reinforced Polymers (GFRPs) as an alternative 

to epoxy coated reinforcing (ACI 440 1996).  Strengthening buildings and bridges using FRP 

was first used as an alternative to the bonding of steel plates to the soffits of reinforced 

concrete beams (Oehlers 1990).  FRP strengthening gained popularity in Europe and Japan in 

the 1980’s as a result of the high strength to weight ratio and easy installation of FRP materials. 

Throughout the 1990s, the use of FRP in North America, Europe and Asia has continued to 

become more prevalent with many repair and strengthening projects completed.  The number 

of companies manufacturing FRP products has also increased, with numerous companies 

producing FRP sheets, reinforcing bars and pultruded laminates. 

 

The primary reason that reinforced concrete beams are no longer commonly strengthened in 

flexure with externally bonded steel plates is simply because of the difficulty in installation.  It 

is still widely believed that corrosion is a serious problem, but a study of RC beams 

strengthened with externally bonded steel plates by Swamy et al. (1995) proved otherwise 

through the experimental testing of the beams after 12 years of environmental exposure.  The 

authors observed increases in the flexural strength of the beams over time in every case. 

2.4 Reinforced Concrete Strengthened with FRP 
The flexural behavior of reinforced concrete strengthened with FRP has been extensively 

studied.  Several studies which focus primarily on flexural failures (concrete crushing, FRP 
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rupture) or field applications will be covered in this section.  Predictions based on strain 

compatibility and equilibrium of internal forces provide accurate predictions of failure loads 

and ultimate displacements.  With appropriate reduction factors applied to the material 

properties of the FRP to account for environmental degradation, manufacturing flaws, 

misalignment of the fibers, the desired modes of failure of concrete crushing or rupture of FRP 

can be achieved in many cases.  The debonding failure mechanism is failure mechanism which 

must be carefully designed for.  An extensive database of failures due to intermediate crack 

induced debonding has been assembled, and a survey of those experiments is provided in 

Chapter 8.    

 

Hag-Elsafi et al. (2001) installed FRP laminates to the tension side of reinforced concrete T-

beams in a bridge in New York.  After installation, load tests were performed on the bridge 

and the FRP strengthening system was shown to decrease tensile stresses in the steel 

reinforcing and increased concrete stresses.  Although the load testing was halted before non-

linear behavior was observed, the FRP strengthening was shown to be effective within the live 

load ranges examined. 

 

Arduini et al. (2002) tested several decommissioned reinforced concrete bridge girders which 

had been heavily degraded over their service life.  Four girders were strengthened 

longitudinally with several layers of FRP sheets, on top of which transverse U-wraps were 

placed.  High interfacial shear stress was found in several of the girders due to local 

singularities such as a change in cross-sectional geometry, intersection with transverse 

members, and application of an applied load.  Failure in one of the girders was due to 

debonding of longitudinal CFRP laminate between U-wraps, two of the girder failed due to 

FRP rupture and one failed due to concrete crushing.  It was found that design guidelines based 

on ACI Committee 440 (2002) could adequately assess the flexural behavior. 

 

El-Hacha and Rizkalla (2004) provided a comparison between externally bonded and near 

surface mounted FRP strengthening systems tested under static loading conditions.  Besides 

several specimens which failed due to debonding, two of the T-beam specimens strengthened 

with NSM strips failed due to FRP rupture, at loads between 80 and 100 percent higher than 
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the control specimen.  The authors observed that the ultimate strength of the specimens was 

governed by the tensile strength of the NSM FRP material.   

2.5 Prestressed Concrete Strengthened with FRP 
There has been little research on the strengthening of prestressed concrete with CFRP 

materials.  There have been some field applications using CFRP on prestressed concrete, which 

are be discussed in the Repair of Prestressed Concrete Section, yet few full scale specimens have 

been tested in the laboratory. 

 

Takacs and Kanstad (2002) showed that prestressed concrete girders could be strengthened 

with externally bonded CFRP to increase their ultimate flexural capacity.  CFRP pre-cured 

laminates were applied to the bottom and side surfaces of a T-beam soffit; no transverse U-

wraps were provided.  Of the strengthened beams, one failed due to debonding and the other 

experienced a shear failure.  The beams achieved an increase in flexural moment capacity of 28 

and 37 percent respectively.  A finite element model based on the smeared crack methodology 

was used for predictions of the failure loads. 

 

Hassan and Rizkalla (2002) and Hassan (2002) examined the flexural behavior of prestressed 

concrete bridge slabs strengthened with various CFRP systems.  The half scale specimens were 

strengthened with near surface mounted (NSM) CFRP bars and strips as well as externally 

bonded CFRP strips and sheets.  The flexural capacity of the slabs could be increased by as 

much as 50 percent using the CFRP strengthening, with the most cost effective solution being 

the CFRP sheets.  A specimen strengthened with CFRP strips experienced debonding at 41 

percent of the rupture strain of the material. 

 

Reed and Peterman (2004) showed that both flexural and shear capacities of 30 year-old 

damaged prestressed concrete girders could be substantially increased with externally bonded 

CFRP sheets.  Two single-tee girders were taken from an overloaded bridge, epoxy injected, 

strengthened with CFRP sheets and tested to determine their shear and flexural strength.  A 

control specimen was also tested which was not epoxy injected.  Both of the girders were 

strengthened using the same longitudinal CFRP configuration, but one girder had provided 

CFRP transverse U-Wraps throughout the length of the girder whereas the other had U-wraps 
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provided only at the supports where the longitudinal CFRP was terminated.  Both 

strengthened girders achieved approximately a 20 percent increase in strength over the control 

specimen.  The failure modes were different however, as one failed due to CFRP rupture and 

the other due to debonding of the cover concrete between the CFRP strengthening and the 

prestressing.  Reed and Peterman encouraged the use of CFRP transverse U-wraps along the 

length of the girder in externally bonded systems to delay debonding failure. 

2.6 Near Surface Mounted Strengthening 
Debonding failures in externally bonded FRP strengthening systems led to development of the 

near surface mounted (NSM) FRP strengthening technique, which utilizes more of the ultimate 

tensile strength of the FRP material prior to failure.  The concept of NSM is straightforward: 

first a groove is sawcut into the concrete surface, next the groove is filled halfway with two-

part structural epoxy.  Then a FRP bar or strip is placed inside the groove, and then the groove 

is completely filled with epoxy material as shown schematically in Figure 2.1.  The use of NSM 

FRP bars and strips are emerging as an alternative technology to externally bonded FRP 

laminates.  Advantages of using NSM systems include the possibility of anchoring the 

bars/strips into adjacent members, shorter installation time, and an attractive finished 

appearance.   
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Figure 2.1 NSM Reinforcement  

Characterization of NSM FRP bars and strips as reinforcing is fairly recent, but NSM steel 

reinforcing has been used in Europe for over 50 years.  Asplund (1949) carried out tests on 

concrete beams reinforced with NSM steel bars bonded using cementitious grout and found 

they worked similarly to reinforcing bars originally casted in concrete.  This technique was 

used in Finland in 1949 to strengthen a bridge deck whose top layer of steel reinforcing was 

erroneously omitted. 

 

Using NSM FRP for flexural strengthening of reinforced concrete members is an attractive 

solution (Alkhrdaji et al., 2001, Hassan and Rizkalla, 2004, and El-Hacha and Rizkalla, 2004), 

especially in the negative moment region of beams and slabs where externally bonded FRP 

laminates would interfere with the floor finish or be exposed to environmental degradation.  

NSM systems can also be used for shear strengthening of concrete members (De Lorenzis and 

Nanni 2001a&b, Nanni et al., 2004), and strengthening of prestressed concrete structures 

(Hassan and Rizkalla 2002a). 
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Alkhrdaji et al. (2001) strengthened a reinforced concrete bridge deck span with NSM CFRP 

bars and tested in-place to failure.  Compared with an unstrengthened span they achieved a 30 

percent increase in flexural capacity with full utilization of the FRP bars (failure due to FRP 

rupture). 

 

Carolin et al. (2001) tested a series of concrete beams strengthened with NSM CFRP strips. 

Test results demonstrated the effectiveness of the NSM technique compared to the externally 

bonded technique. They recommended replacing the epoxy, used in bonding the strips to the 

surrounding concrete, with cement mortar to improve the work environment on site.   

Hassan and Rizkalla (2002a) investigated the feasibility of using different strengthening 

techniques as well as different types of FRP for strengthening prestressed concrete bridge 

decks in flexure. Large-scale models of a prestressed concrete bridge deck were tested to 

failure. Test results showed that the efficiency of near surface mounted CFRP strips was three 

times that of the externally bonded strips.  

 

Hassan and Rizkalla (2003 & 2004) presented experimental and analytical investigations to 

evaluate bond characteristics of NSM CFRP bars and strips. The influence of the groove 

dimensions, groove spacing and the limited adhesive cover was investigated. They concluded 

that the tensile stresses at the concrete-adhesive interface, as well as at the FRP-adhesive 

interface, are highly dependent on the groove dimensions and control the mode of failure of 

near surface mounted FRP bars and strips. They recommended widening of the groove to 

minimize the induced tensile stresses at the concrete-epoxy interface and increase the 

debonding loads of NSM bars.  A mathematical model to find the development length of NSM 

FRP bars is presented along with design charts correlated to experimental results. 

 

El-Hacha and Rizkalla (2004) examined the static behavior of four beams strengthened with 

either NSM bars or strips.  The failure of a T-beam specimen strengthened with NSM bars was 

due to epoxy split failure along the NSM groove, at an applied load less than two beams 

strengthened with NSM strips of a similar axial stiffness which failed due to FRP rupture.  A T-

beam strengthened with GFRP strips failed due to concrete split failure along the NSM groove.  

Compared to beams strengthened with externally bonded FRP of similar axial stiffness, the 
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results show that the NSM strengthening technique utilizes more of the tensile strength of the 

FRP material and is therefore more effective. 

2.7 Steel Reinforced Polymer Strengthening 
An innovative new material utilizing high strength twisted steel wires as fiber reinforcement is 

commonly known as steel reinforced polymer (SRP) when the steel fibers are impregnated in 

an epoxy matrix, and steel reinforced cementitious system (SRCS) when the fibers are 

embedded in a cementitious matrix.  There are several variables that can be specified to 

achieve the desired properties: the amount of twist in the fibers affects the ductility of the 

wires and the resin penetration with lightly twisted wires can provide good mechanical 

interlock in the matrix (Prota et al. 2006).  The density of the wires per millimeter can also be 

varied, to achieve the proper strengthening level.  To date there has been only limited research 

in the area of SRP flexural strengthening of concrete structures. 

 

Prota et al. (2006) tested eleven 3700 mm long shallow reinforced concrete sections under 

static loading, seven strengthened with steel fibers (four SRP and three SRCS), and two 

strengthened with CFRP.  The authors found that the steel fiber strengthening systems using 

epoxy resin outperformed the systems using a polymer-modified cementitious mortar as a 

result of the epoxy better engaging the concrete substrate prior to debonding failure.  The 

specimens strengthened with CFRP outperformed the SRP specimens in terms of ultimate 

strength gains for similar (predicted) axial stiffnesses, but the SRP material had more ductility 

at failure.  The authors pointed out that corrosion resistance of both the SRP and SRCS systems 

is a major concern and needs more research. 

2.8 Repair of Prestressed Concrete with FRP 
Damage due to impact of highway bridges is a major concern of departments of transportation.  

Repair of the damage is often very expensive, and can result in lengthy traffic delays.  Limited 

research has been done on the assessment of impact damage and subsequent repair methods to 

PC bridge girders.  Several impact-damaged PC girders have been repaired in the field, but a 

limited number of studies have been conducted in a laboratory setting.  One common repair 

technique is to splice the steel prestressing strands; however, this was found to perform poorly 

during fatigue, and in many cases it was unable to restore the ultimate strength of the girder 
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(Zobel and Jirsa 1998).  The use of FRP materials is a more innovative technique that has the 

potential to not only restore the ultimate strength of the damaged girder, but withstand the 

repetitive service loadings that all bridge girders undergo.  Several experimental studies have 

examined the use of FRP to repair impact-damaged prestressed concrete bridge girders, in 

addition to numerous field applications initiated by departments of transportation. 

 

In Alabama, one span of a reinforced concrete bridge was chosen to repair damage due to aging 

(Stallings et al. 2000).  CFRP precured laminates along with glass FRP sheets were used to 

restore the repaired sections past their original capacities to increase posted load restrictions.  

Before installation of the repair systems, load tests were performed to measure the behavior of 

the bridge superstructure under various static and dynamic loads.  Identical static and dynamic 

tests were performed after the installation of the FRP repair systems to compare with the prior 

results.  The results of these load tests demonstrated that the FRP repair system reduced girder 

deflections ranging between 2 to 12 percent, as well as reducing rebar stresses by an average of 

8 percent.  The usage of CFRP plates to repair and strengthen reinforced concrete bridge 

girders was successfully verified by field loading tests. 

 

Three separate prestressed concrete bridges were repaired with CFRP systems in repair 

projects sponsored by the Missouri Department of Transportation.  In the first project, eleven 

prestressed concrete bridge girders located on a bridge in Independence, MO were impact-

damaged due to an overheight vehicle and repaired with CFRP wet lay-up sheets (Schiebel et 

al., 2001).  Although no prestressing strands were ruptured, all eleven girders had large cracks 

and spalling of concrete exposing prestressing strands.  The CFRP repair system was designed 

using a simple section analysis procedure ensuring that the new flexural strength was equal to 

or greater than that of the original girder.  Detailing of the CFRP repair system followed 

industry standards and provided transverse U-wraps at 400 mm spacing and extension of the 

CFRP well away from the damaged concrete area.  Experimental testing was limited to bond 

and adhesion tests to ensure proper bond of the CFRP to the concrete substrate.  In the second 

project, a prestressed concrete bridge girder was repaired in-situ with CFRP wet lay-up sheets 

after damage due to impact ruptured two prestressing strands (Tumialan et al. 2001).  The 

design of the repair system was determined by the rectangular stress block approach.  Two 
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layers of CFRP sheets were applied to the tension face, extending past the damaged location.  

CFRP U-wraps were also applied to prevent debonding failure.  Following current industry 

standards, the CFRP repair system was successfully installed by a contractor.  Field testing was 

not performed, however the repaired girder is performing well in service.  A third project 

sponsored by the Missouri DOT, repaired impact damage caused by a contractor who struck a 

girder during construction of a new bridge (Ludovico et al. 2003).  Two prestressing strands 

were ruptured and a significant loss of concrete occurred.  The concrete section was restored 

and the girder repaired using CFRP sheets in both the longitudinal and transverse directions.  

Load testing was not performed on the repaired section, but the girder is currently performing 

well under traffic loading. 

 

The Iowa Department of Transportation has sponsored several research projects that involved 

the use of CFRP to repair impact-damaged prestressed concrete bridge girders.  In the first 

project, several overheight impacts damaged all the girders on a bridge (Klaiber 1999).  

Although no prestressing strands were ruptured, one girder had two prestressing strands which 

were visibly relaxed.  The girders were load tested in-situ to examine their respective load-

deflection behaviors.  Two damaged girders were then cut out of the deck, replaced with new 

ones, and transported to a testing facility.  The more severely damaged girder with two 

relaxed prestressing strands was tested to failure to observe the behavior of a beam with 

significant concrete loss and relaxed strands.  The second girder, with only moderate damage, 

was then loaded to simulate service load conditions.  The girder was then damaged to simulate 

a larger loss of concrete and rupturing of two prestressing strands.  Following the simulated 

damage, the girder was then repaired by first restoring the concrete section using a 

cementitious mortar.  CFRP plates were then bonded to the bottom flange of the beam to 

restore the flexural capacity of the member.  CFRP sheets were added in the transverse 

direction to prevent debonding.  Load tests after the CFRP installation indicated that the 

repaired girder exhibited 27 percent less deflection than the damaged girder.  The repaired 

girder also exhibited a higher ultimate load capacity over the control specimen previously 

mentioned.   
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In a second project sponsored by the Iowa DOT, a bridge was load tested before and after the 

installation of a CFRP repair system.  All six prestressed concrete girders on one span of the 

bridge were damaged as a result of an overheight impact; however most damage only occurred 

to the first two girders.  The first girder sustained spalled concrete as well as one ruptured 

prestressing strand.  The second girder was damaged more significantly with a much large loss 

of concrete, five prestressing strands visible and two of these were ruptured.  After restoration 

of the section was completed with patching material, CFRP plates were attached to the bottom 

flange of the beams.  The researchers demonstrated through the before and after load tests that 

the midspan bridge deflections decreased following the installation of the CFRP plates.  The 

researchers concluded that flexural strengthening of impact-damaged PC girders is possible 

when up to 15% of the strands are severed.  Higher ratios may be possible, but tests have not 

been performed to validate this assumption. 

 

An experimental project was sponsored by the Florida Department of Transportation to create 

guidelines, standard practices, and experimental data for the repair of impact-damaged bridge 

girders using CFRP systems (Green et al. 2004).  The FDOT had previously repaired a 

damaged prestressed bridge girder on an active bridge, but did not have any design guidelines 

at the time to follow.  All they had were the manufacturer’s engineers to assist in the repair.  

Six 13.4 m long AASHTO Type II girders were tested in four point bending to examine 

effectiveness of various CFRP systems to restore the capacity of damaged girders back to their 

original strengths.  The experiment was comprised of one control specimen, a second control 

specimen with simulated damage, and four specimens with simulated damage repaired with 

different CFRP systems.  All test results compared well with analytical predictions.  The 

results showed that one of the four repaired girders was able to achieve its original capacity.  

Wet lay-up CFRP sheets were used in the first repaired specimen.  The girder failed 

prematurely, at 91 percent of the control specimen’s ultimate strength, due to plate-end 

debonding.  The researchers did not provide any U-wraps along the length of the longitudinal 

CFRP.  It is believed that the presence of U-wraps would have prevented the plate-end 

debonding.  The second repaired specimen was repaired using pre-impregnated CFRP fabric 

sheets.  Four layers of pre-preg sheets were installed in the longitudinal direction, along with 

bi-directional CFRP sheets U-wraps which were bolted into the web.  The girder achieved 92 
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percent of the experimental capacity of the control girder, with failure due to adhesive failure 

immediately followed by rupture of the longitudinal CFRP.  The third girder incorporated a 

spray-on FRP repair system.  This system achieved 95% of the original capacity, with failure 

caused by FRP rupture.  The researchers found after the failure that the desired thickness of 

the spray was 12.7 mm but the actual thickness as 6.9 mm.  The final repaired girder 

employed the usage of wet lay-up CFRP sheets.  One transverse U-wrap was provided at the 

end of the longitudinal sheets to provide anchorage.  The girder failed after the longitudinal 

FRP pulled away from the U-wraps, leading to an anchorage failure, but not until after the 

girder had achieved a 7 percent increase in strength over the control specimen.  The 

researchers concluded that FRP can be used to restore a significant portion of the strength 

capacity of an impact-damaged girder, however they observed that proper detailing at 

termination points is critical to any FRP system.   

 

In Di Ludovico et al. (2005), three 11 m prestressed concrete Missouri Type II bridge girders, 

with a 810 mm composite cast-in-place slab, were tested monotonically to failure to assess the 

flexural behavior of repaired damaged sections with CFRP wet lay-up laminates.  After the first 

girder was tested as a control specimen, the other two were damaged at midspan by removing 

the concrete cover and rupturing two and four prestressing strands, respectively.  They were 

then repaired with cementitious mortar and repaired with two or three layers of longitudinal 

CFRP sheets below numerous transverse CFRP U-wraps.  The results show that the CFRP 

system can restore the ultimate capacity and stiffness of the original girder, but the two 

repaired girders could not match the original serviceability.  The failure mode observed for 

both of the repaired girders was rupture of a U-wrap on the undamaged girder side followed 

by intermediate crack debonding of the longitudinal CFRP system.  The researchers provided 

numerous CFRP U-wraps throughout the repaired area, but they only extended around the 

bottom flange of the girder to the bottom of the web.  It is possible that this detailing lead to 

the premature debonding failures at 56 and 46 percent of the ultimate nominal FRP strain.  

The authors also provide an analytical procedure to calculate the prestress force, the cracking 

moment and the ultimate moment based on strain compatibility and equilibrium.  For the 

design of the CFRP system, they applied the bond reduction factor (κm) from ACI Committee 

440 (2002), but not the environmental reduction factor (CE). 
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El-Tawil and Okeil (2002) conducted a parametric study of prestressed concrete bridge girders 

flexurally rehabilitated with CFRP laminates.  Parameters investigated in the Monte Carlo 

simulations included the construction sequencing, composite action between deck and girder, 

and the development of a fiber section model which considered the non-linear behavior of the 

constitutive materials.  Three different cross sections were considered corresponding to 

AASHTO Type II, III and IV girders with 26, 34 and 44 prestressing strands in each 

respectively.  For each of these cross sections, three levels of damage were examined 

corresponding to a 10, 20 and 30 percent nominal loss of prestressing strands.   

The goal of their research was to calibrate an AASHTO LRFD provision for prestressed 

concrete girders strengthened with CFRP by examining the different girders described above 

with varying amounts of CFRP repairing.  They proposed using a reliability index, β, of 3.75.  

This is slightly more conservative than the AASHTO mandated value for prestressed concrete 

girders to account for the brittle nature of CFRP rupture, which was the failure mode for the 

girders they analyzed.   

2.9 Fatigue Behavior 
The behavior of a reinforced or prestressed concrete beam strengthened with CFRP under 

fatigue loading may be the critical point of design of the member.  For proper serviceability, 

the effect of repeated live load should be properly designed for, especially for members with a 

large amount of cyclic loading such as bridges.  In this section the fatigue behavior of the 

constituent materials (FRP, concrete, steel) are reviewed, along with studies examining the 

fatigue behavior of reinforced and prestressed concrete strengthened with CFRP. 

Fatigue of Constitutive Materials 

To properly assess the resistance of a structure or bridge against cyclic loading, the fatigue 

characteristics of the constituent materials should be assessed.  For most materials there exists 

an endurance limit, an alternating maximum stress which a material can withstand for an 

infinite number of cycles.  Cumulative damage models are the most effective way to assess 

fatigue degradation of materials within a structure, but these models are beyond the scope of 

this thesis.  Through experimental testing, the fatigue resistance of materials has been defined 
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using stress ratio versus number of cycle curves, or S-N curves, which offer fatigue life 

predictions when the stress ratio and other parameters are known. 

 

The fatigue resistance of concrete was first studied extensively when reinforced concrete began 

being used to construct railroad bridges.  Defining S=fmax/ f ′c  and R=fmin/fmax, Aas-Jacobsen 

(1970) defined an equation for fatigue of concrete under compression-compression cyclic 

loading: 

 ( ) 101 1 logS R Nβ= − −  (2.1) 

where β=0.064 and N is the number of cycles to failure.   

 

The performance of concrete under tension-tension cyclic loading is less known (Ahmad 

2004).  Saito and Imai (1983) found that there is no endurance limit for concrete in tension 

under fatigue loading and that after 2 million cycles the residual strength was 73% of its 

original tensile strength. 

 

The most extensive report on fatigue on reinforced and prestressed concrete constituent 

materials in the United States is published by ACI Committee 215 (1997).  From extensive 

experimental studies, S-N curves are presented in graphical format for concrete under 

compression-compression loading, in addition to the tension-tension loading of regular 

reinforcing bars and prestressing strands.  The effects of different variables such as bar 

geometry, load history and rate of loading are examined. 

 

The fatigue resistance of prestressed concrete members is often dependent on the stress ratio 

applied to the prestressing strands.  Various equations have been proposed to estimate the 

fatigue life of a prestressing strand in air, two of which are: 

 ( ) ( )10 10log 10 3.6 log 100N SR= − ⋅ ⋅  (2.2) 

 ( )10log 7.07 8.13 ( )N SR= − ⋅  (2.3) 

from Collins and Mitchell (1997) and Naaman (1991) respectively.  Both of these equations are 

plotted in Figure 2.2. 
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Figure 2.2 S-N Behavior of prestressing strands 

Unidirectional Fiber Reinforced Polymer (FRP) materials have good fatigue resistance and very 

little stiffness degradation under cyclic load (Barnes and Mays 1999).  Walton and Yeung 

(1986) found that the fatigue performance of composite materials was superior to that of other 

engineering materials, including steel.  Adimi et al. (2000) observed that for carbon fiber bars 

embedded in concrete cycled at a frequency of 4 Hz, the maximum stress should not exceed 

35 percent of its ultimate tensile strength in order to achieve 4 million cycles of loading. 

Fatigue of Prestressed Concrete 

From 1950 to 1990, the fatigue of prestressed concrete bridge girders was extensively 

investigated.  Many studies concluded that the fatigue critical component of a prestressed 

concrete bridge girder is the prestressing strands.  One exhaustive study by Overman (1984) 

tested full scale precast prestressed concrete bridge girders with cast-in-place composite decks 

under fatigue loading.  This study and others (Rao and Franz, 1996, Rabbat et al., 1985) have 

found that if a prestressed concrete girder remains in an uncracked condition the fatigue life of 

the prestressing strands are infinite.  The AASHTO (2004) code specifies a maximum nominal 

tensile stress in concrete at service load of 0.25*( f ′c)0.5 ( MPa) in corrosive environments and  
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0.5*( f ′c)0.5  ( MPa) in non-corrosive environments.  This value is meant to maintain the service 

load of the girder under the cracking load so that the strands can withstand load indefinitely. 

The use of inclined strands normally reduces the fatigue resistance of prestressed concrete 

bridge girders as a result of the fretting fatigue which occurs at the hold down points.  Muller 

and Dux (1994) proposed an S-N curve for prestressed concrete girders with inclined strands, 

which is valid from 300,000 to 2 million cycles: 

 100.12log 0.75 0.035SR N= − + ≥  (2.4) 

This equation is shown in Figure 2.2. 

 

Rabbat et al. (1985) first examined the effect of draped strands in prestressed concrete girders 

with full size testing.  Through the testing of six full-size AASHTO Type II girders under 

fatigue loading corresponding to a nominal bottom tensile stress in the concrete of  0.5*( f ′c)0.5  

( MPa), they recommended that straight strands with blanketing at the ends be employed in 

new constructions as their fatigue life is equivalent to that of draped strands. 

 

A recent investigation examining the fatigue resistance of prestressed concrete was performed 

by Rao and Franz (1996).  They conducted fatigue tests on two 17.1 m, 27 year old 

prestressed concrete box beams.  One of the beams was tested under loading designed to 

simulate a nominal bottom tensile stress in the concrete of 0.5*( f ′c)0.5  ( MPa) corresponding 

to a stress ratio in the prestressing strands of .  An additional test was performed on a girder to 

simulate a tensile stress in the concrete of 0.75*( f ′c)0.5  ( MPa) corresponding to a stress ratio 

in the prestressing strands of 0.11*fpu.  The girder with the lower level of loading survived over 

1.5 million cycles retaining excellent performance whereas the girder with the higher loading 

experienced a ruptured prestressing strand at 145,000 cycles.  They recommended that all 

calculations to find stresses in concrete and prestressing strands be based on a cracked section 

analyses because of the possibility of unintentional overloads. 

Fatigue of Reinforced Concrete Strengthened with FRP 

Barnes and Mays (1999) tested five reinforced concrete beams under fatigue loading, three 

strengthened with externally bonded CFRP plates.  The 90 mm x 1.2 mm plates were bonded 

to the tension surface of a 125 mm x 230 mm x 2300 mm beam.  The plate was terminated 
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near the beam supports and mechanically anchored to the concrete by way of a steel plate 

bonded to the plate surface and bolted to the concrete.  The results show that the fatigue 

performance of CFRP strengthened beams is superior to unstrengthened beams at the same 

level of loading due to reduced crack widths and shorter spacing of cracks.  Using a criteria 

based on the stress ratio in the regular steel reinforcing was also deemed to give a more 

accurate representation of the fatigue behavior rather than applying the percent increase in 

ultimate capacity to the fatigue loading range.   

 

Shahawy and Beitelman (1999) examined the performance of CFRP strengthened reinforced 

concrete beams through the testing of ten beams under static loading conditions, and seven 

beams under fatigue loading conditions.  The main variables in the experimental program were 

the amount and configuration of FRP strengthening, the concrete strength, and amount of 

damage prior to strengthening.  The load range used was 25 percent of the ultimate strength of 

the control specimen, which corresponds to a stress range in the steel of 0.25fy.  The 

strengthened beams subjected to fatigue loading were strengthened along the entire stem of 

the reinforced concrete T-beam, and had superior performance to the control girder tested 

under the same loading conditions. 

 

In an analytical study, El-Tawil et al. (2001) estimated the fatigue response of several 

specimens from Barnes and Mays (2000) and Shahawy and Beitelman (2001).  The beams were 

discretized into several layers, and a fiber section approach was used with several models 

estimating the fatigue characteristics of the constituent materials.  The compressive fatigue 

behavior of concrete was estimated using the model of Holmen, which gives an effective 

modulus of elasticity after a certain number of fatigue cycles.  Concrete tensile fatigue was 

deemed not to be significant, as was CFRP and epoxy fatigue relaxation.  Steel fatigue was not 

deemed to be significant while the steel is still in the elastic range.  The analytical model shows 

that the beams experience redistribution of internal stresses similarly to what would be 

obtained in a creep analysis. 

 

Carolin (2003) examined the effect of repeated live load during strengthening of reinforced 

concrete with CFRP through the testing of 12 beams strengthened with externally bonded FRP 
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plates and near surface mounted systems.  They found that the effect of fatigue loading during 

strengthening was small for FRP strengthening using normal two-part structural epoxies, but 

that there was a significant effect for FRP strengthening using cementitious adhesives. 

 

A very similar conclusion was reached in a study by Heffernan and Erki (2004) in which 3 m 

and 5 m reinforced concrete beams were tested under static and fatigue loading conditions.  

The authors found that the stress ratio in the steel reinforcement controlled the fatigue failures 

and that increasing stress ratios were observed due to concrete softening during the repeated 

loading. 

 

Breña et al. (2005) examined the flexural fatigue behavior of ten reinforced concrete beams, 

eight of which were strengthened with two types of CFRP: wet lay-up sheets and pultruded 

laminates.  The CFRP sheet strengthened specimens were 2900 mm in length and the CFRP 

plate specimens 3200 mm in length with cross sectional dimensions configured to give a span 

to depth ratio of 8.15 for both series of tests.  Out of the eight strengthened beams, three 

failed due to the fatigue loading – one of the CFRP sheet strengthened beams due to rupture of 

reinforcing steel and two of the CFRP plate strengthened beams due to debonding of CFRP.  

Although the stress ratio in the reinforcement was identified to be an important factor in the 

fatigue life of the strengthened system because some of the beams failed due to debonding, the 

authors concluded that the stress ratio in the composite system was critical in this case.  It is 

possible that the detailing of the CFRP system could have prevented the premature debonding 

failures observed in the research.   

 

Budelman and Husemann (2005) tested 13 reinforced concrete slabs strengthened with CFRP 

laminates to assess the effect of fatigue load on the CFRP systems.  They found that the 

embedded reinforcement would fail prior to the CFRP material and that very little bond 

degradation occurred at service load.  The strains found during an analytical and parametric 

investigation of reinforced concrete strengthened with CFRP show that service loads 

determined from the fatigue resistance of the internal material will not cause degradation of 

the bond between CFRP laminate and concrete. 
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Aidoo et al. (2006) examined the fatigue behavior of eight reinforced concrete beams, four 

strengthened with CFRP strips and sheets.  The authors observed that the fatigue life of the 

strengthened members was controlled by the stress ratio in the regular reinforcing steel, but 

stressed that the increase in fatigue life behavior is limited by the quality of bond between the 

CFRP and the concrete substrate.   

2.10 Fatigue of Prestressed Concrete Strengthened with FRP 
Larson, et al. (2005) examined the fatigue behavior of prestressed concrete T-beams 

strengthened with CFRP wet lay-up sheets.  Of the five beams tested, one was tested statically 

to failure as a control girder (Beam 1), two were strengthened with CFRP to resist an 

AASHTO (1998) determined stress range of 124 MPa (Beams 2 and 3), and two were 

strengthened with CFRP to resist double the AASHTO stress range 248 MPa (Beams 4 and 5).  

Of the four strengthened girders, two were tested statically to failure and two were tested 

under fatigue loading conditions.  The control girder failed due to rupture of prestressing, 

which shows that the sections were under-reinforced since this is an uncommon failure mode 

in prestressed concrete.  All of the strengthened girders failed due to rupture of flexural CFRP 

near midspan.  The T-beam specimens were 406 mm wide, and 356 mm deep, with a 102 mm 

soffit.  The girders were 5030 mm in length and were prestressed with two 9.5 mm 1862 MPa 

straight prestressing strands located 51 mm and 102 mm from the bottom of the web. 

 

Beams 2 and 3 were strengthened with one layer of CFRP sheets wrapped 57 mm up the 

bottom of the web sides, and transverse CFRP sheets 140 mm wide spaced at 305 mm 

throughout the length of the girder.  Beam 2 failed due to rupture of CFRP at an applied load 

70 percent higher than the control beam.  Beam 3 survived 1,065,000 cycles of fatigue loading 

and failed due to rupture of CFRP at a load 68 percent higher than the control beam.  The 

fatigue loading was designed such that the stress range in the prestressing strands was 

equivalent to 124 MPa, the AASHTO specified limit for straight prestressing strands.  

Significant degradation in the beam behavior could be noted after 1 million cycles as shown in 

Figure 2.3 perhaps indicating that one or more of the prestressing wires had ruptured.  Further 

fatigue loading of this beam most likely would have lead to rupture of prestressing strands. 
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Figure 2.3. Load versus displacement hysteresis (from Larson, et al.2005) 

Beams 4 and 5 were flexurally strengthened with two layers of CFRP sheets: one layer 

wrapped 13 mm, and another layer wrapped 76 mm up the sides of the beam soffit.  Beam 4 

failed due to rupture of CFRP at a load 113 percent higher than the control beam.  Beam 5 

failed due to rupture of CFRP after 3 million cycles of fatigue loading, which was designed to 

simulate double the AASHTO specified allowable stress range in straight prestressing strands.  

The ultimate load of Beam 5 was 74 percent higher than the control beam, but significantly less 

than its twin girder tested monotonically to failure.  The authors admit that this girder might 

not have lasted much longer after 3 million cycles, as large amounts of residual deformation 

can be seen in the load versus displacement hysteretic response shown in Figure 2.3.  Some 

conclusions that Larson, et al. (2005) determined from their study are the following: 

1. CFRP strengthening of prestressed concrete T-beams can increase the ultimate 

capacity by up to 113 percent. 

2. Member ductility was enhanced by the addition of the CFRP strengthening system. 

3. The member stiffness from the cracking load up to yielding of the prestressing strands 

was much reduced due to fatigue loading.   

4. The magnitude of strain in the CFRP increased after flexural cracking due to their 

superior bond performance across cracks, relieving the stress range in the 

prestressing. 

 

Larson et al. (2004) presented a procedure for designing CFRP strengthening systems for 

prestressed concrete by limiting the stress range in the prestressing strands under levels 

prescribed in the AASHTO specification.  Their non-linear section analysis used a layer by 
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layer approach to determine the cracked section moment-curvature response, and designing 

the amount of CFRP to limit the stress range over a certain increase in service load value.  

They also presented a procedure to determine the width and spacing of their CFRP U-wraps 

based on a shear friction model in ACI 318 (1999).  The load deflection behavior determined 

from their analysis and from experimental results correlate well. 

2.11 Durability of FRP Systems 
FRP systems externally bonded or near surface mounted to concrete as a retrofit material may 

see significant effects due to environmental exposure.  As the FRP material is bonded to the 

concrete, the durability of the concrete at the bond line is important in determining the long-

term effectiveness of the strengthening or repair system.  Items that could effect the 

performance include moisture and humidity, high alkaline environments, elevated 

temperature, freeze-thaw cycles, creep and fatigue, UV exposure, and corrosion of internal 

reinforcement (ACI Committee 440, 2002). 

 

Grace and Singh (2004) showed in a comprehensive study of many parameters such as alkaline 

exposure, freeze-thaw cycling and fatigue cycling, that the most detrimental effect was from 

humidity exposure.  They observed a 33% reduction in strength of CFRP plates after 10,000 

hours of exposure to 100% humidity.  Very little effect was found due to repeated cycling, but 

they found that CFRP precured plates to be more susceptible to aggressive environmental 

conditions than CFRP wet lay-up sheets. 

2.12 Design Guidelines for Concrete Retrofitted with FRP 
Various code writing organizations around the world have proposed design guidelines for the 

repair or strengthening of concrete structures with FRP.  An overall review of the guidelines is 

presented here; specific details regarding the contents, especially design recommendations to 

prevent the various types of debonding, is presented in Part 2 of this dissertation. 

  

The American Concrete Institute released a document in 2002 concerning design and 

construction of externally bonded FRP systems for strengthening concrete structures (ACI 

Committee 440, 2002).  Many different aspects of using FRP are included, such as system 

installation guidelines, including various types of surface preparation techniques, inspection 
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and field evaluation procedures, as well as guidelines for the repair of minor damage observed 

after CFRP installation.  The document discussed fire endurance ratings, and strengthening 

limits to be used in design in the event of fire or vandalism.  They recommend that an 

environmental reduction factor (CE) be applied to the modulus of elasticity and the rupture 

strain of the FRP to account for environmental degradation over time.  Under sustained and 

cyclic load, the document recommends that CFRP materials be kept below a stress range of 55 

percent.  CFRP detailing concerns are also addressed in conjunction with FRP anchorage and 

lap splice recommendations.  Design examples are also given with procedures shown for 

calculating reduced FRP material properties and a complete FRP flexural and shear 

strengthening problem.  A revised version with a possible publication date in 2006 plans to 

include the strengthening of prestressed concrete with bonded or unbonded tendons. 

 

The Concrete Society (2004) of the United Kingdom has proposed design guidance for the 

strengthening of concrete structures with fiber composites.  A state of the art application 

review of various FRP installations throughout Europe and North America is first presented.  

Using numerous experimental studies, they propose safety factors to be applied to the FRP 

material properties to account for environmental degradation and misalignment of fibers.  The 

safety factors are applied to the rupture strain, elastic modulus, and tensile strength and have 

values which depend on the type of material used and the method of installation.   Flexural 

design follows from strain equilibrium and compatibility of the section.  The flexural design 

procedures for near surface mounted FRP reinforcement are similar for externally bonded 

FRP, with recommendations on anchorage design taken from Hassan and Rizkalla (2004).  

Under fatigue loading, a stress ratio of 80 percent is recommended as an upper limit for CFRP 

materials.  Installation procedures, quality control and guidelines on destructive and non-

destructive testing are presented. 

 

The Fédération Internationale du Béton (fib) (2001) has published guidelines on externally 

bonding FRP to reinforced concrete structures.  For FRP material properties, the guidelines 

provided safety factors to be employed for different types of material and applications to 

account for long term behavior.  The failure modes of flexurally strengthened members are 

described and guidance is given to prevent various debonding failures.  An entire chapter of the 
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document is devoted to detailing rules.  For flexural strengthening, the anchorage of externally 

bonded CFRP is their primary concern, with U-wrap transverse reinforcements or other 

mechanical anchorages recommended at the CFRP termination points. 

 

The Japan Society of Civil Engineers (2001) has proposed recommendations for the upgrade of 

concrete structures with continuous fiber sheets.  They propose material safety factors to be 

used for safety, reliability, and serviceability.  To prevent peeling of FRP sheets, the 

recommendation provided an equation to determine the maximum permissible stress in the 

sheets based on the interfacial fracture energy between the concrete and FRP as well as other 

material properties.  Guidance is also given regarding anchorage and splice design.  Detailed 

specifications are presented in order to experimentally determine various FRP material 

properties and degradation due to environmental effects. 

 

The Canadian Standards Association (2000) published a document for the design and 

construction of building components with FRP.  Although mainly concerned with the use of 

FRP materials in new constructions, the standard specifies basic design guidelines and 

requirements for the use of surface bonded FRP for concrete or masonry structures. 

 

Following closely from an earlier text (Oehlers et al.,  2004), Australian researchers have 

submitted a document for publication as the code standard for the retrofitting of reinforced 

concrete with FRP (Oehlers et al., 2006).  Specialized solely for the upgrading of beams and 

slabs, the document provides detailed guidance on various debonding mechanisms for 

adhesively bonded and mechanically anchored FRP and metal plates.  Following the US code 

(ACI Committee 440, 2002) the Australian standard specifies environmental reduction factors 

to be applied to the properties of the FRP material.  A flexural design approach that assumes 

full interaction between the FRP material and the concrete is a starting point for design. 

 

Ye et al. (2005) outline several provisions that are present in the Chinese design code for 

strengthening reinforced concrete structures with FRP.  Provisions for plate-end and 

intermediate crack debonding are presented in the following section. 
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The National Research Council of Italy (2004) has published a document on guidelines for FRP 

strengthening of reinforced concrete, prestressed concrete, and masonry structures.  The 

guideline specifies the various strengthening systems and provides acceptance criteria along 

with providing complete design guidelines for strengthening in flexure, shear and torsion.  

Provisions for plate-end debonding and IC debonding are summarized in the following section. 

 

The document AC125 from ICC Evaluation Service (2003) provides interim criteria for FRP 

systems to be used for reinforced concrete repair and strengthening, mainly as a provisional 

document to be used for acceptance by building code officials.  It provides design equations for 

the enhancement of axial force provided by FRP materials, as well as a value for maximum 

bond stress.   

2.13 Conclusions 
This section has provided a summary of the literature in the field of flexural FRP repair or 

strengthening of reinforced and prestressed concrete structures.  Various different topics were 

examined including background on the FRP system types, failure mechanisms, and history of 

FRP strengthening along with a critical review of FRP strengthening and repair of reinforced 

and prestressed concrete.  The fatigue behavior of such systems was also examined and 

overviews of the existing design guidelines for FRP repair/strengthening.  There are very few 

studies which have examined FRP strengthening for prestressed concrete structures, but the 

importance of several factors should be highlighted: 1) the fatigue stress range is an important 

consideration in the design of any FRP strengthening system, and 2) the existing state of strain 

on the beam soffit is important and should be considered in any design.  The bond behavior of 

the FRP repair/strengthening system is also very important, and this is discussed in detail in 

Part 2 of this dissertation. 
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CHAPTER 3: 

EXPERIMENTAL PROGRAM: STRENGTHENING  

This section presents the static and fatigue experimental program used to evaluate the 

performance of C-Channel girders strengthened with various CFRP systems.  A total of 

twenty-one prestressed concrete girders were tested under static and fatigue loading to 

determine the effectiveness and structural behavior of FRP strengthening systems.  A summary 

of the experimental program of the Strengthening Study is shown in Figure 3.1. 

 
Figure 3.1 Summary of experimental program for Strengthening Study 

This chapter will provide specifics related to the tested girders, design of the various 

strengthening systems, test setup, loading scheme, instrumentation, and detailed descriptions 

of the individual tests.  Constitutive material testing was performed on all the materials 

encountered, including material properties for the various CFRP systems, and these results are 

also included.  Test results are presented in Chapter 5.   
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3.1 Test Girders 

The C-Channel Bridge 

The C-Channel prestressed concrete girder is a superstructure member commonly used for 

short two-span bridges ranging in length from 12.2 to 18.4 m in rural areas of North Carolina, 

typically used to span small streams or estuaries.  Bridges using this type of girder were built 

between the late 1950’s to the mid 1970’s.  During erection, each precast C-Channel was 

delivered to the bridge site, along with the bridge cap beams (which were also precast).  The 

bridge was typically supported by a timber substructure.  Once the girders were in place side 

by side, they were post-tensioned transversely as shown in Figure 3.2.  All of the girders tested 

in this research project were interior girders, with no integral parapet walls connected to the 

deck.   

 
Figure 3.2 C-Channel Bridge Layout 

A total of twenty-one bridge girders were tested in this portion of the research program.  

Sixteen of the girders had a Type C1 prestressing configuration with ten 1723 MPa 

prestressing strands and most came from a decommissioned bridge erected in 1961 in Carteret 

County, NC.  The bridge was taken out of service and dismantled due to a deficient 

substructure supporting system.  The other five girders were Type C2 girders, prestressed 

with eight 1862 MPa strands and came from a decommissioned bridge in Washington County, 

NC.  The second bridge was also decommissioned due to a deficient substructure.  A typical C-
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Channel bridge is shown in Figure 3.3, including a 343 mm by 406 mm prestressed cap beam 

supported by timber piles. 

 
Figure 3.3 Typical C-channel bridge. 

Girder Reinforcing 

According to the North Carolina State Highway Commission Design Standards, the C-Channel 

type prestressed concrete bridge girder was prestressed by various prestressing strand 

configurations.  The configurations were used to accommodate the loads for either exterior or 

interior girders corresponding to spans of 6.1 m, 7.6 m or 9.14 m.  All of the girders tested 

had a length of 9.14 m, of which there were only two different prestressing configurations.  

The first sixteen girders tested had a Type C1 prestressing strand configuration using ten 1724 

MPa stress-relieved 7- wire prestressing strands.  The Type C1 configuration consisted of five 

strands in each web, three of which were inclined with a hold down point located at midspan.  

The bottom two strands were straight.  The last five C-Channels tested had a Type C2 strand 

configuration using eight 1862 MPa stress-relieved 7- wire prestressing strands.  The Type C2 

configuration consisted of four strands in each web, three of which were inclined with a hold 

down point located at midspan.  The two prestressing strand configurations are shown in 

Figure 3.4. 
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Figure 3.4 Cross section showing prestressing strand configurations 

Material testing was carried out on each type of prestressing steel strands encountered in the 

tested Type C1 and Type C2 girders.  Once testing of the girder was complete, two of the 

bottom prestressing strands were extracted near the supports.  Care was taken in removal of 

the strands to prevent any unraveling of the strands while cutting.   

 

The prestressing strands were tested in tension according to ASTM A416 specification using a 

979 kN MTS closed-loop universal testing machine used to apply a constant rate of 

displacement.  The prestressing strands were clamped into the MTS grips using two 11 mm 

multiple-use super chucks provided by Prestress Supply, Inc, Lakeland, Florida.  Displacement 

during the test was measured by a 51 mm extensometer placed at the middle of the gauge 

length.  The extensometer was removed prior to rupture of the strands, and the rupture strain 

was determined from the stroke of the MTS machine for four of the specimens.  Table 3.1 

shows the yield strength, ultimate strength, modulus of elasticity and rupture strain for the 

tested prestressing strands.   
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Table 3.1 Prestressing steel properties 

System 
Designation 

Yield 
Strength 
(MPa) 

Ultimate 
Strength (MPa) 

Rupture strain 
(%) 

Modulus of 
Elasticity (MPa) 

NSM1S strand 1 1461 1640  -- 199610 
EB3S strand 2 1399 1550  -- 199011 
NSM2S strand 3 1426 1578  -- 192720 
EB7F 1414 1833 9.50 199830 
CF2 strand 4 1426 2081 6.41 207306 
EB6F strand 5 1598 2005 3.24 208202 
EB5S strand 6 1571 2039 5.16 196517 
EB5S strand 7 1571 2039 5.31 196517 

 

The Ramberg-Osgood function (Collins and Mitchell 1991) was used to match the stress versus 
strain behavior of the prestressing strands. 
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Where fp is the prestressing strand stress,  Ep is the modulus of elasticity of the prestressing 

strand, εps is the strain in the prestressing strand, and A, B and C are material constants.  A, B 

and C can be determined from the stress-strain relationships generated from the tension tests.  

For the Type C1 girders with 1724 MPa strands, the average values for A, B and C were 

0.025, 138.7 and 6 respectively.  For the Type C2 girders with 1862 MPa strands the average 

values for A, B and C were calculated to be 0.017, 106.0 and 7. 

 

The thickness of the deck (or flange) of the C-Channel girders was 127 mm.  Shear keys were 

provided on both ends of the deck to achieve continuity between the girders after transverse 

post-tensioning.  The deck was reinforced with regular reinforcing: D10 bars at 180 mm in the 

longitudinal direction and D12 bars at 330 mm in the transverse direction.  Two D12 bars at 

330 mm were used as stirrups.  Two regular reinforcing bars were extracted from girder 

NSM1S and were tested using the MTS machine described earlier.  Material properties 

measured during the tension tests are given in Table 3.2. 
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Table 3.2 Properties of regular reinforcing 

Material Property Bar 1 Bar 2 

Yield Strength (MPa) 358 358 
Ult. Strength (MPa) 537 517 
Modulus of Elasticity (MPa) 204495  

Concrete 

The nominal concrete strength specified for the C-Channel prestressed concrete girders was 

34.5 MPa at 28 days, and the specified concrete strength at transfer of prestressing force was 

27.6 MPa.  During the design stage for strengthening of these girders, as described in the next 

section, the concrete compressive strength was estimated using the following equation which 

accounts for the strength increases due to aging.  (MacGregor 1997). 

 ( ) ( ) ( )
' ' 28

4 0.85c c
tf t f

t
⎡ ⎤

= ⎢ ⎥
+⎢ ⎥⎣ ⎦

 (3.2) 

where 'cf is the concrete compressive strength as a function of time and t is time in days.  

Three concrete core samples were obtained from most of the tested girders with the exception 

of one girder (CF2).  These cores were taken by qualified NCDOT personnel, and tested in 

compliance with ASTM C42 specification in a Forney type compression testing machine. By 

inspection, it was observed that the concrete had river rock type aggregate varying in diameter 

from approximately 13 mm to 25 mm.  Due to the difficulty in obtaining a typical sized sample 

of 203 mm long, the cores were drilled in the deck where a core of 127 mm in length was 

obtained as shown in Figure 3.5.  The appropriate correction factor from ASTM C42 was then 

applied to obtain the compressive strength of each core sample.  Results of the compression 

tests are given in Table 3.3.  Based on these results, the average concrete strength was 64.5 

MPa and 50.9 MPa for the Type C1 and Type C2 girders respectively. 
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Figure 3.5 Concrete core drilling operation for C-Channel girders 

Table 3.3 Results from concrete compression tests 
Compressive Strength (MPa) 

Girder Type Girder 
Designation Core 1 Core 2 Core 3 Mean 

CS 80.6 68.4 72.7 73.9 
CF1 56.1 53.0 58.5 55.8 
NSM1S 67.2 65.6 67.1 66.6 
NSM1F 19.9 66.5 73.3 69.9 
NSM2S 51.4 46.7 45.8 47.9 
NSM2F 66.7 65.0 72.5 68.0 
EB1S 62.7 60.3 61.0 61.3 
EB1F 69.1 71.5 80.4 73.7 
EB2S 51.4 50.7 50.8 51.0 
EB3S 59.2 54.1 59.2 57.5 
EB4S 71.8 66.6 65.0 67.8 
EB4F 71.8 83.6 84.2 79.9 
EB7S 42.3 45.7 43.6 43.9 
EB7F 51.0 49.5 51.4 50.6 
SRP1S 45.7 51.0 44.0 46.9 

Type C1 

SRP1F 52.5 56.0 61.1 56.6 
CF2  --   

EB5F 51.6 48.4 47.1 49.0 
EB6S 44.1 39.4 54.6 46.0 

Type C2 

EB6F 50.2 57.8 51.5 53.2 
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Carbon Fiber Reinforced Polymer (CFRP) Materials 

One of the materials used for flexural strengthening of the C-Channel girders, the main point 

of interest in this thesis, was Carbon Fiber Reinforced Polymer (CFRP) materials.  As 

mentioned earlier, the use of CFRPs in the built environment is gaining popularity in the 

United States, mainly because of its high strength to weight ratio, non-corrosive properties, 

and ease of installation.  Three types of CFRP systems were used in this research: externally 

bonded wet lay-up type systems, externally bonded pre-cured laminates, and near surface 

mounted (NSM) systems.  Explanation of each of the system types, as well as details of the 

installation process is presented in Appendix A in conjunction with the design guidelines.  The 

shape, type and amount of CFRP applied to the soffits of the C-Channel girder are shown in 

Figure 3.6.  The strengthening systems NSM1 and NSM2 consisted of one CFRP bar or two 

CFRP strips placed in near surface mounted grooves in each soffit.  Strengthening system EB1, 

consisted of one CFRP laminate per soffit.  System EB3 consisted of two high modulus CFRP 

laminates per soffit.  Systems EB2, EB4, EB5, EB6 and EB7 consisted of various configurations 

of either normal or high modulus CFRP wet lay-up sheets.  System SRP consisted of two layers 

of steel reinforced polymer material.  Design of the CFRP systems is discussed in the next 

section. 

 

 

 



Part 1: Repair/Strengthening  ▐   Chapter 3. Experimental Program - Strengthening 

45 

 

 
Figure 3.6 C-Channel strengthening configurations 

Each type of CFRP material used in this research was tested to determine their characteristics 

including their tensile strength, elastic modulus, and rupture strain according to ASTM D3039 

specification with the exception of CFRP bars manufactured by Hughes Brothers, where data 

was provided by the manufacturer.  Descriptions of the various CFRP systems, along with 

their manufacturers, are shown in Table 3.4.  The material samples for the wet lay-up CFRP 

sheets were taken from witness panels created at the time of strengthening and kept at the 

same location as the girders during the curing process.  All samples were bonded to aluminum 



Part 1: Repair/Strengthening  ▐   Chapter 3. Experimental Program - Strengthening 

46 

tabs using Wabo MBrace© Saturant.  The width of the CFRP samples varied from 25 mm to 

50 mm and the gauge length was kept constant at 152 mm.   

 

The prepared specimens were tested using the MTS machine described earlier.  The strain of 

the CFRP was measured using a 6 mm TML FLA-6-11 120 Ω electric resistance strain gauge 

placed at the center of the width and gauge length of the specimen.  Two distinct modes of 

failure were observed during the tension testing.  The first behavior was characterized by 

sudden and brittle rupture of the fibers through the CFRP matrix as shown in Figure 3.6.  The 

second possible mode of failure was less violent and rupture occurred through the cross section 

as shown in Figure 3.7.  In general, failure of the pre-cured laminate strips was according to 

the first mode, while the wet lay-up laminates failed according to the second mode.  This 

behavior is due to the fiber volume fraction in the pre-cured laminates which is significantly 

greater than the wet lay-up sheets.  The only exception was the high modulus pre-cured 

laminates, which failed due to a smooth rupture through the cross section.  If the rupture of 

the CFRP occurred in the vicinity of the aluminum grips the test was not included.  Test 

results for all the CFRP tension tests are given in Table 3.4. 

 
Figure 3.7 Typical pre-cured (left) and wet lay-up (right) specimens after tension testing 
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Table 3.4 Tension test results – C-Channels 

System 
Designation 

Epoxy 
Girders 

Strengthened 
Thickness 

(mm) 

Tensile 
Strength 
(MPa) 

Modulus of 
Elasticity 

(GPa) 

Ult 
Strain 
(%) 

EB1S, EB1F 1.27 2758 160 1.73 Sika CarboDur 
pre-cured 
laminate 

SikaDur 
30 Manufacturer 1.27 2799 164 1.69 

NSM2S, 
NSM2F 2.54 2130 115 1.85 Hughes 

Brothers Aslan 
500 CFRP tape 

SikaDur 
30 

Manufacturer 2.03 2068 131 1.70 
EB3S 1.52 1000 403 0.25 Mitsubishi pre-

cured laminate 
K63712 

SikaDur 
30 Manufacturer 1.02 1517 372 0.41 

EB2S 1.52 669 50 1.38 
VSL C-200 wet 
lay-up sheets 

VSL 
Type 1 

& 2 
resins 

Manufacturer 1.02 724 65 1.00 

EB4S, EB4F 2.29 338 46 0.83 Fyfe SCH-41 
wet lay-up 
sheets 

Tyfo 
Type S 
epoxy Manufacturer 1.02 986 96 1.00 

EB5S, EB5F 2.29 600 45 1.40 VSL C-200 wet 
lay-up sheets 

MBrace 
system Manufacturer 1.02 724 65 1.00 

EB6S, EB6F 2.03 138 76 0.20 Mitsubishi wet 
lay-up sheets 
F637400 

MBrace 
system Manufacturer 1.02 393 132 0.30 

EB7S, EB7F 1.17 611 64.9 1.02 
Hexcel 

Sika 
Hex 306 Manufacturer 1.00 700.0 70.0 1.00 

SRPS, SRPF 1.93 419 46.8 1.55 
Hardwire Fox Ind. 

Manufacturer 1.19 1069 71.6 1.50 

Steel Reinforced Polymer (SRP) Material 

In addition to the CFRP materials tested as part of this research, an additional type of 

strengthening system was examined consisting of high strength steel fibers embedded in an 

epoxy matrix, commonly called steel reinforced polymer (SRP) material.  The SRP material 

was tension tested in the same manner as the CFRP strengthening systems and the results are 

provided in Table 3.4. 

3.2 Design of Strengthened Girders 
The design of the strengthened girders proceeded after testing the control girder.  Results of 

the static test on the Type C1 girder were assumed as the base for the design of the 

strengthened girders.  Several different levels of strengthening were examined, the design 

criteria being to achieve a 20,30, 40 or 60 percent increase in the ultimate load carrying 
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capacity with respect to the control girder.  The design of each strengthened girder was 

expedited through the use of a cracked section analysis program, Response 2000© (Bentz 2000) 

discussed in Chapter 5.  The base curve of the concrete compression model used in the cracked 

section analysis program was the Popovics curve, compression softening was determined using 

the Vecchio-Collins model and the tension stiffening was determined from the Bentz model 

(Bentz 2000).  In the preliminary design, the compressive strength of the concrete used was 

41.4 MPa and was based on the compressive strength specified in the original NCDOT 

drawings modified according to Equation 3.2 to account for the age of concrete at the time of 

testing.  The prestressing strands were all assumed to be 1724 MPa for Type C1 prestressing 

configuration modeled using the Ramberg-Osgood equation with 0.030, 121 and 6 for the 

coefficients A, B, and C respectively.  The CFRP systems used in the design were modeled as 

linear elastic up to failure using material properties provided by the manufacturer.  The 

material properties used in the design of the high modulus CFRP sheets were based on 

extensive prior material testing (Schnerch 2005).  Discrepancies between the manufacturer’s 

material properties and the measured properties determined at a later stage due to material 

testing lead to premature failures in two of the specimens tested under static loading, EB2S and 

EB3S. 

 

Flexural failure, defined as rupture of the FRP or crushing of the concrete in compression, was 

the desired mode of failure.  It was recognized that externally bonded systems are more prone 

to debonding failures than near surface mounted systems.  According to Malek et al. (1998) 

shear stresses developed at the FRP cut-off point for the externally bonded systems were 

significantly lower than the shear strength of the concrete.  Therefore, plate-end debonding is 

not expected to occur and is not of great concern.  To delay FRP delamination-type failures 

along the length of the girder, 150 mm wide U-wraps were installed at 915 mm spacing for all 

externally bonded strengthened girders.  This arrangement was selected to simulate typical 

anchorage details commonly used by the construction industry for reinforced concrete 

members strengthened with FRP.  As mentioned, several levels of strengthening were 

examined: 20, 30, 40 and 60 percent.  The six girders designed to achieve a 20 percent 

increase in ultimate capacity were NSM1, NSM2, EB1, EB2 and EB3 and EB6.  One girder, 

EB5, was designed to achieve a 40 percent increase and girder EB 4 was designed to achieve a 
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60 percent increase.  Girders strengthened with system EB7 and SRP were strengthened to 

achieve a 30 percent increase in capacity.  The desired level of strengthening was achieved four 

girders: NSM1, NSM2, EB1 and EB4.  The desired level of strengthening was not achieved for 

girders EB2, EB3 and EB5 due to discrepancies in the material properties provided by the 

manufacturer.  Girder EB6 achieved a much higher level of strengthening than anticipated as 

discussed in detail in the following section. 

3.3 Static Tests 
This section discusses the behavior of eleven of the twenty one C-Channel girders tested 

statically to failure.  The remaining eight girders were tested under fatigue loading conditions 

and the results will be presented in the next section. 

Test Setup, Procedure and Instrumentation 

All girders were tested using a 490 kN MTS hydraulic actuator, with the exception of girder 

CS which was tested using a 2000 kN MTS hydraulic actuator.  The actuator was mounted to a 

steel frame placed at the midspan of the girder.  To simulate field loading conditions, a set of 

truck tires filled with silicon rubber were used as a contact surface while applying the load for 

the Type C1 girders.  The footprint of the two tires was approximately 150 mm by 250 mm, 

the same area as the design loading area specified by AASHTO (AASHTO 2004).  The Type 

C2 girders were loaded with a steel plate having the same size as the AASHTO specified design 

loading area.  Typical C-Channel prestressed concrete bridges constructed in the early 1960s 

usually have a substructure of wooden piles that is difficult to mimic in the laboratory.  

However, in order to simulate small displacements at the supports, the girder was supported at 

both ends on a 64 mm thick neoprene pad which in turn rested on a 25 mm steel plate. 

Hydrostone was used at the supports for leveling purposes. The width of the neoprene pad was 

216 mm which provided a clear span of 8710 mm for each tested girder.   

 

The displacement behavior of the girders during testing was monitored using three sets of 

string potentiometers, placed at quarter spans, and two linear potentiometers to measure 

vertical displacement over the supports.  The compressive strain in the concrete was measured 

using a combination of PI gauges (a strain gauge mounted to a spring plate) and two 60 mm 

TML FLA-60-11 120 Ω electric resistance strain gauges located at midspan. PI gauges were 
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also placed at various locations at the level of the lowest prestressing strand to measure the 

crack width and to determine the strain profile along the depth of the girder. The tensile strain 

in the CFRP reinforcement was measured using six 6 mm TML FLA-6-11 120 Ω electric 

resistance strain gauges: two at midspan, two at 150 mm from midspan and two at 305 mm 

from midspan.  Additional tensile strain gauges were provided for the girders tested as part of 

the bond study, and these are discussed in the next part of this dissertation.  Figure 3.8 shows a 

typical test setup for the C-Channel girders under static loading conditions. 

 

 
Figure 3.8 Typical test setup for C-Channel girders tested under static loading conditions  

The loading sequence of the girders began by increasing the applied load up to a load level 

slightly higher than the cracking load.  The girder was then unloaded, and reloaded again at a 

rate of 2.5 mm/min up to the load level equivalent to yielding of the prestressing strands.  

This loading sequence was selected to determine the effective prestressing force in the girders 

by observing the re-opening of the flexural cracks.  For the given measured load at reopening 
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of the flexural crack at midspan, roP , the average effective prestressing force, effP , can be 

determined according to the following equation: 

 0
4

eff i effroD

b b c b

nP d PL PM
S S A S

⋅⋅
= + − −

⋅ ∑  (3.3) 

where DM  is the moment due to the dead load, bS  is the bottom section modulus, L  is the 

span, cA  is the area of the concrete section, n  is the number of prestressing strands, and 

id are the locations of the different layers, i , of prestressing strand measured from the neutral 

axis of the section. 

 

When the girders were loaded beyond yielding of the prestressing strands, the rate of the 

applied load was increased to 5 mm/min up to failure.  The average prestress force for Type 

C1 and Type C2 girders was 69.2 kN and 81.6 kN respectively.  Details of the various 

strengthening systems and material properties are summarized in Table 3.5 and 3.6. 

Table 3.5 Details of the strengthened girders 
Specimen Designation NSM1 NSM2 EB1 EB2 EB3 

Date of testing 3/04S 
5/04F 

3/04S 
4/04F 

3/04S 
4/04F 

4/04 5/04 

Date of strengthening - 2/04 2/04 2/04 2/04 

Prestressing Configuration Type 
C1 

Type 
C1 

Type 
C1 

Type 
C1 

Type 
C1 

Strengthening technique NSM 
bars 

NSM 
strips 

EB 
strips 

EB 
sheets 

EB 
strips 

FRP details 1 bar / 
web 

2 strips 
/ web 

1 strip / 
web 

2.5 
plies / 
web 

2 strips 
/ web 

FRP shape 
dia 

=9.14 
mm 

strips 
are 2 x 
16 mm 

strips 
are 

1.27 x 
102 
mm 

sheets 
are 

1.27 x 
51 mm 

strips 
are 

1.52 x 
51 mm 

Groove size 
0.75 x 
0.75 in 

0.75 x 
0.75 in 

- - - 

AFRP, mm2 130 130 119 366 289 

EFRP MPa (matl testing) 124106 115370 160462 50490 402798 

fuFRP, MPa (matl testing) 2068 2130 2758 669 1000 

f ′c, MPa* 68.3 57.9 67.6 51.0 57.9 
* this is the average of the girder tests performed for the specified type of strengthening 
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Table 3.6 Details of the strengthened girders (continued) 
Specimen 
Designation 

EB4 EB5 EB6 EB7 SRP 

Date of testing 6/04 
S&F 

3/05S 
4/05F 

3/05S 
5/05F 

1/06S 
3/06F 

4/06S 
5/06F 

Date of 
strengthening 

4/04 3/05 3/05 12/05 2/06 

Prestressing 
Configuration 

Type 
C1 

Type 
C2 

Type 
C2 

Type 
C1 

Type 
C1 

Strengthening 
technique 

EB 
sheets 

EB 
sheets 

EB 
sheets 

EB 
Sheets 

EB SRP 

FRP details 4 plies / 
web 

3 plies / 
web 

5 plies / 
web 

2 plies 
per web 

1 ply 
per web 

FRP shape 

sheets 
are 

2.29 x 
102 
mm 

sheets 
are 1.0 
x 102 
mm 

sheets 
are 1 x 

127 
mm 

sheets 
are 1 x 

127 
mm 

SRP is 
1.19 x 
152 
mm 

Groove size - - - - - 
AFRP, mm2 1961 619 1290 508 362 
EFRP MPa (matl 
testing) 46491 45092 75580 64900 46800 

fuFRP, MPa (matl 
testing) 

338 600 138 611 419 

f ′c, MPa* 73.8 46.2 53.1 47.3 51.8 
* this is the average of the girder tests performed for the specified type of strengthening 

Control Girder 

No visible flexural cracks were observed in the control girder (girder CS) upon delivery to the 

laboratory.  There was only one shear crack located near the support that extended with 

approximately a 45 degree angle from the edge of the support to the deck.  The measured 

camber of all the girders with Type C1 prestressing configuration was 32 mm.   

The girder was loaded statically up to failure.  The effective prestress force was determined 

from the cracking load for this girder, which occurred at a load of 55.8 kN.  After cracking, 

flexural cracks were evenly distributed along the length of the girder and located 

approximately at the location of mild steel stirrups. Yielding of the lower prestressing strands 

took place at a load level of 115 kN according to readings of the PI gauges. Failure occurred 

due to crushing of concrete at a load level of 148 kN at an ultimate deflection of 228 mm as 

shown in Figure 3.9.  Due to the confining effect induced by the loading tires, crushing of the 

concrete occurred first at the edge of the girder at midspan before it extended underneath the 

loading area.   
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Figure 3.9 Failure due to concrete crushing of girder CS 

NSM Strengthened Girders 

Behavior of the two girders, NSM1S and NSM2S, strengthened with a NSM system using 

either FRP bars or strips respectively, was similar during testing including the failure modes.   

No cracks were observed in either girder at the time of delivery.  Flexural cracking was 

observed at a load level of 55 kN for both girders.  The initial stiffness of both girders was 

similar to that of the control girder, as was the post-cracking stiffness. After yielding of the 

prestressing strands, the presence of the CFRP reinforcement constrained opening of the 

cracks and consequently reduced the midspan deflection compared to the control girder. At 

this loading stage, the stiffness of girders NSM1 and NSM2 were almost double that of the 

control girder.  The mild steel stirrups again acted as crack initiators, but other cracks between 

the stirrups were also observed. Failure of both girders strengthened with NSM CFRP 

reinforcement was due to crushing of the concrete at the extreme compression zone followed 

by debonding of the NSM CFRP reinforcement at a load of 181 kN for the NSM bars and 180 

kN for the NSM strips as shown in Figure 3.10. Since the ultimate strain in the concrete 

controlled the failure mode of both girders, the curvature and consequently the deflection at 
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ultimate were similar. The measured compressive strain of the concrete at ultimate was 

0.0035 mm/mm for both girders.  The measured ultimate crack width at midspan was 0.17 

mm for NSM2S and 0.18 mm for NSM2S.  Test results showed that strengthening of the 

prestressed girders using NSM CFRP bars and strips increased the ultimate load carrying 

capacity of the girder by 22.9 and 22.6 percent respectively compared to the control girder. 

The manufacturer’s reported rupture strain and the rupture strain measured during tension 

tests performed on the CFRP bars and strips were very similar (see Table 3.4).  During the 

test, the maximum recorded tensile strain in the CFRP bars and strips at concrete crushing 

failure was 81 percent and 87 percent respectively of the ultimate strain reported by the 

manufacturer.   

 
Figure 3.10 Failure due to concrete crushing of NSM1 

Externally Bonded CFRP Strengthened Type C1 Girders 

Four girders with a Type C1 prestressing configuration were strengthened with externally 

bonded CFRP systems.  No flexural or shear cracking was noticed in the girders at the time of 

delivery to the laboratory.  The behavior of the prestressed concrete girder strengthened with 

externally bonded CFRP strips (EB1S) matched that of the NSM strengthened girders before 
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and after cracking. Flexural cracking at midspan was observed at a load level of 57 kN.  With a 

similar value of FRP stiffness compared to the NSM strengthened girders (see Table 3.5), the 

cracking pattern and average crack width at midspan was also similar.  Failure occurred due to 

intermediate crack (IC) debonding of the CFRP strip at a load level of 176 kN as shown in 

Figure 3.11.    The majority of the debonding occurred within the concrete substrate, although 

in several places debonding was noticed within the CFRP strip (interlaminate debonding).   

The maximum recorded strain in the CFRP prior to debonding was 72 percent of the rupture 

strain measured using tension coupon tests.  Compared to the control girder, EB1S achieved an 

increase in the ultimate load carrying capacity of 19 percent.  The intermediate crack 

debonding was delayed by the presence of the externally bonded U-wraps spaced at 3 ft (914 

mm) along the girder.  The local and global behavior of this girder is discussed in greater detail 

in the next part of this dissertation: Bond Behavior. 

 
Figure 3.11 Failure due to intermediate crack debonding in girder EB1S 

For the girder strengthened with 2.5 plies of externally bonded sheets (EB2S) to achieve a 20 

percent increase in the ultimate capacity, behavior was similar to that of girder EB1S up to 

failure which occurred due to rupture of the CFRP sheets at midspan at a load of 163 kN; an 
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increase of 10 percent compared to the measured ultimate load of the control girder.  The 

maximum recorded tensile strain in the CFRP sheets was 1.29 percent, similar to results 

obtained from the tension coupon tests. It should be mentioned that the design of the girder 

was performed using the dry fiber properties provided by the manufacturer at an ultimate 

strain of 1.7 percent. Therefore, the desired percent increase in ultimate capacity was not 

achieved. According to ACI 440F Section 14.1, the stiffness and strength per unit width 

calculated using the dry or the laminate properties should be identical.  Table 3.7 shows the 

stiffness and strength per unit width calculated using the dry and laminate properties specified 

by the manufacturer along with results obtained from the tension coupon tests.  There was 

considerable discrepancy in the stiffness and strength per unit width between the dry and 

laminate properties given by the manufacturer.  The results from the tension coupon tests 

showed that the measured values of stiffness and strength per unit width of the CFRP sheets 

lied between the calculated values using the dry fiber and laminate properties as reported by 

the manufacturer. Therefore, in the absence of experimental data, design of externally bonded 

FRP sheets should be based on the laminate properties. 

Table 3.7 Comparison between dry fiber and laminate properties for girder EB2S 

 Stiffness per unit width 
(MPa/layer) 

Strength per mm width 
(kN/layer) 

Dry Fiber Properties* 2.96 31.8 
Laminate Properties* 2.59 18.7 

From Material Testing 2.81 24.5 
*specified from manufacturer 

The girder strengthened with externally bonded high modulus CFRP strips (EB3S) to achieve a 

20 percent increase in ultimate capacity, demonstrated 11 percent higher initial stiffness 

compared to the control girder.  Flexural cracking of this girder occurred at an applied load of 

67 kN.  Post-cracking stiffness was also higher than that of the control girder, yet the girder 

failed due to rupture of the CFRP strips at a load of 103.7 kN immediately after yielding of the 

prestressing strands.  Figure 3.12 shows the girder after rupture of the laminate.  The 

maximum measured strain observed in the high modulus CFRP strips at failure was only 0.17 

percent, which is 41 percent of the specified manufacturer’s rupture strain and 74 percent of 

the rupture strain measured from the tension coupon tests of the same material. It is believed 

that the early rupture of the high modulus CFRP strips was due to the presence of flaws in the 
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manufacturing process of this relatively new material as reported by the manufacturer.  After 

rupture of the CFRP strips, the test was continued until concrete crushing occurred at a load of 

129 kN.  The lower level of maximum measured load in comparison to the control girder 

could be due to the sudden failure of the CFRP material imparting an impact load on the 

girder. 

 
Figure 3.12 Rupture of high modulus CFRP strips in girder EB3S 

The fourth girder strengthened with an externally bonded system (EB4S) was designed to 

achieve an increase of 60 percent in the ultimate load carrying capacity compared with the 

control girder.  The girder was designed using the laminate properties as provided by the 

manufacturer. The initial stiffness of this girder was similar to that of the control. Flexural 

cracking occurred at a load of 57.6 kN.  Failure was due to rupture of CFRP sheets at a load of 

236 kN providing an increase of 60 percent over the ultimate load of the control girder. 

Rupture of the CFRP sheets was observed just outside the location of the U-wrap and occurred 

throughout the four layers at the same location as shown in Figure 3.13.  No debonding was 

noticed before rupture of the CFRP sheets. 
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Figure 3.13 Failure due to rupture of CFRP sheets in girder EB4 

A Type C1 C-Channel girder (EB7S) was strengthened to achieve a 30 percent increase in 

ultimate load carrying capacity using two 127 mm CFRP wet lay-up sheets per web.  This 

girder was tested under static loading conditions in January 2006.  There were several 

purposes of testing this girder (and an identical girder under fatigue loading conditions): 1) to 

verify design procedures which have been developed as part of this research, 2) to test an 

additional CFRP strengthening system, and 3) to perform a cost-effectiveness analysis with one 

more contractor.  The observed cracking load of the girder was 59.2 kN.  Due to the 

unloading sequence, the effective prestress force was determined to be 73.2 kN.  .  There was 

a greater distribution of cracks at failure, and smaller crack widths than was present in the 

static test of the control girder (CS).  The failure was due to concrete crushing at a load of 

192.3 kN, which represents a 30.2 percent increase in ultimate capacity over the control 

girder.   
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Externally Bonded CFRP Strengthened Type C2 Girders 

Two girders with a Type C2 prestressing configuration were tested under static loading 

conditions.  Girder EB5S was strengthened with 3 layers of externally bonded CFRP sheets to 

achieve a 40 percent increase in ultimate strength, and girder EB6S was strengthened with 5 

layers of externally bonded high modulus CFRP sheets to achieve a 20 percent increase in 

ultimate strength.  Both girders were in good uncracked condition at time of delivery.  The 

camber due to prestressing of all Type C2 girders was 32 mm.  The strengthening for both 

girders was designed assuming a Type C1 prestressing configuration as explained earlier.  No 

control girder with a Type C2 prestressing configuration was tested under static loading 

conditions.  However, a control girder with the Type C2 pattern was tested under fatigue 

loading conditions (CF2).  This girder, as will be explained in the next section, had very little 

degradation due to the cyclic loading at 2 million cycles.  Therefore, the best estimate of a 

control girder with the Type C2 prestressing pattern is the final static test of this girder tested 

under fatigue loading.  The prestressing strand configuration was not known at the time of 

testing of girders EB5S or EB6S.  When the tests began and the applied load reached a level of 

72.9 kN and no flexural cracking was visible, it was decided to unload the girder instead of 

increasing the load to a point where the cracking load could be determined from visual 

inspection.  As a result of this, the cracking loads for EB5S and for EB6S were determined 

based on changing of the stiffness measured by PI gauge readings at midspan. 

 

Flexural cracking of girder EB5S occurred at a load of 61.8 kN.  At a load of 200.2 kN, the 

applied load suddenly dropped to zero as a result of operator error.  The residual displacement 

at zero load was 12.7 mm.  The girder was subsequently reloaded, and at an applied load of 

200 kN very little change in stiffness could be noticed in comparison to the first cycle of 

loading.  After this reloading occurred, interfacial debonding was initiated at the location of the 

flexural cracks at midspan spread to cause intermediate crack (IC) debonding between the U-

wraps located on either side of midspan.  The debonding did not cause failure, but occurred 

due to crushing of the concrete at a load of 246.0 kN as shown in Figure 3.14.  The energy 

released upon crushing of concrete led to peeling of the U-wraps from the webs of the girder, 

but did not cause the CFRP to rupture.  Girder EB5S achieved an increase of strength of 72.8 

percent in comparison to the ultimate strength measured during the final static test of the Type 
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C2 girder tested in fatigue (CF2).  The measured performance of the girder exceeded the 

design values due to a high rupture strain measured in the CFRP during the test, which was 

18.8 percent higher than the value reported by the manufacturer. 

 
Figure 3.14 Failure of girder EB5S due to concrete crushing 

Flexural cracking of girder EB6S strengthened with high modulus CFRP sheets occurred at a 

load of 63.6 kN.  At a load of 149.9 kN failure occurred due to rupture of the CFRP sheets at 

midspan, which provides an increase of only 5.3 percent in comparison to girder CF2 during 

the final static test.  A typical CFRP sheet rupture is shown in Figure 3.15.  The tensile strain 

in the CFRP achieved during this test was 13.3 percent lower than the value reported by the 

manufacturer.  After rupture of the CFRP, the test was continued until ultimate failure 

occurred due to a combination of progressive CFRP rupture and concrete crushing close to the 

values of ultimate load and displacement of the control girder. 
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Figure 3.15 Rupture of high modulus CFRP sheets at midspan in girder EB6S 

Externally Bonded SRP Strengthened Type C1 Girder 

A Type C1 prestressed concrete girder strengthened with steel reinforced polymer (SRP) 

material was tested under static loading conditions (SRPS).  The girder was strengthened to 

achieve a 30 percent increase in ultimate capacity.  The girder was delivered to the laboratory 

in good condition with no visible flexural cracking.  In the deck at midspan, there was a 178 

mm diameter hole cut in the concrete.  Using techniques described in the AASHTO repair 

experimental program, the hole was filled in with high strength polymer-modified repair 

mortar with 13 mm round aggregates.   

 

During the initial loading cycle, the observed cracking load was 58.7 kN and the observed 

crack re-opening load was 37.8 kN, which corresponds to an effective prestress force of 69.4 

kN per strand.  Failure was due to crushing of the concrete followed by debonding of SRP 

material at midspan at a load of 217.1 kN as shown in Figure 3.16, an increase of 46.5 percent 

compared to girder CS.  Immediately after concrete crushing, a large shear crack propagated at 
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a 45 degree angle from a flexural crack near midspan to the compression zone causing 

catastrophic failure. 

 
Figure 3.16 Concrete crushing failure of girder SRPS 

3.4 Fatigue Tests 
Ten C-Channel girders were tested under cyclic load: seven girders with Type C1 prestressing 

strand configuration and three girders with Type C2 prestressing configuration.  This section 

will provide details and descriptions of the individual tests.  Full test results are discussed in the 

next Chapter. 

Test Setup, Procedure and Instrumentation 

The test setup and instrumentation for the girders tested under fatigue loading conditions was 

similar to that of the girders tested under static loading conditions with the following 

exceptions: 1) a 254 mm by 508 mm by 25 mm loading plate was used in lieu of the loading 

tires to ensure adequate stability during the cyclic loading, and 2) two 152 mm linear 

potentiometers were placed at midspan to measure displacement instead of string 

potentiometers due to their superior performance in fatigue.  After completion of the fatigue 
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loading, string potentiometers were used for the final static test. The initial applied loading for 

the girders tested in fatigue was also identical to that of the girders tested statically to failure: 

the girder was loaded up a load equal to the cracking load, unloaded and reloaded in order to 

determine the effective prestressing force in the girder.  The range of typical frequencies used 

for fatigue loading of concrete structures is 2 Hz to 5 Hz.  Due to the large scale of the C-

Channel girders, they were loaded at a frequency of 2 Hz. 

Fatigue Load Determination 

The fatigue load range used for testing the C-Channel girders was designed to simulate typical 

loading of an actual bridge under service loading conditions.  The range varies from a 

minimum load equivalent to the dead load and a maximum equivalent to the dead load plus the 

live load.  For the tested C-Channel girders, the minimum load, in addition to the girder’s 

own weight, included a load producing a moment equivalent to the moment due to an asphalt 

wearing surface typically used for these types of bridges.  Assuming a wearing surface thickness 

of 102 mm and density of 23.56 kN/m3, the dead load was calculated as 1.86 kN/m, which 

corresponds to a midspan moment of 19.46 kN-m.  Thus, the minimum concentrated load at 

midspan was calculated to be 8.51 kN.  A value of 8.9 kN was used. 

 

The maximum load was determined based on a truck configuration specified by AASHTO HS-

15 type loading depicted in Figure 3.17.  The axle load of 106.8 kN was multiplied by the 

impact factor and the distribution factor according to AASHTO specifications (2004).  The 

impact factor used was 1.33 as specified by AASHTO Article 3.6.2.1.  The load distribution 

factor was determined from Table 4.6.2.2.2b-1 of the AASHTO specifications.  Based on a 

two lane bridge 9.14 m wide supported by twelve C-Channel girders, the distribution factor 

used was 0.24.   
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Figure 3.17 AASHTO Design Truck 

Applying the appropriate factors to the middle and rear axle loads can be determined as: 

(Axle Load)(Impact Factor)(Distribution Factor)=(106.8)(1.33)(0.24)=34.1 kN.  When the 

design axle loads were applied as moving truck loads along the girder span of 9.14 m, the 

maximum moment occurred when the middle axle was at a distance of 3.50 m from the right 

support and the rear axle was at a distance of 7.77 m from the right support.  The analysis 

indicates that the front axle of the truck would be acting on an adjacent span.  Based on the 

maximum moment induced by the truck loading, the equivalent concentrated load at midspan 

was determined to be 40 kN as shown in Figure 3.18. 
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Figure 3.18 Shear and moment diagram for moving AASHTO axle loads 

In June 2005 a more clear copy of the 40 year old Standard Specification for C-Channel 

Girders (the original design document) was obtained.  It was noticed that the HS-15 type 

loading was specified only for girder spans of 6.10 m or 7.62 m.  For girders with a 9.14 m 

span, HS-13 type loading was the specified design loading.  Applying the impact, distribution, 

and moment correction factors discussed above to the HS-13 loading, the equivalent 

concentrated load simulating the live load is 34.7 kN which is 13.3 percent less than the HS-15 

type loading originally used. 

Control Girders 

Two girders were tested as control specimens.  The first was prestressed with a Type C1 

prestressing configuration (CF1) and the second was prestressed by a Type C2 configuration 

(CF2).  At the initial stage of loading of C-Channel girder CF1, a sudden load of approximately 

100 kN was applied to the girder due to problems related to the load control system of the 

actuator.  The load was large enough to cause flexural cracking.  Following the unfortunate 

incident, the girder was loaded statically to determined the load causing reopening of the crack 

to determined the effective prestress forces as described earlier, the measured value of which 
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was 40.0 kN, which corresponds to a loss of prestress of 14.3 percent, comparable to the level 

measured for the other girders.  The fatigue cycles varied between an upper and lower load 

levels of 8.9 kN and 49.0 kN respectively which corresponds to HS-15 type loading, or 15.4 

percent higher than HS-13 loading.  The girder failed due to a ruptured lower prestressing 

strand after completion of 1,076,000 cycles; therefore the girder was not tested by the typical 

final static loading test. 

 

Cracking of the control girder prestressed with a Type C2 configuration, CF2, occurred at a 

load level of 55.6 kN.  After unloading and reloading, the flexural crack at midspan reopened 

at a load of 45.4 kN, which shows an approximate loss of prestress of 13.8 percent.  After the 

initial loading cycles, the girder was cycled between the load levels 8.9 kN and 49 kN, which 

was the same level used during the testing of girder CF1.  CF2 survived 2 million cycles with 

very little degradation.  The girder was then loaded to failure, which occurred at a load of 142 

kN which was 3.6 percent less than the ultimate strength achieved during test of girder CS.  

Failure of the girder was due to crushing of the concrete. 

NSM CFRP Strengthened Girders 

Two girders were strengthened with NSM systems and tested in fatigue.  The first was 

strengthened with NSM bars (NSM1F) and the second was strengthened with NSM strips 

(NSM2F).  The two girders were identical to the two girders tested under static loading 

conditions, NSM1S and NSM2S.  Upon receiving the girder, no initial damage was noticed for 

either girder.  The measured camber due to prestressing for both girders was 38 mm. 

Based on the initial loading applied to the two girders, the cracking load of the NSM bars and 

strips strengthened girders occurred at loads of 54 kN and 51 kN respectively.  After the initial 

loading, the strengthened girders were tested at a frequency of 2 Hz and load range of 8.9 kN 

to 57.6 kN, which corresponds to a live load 41 percent higher than HS-13 loading.  For both 

girders, the largest degradation in stiffness occurred during the first 10,000 cycles.  After 

completion of 2 million cycles, very little degradation was observed for either girder.  The 

girder were tested up to failure and showed little difference in their behavior and the behavior 

of the girders tested under static loading conditions.  For girder NSM1F, failure was due to 

crushing of the concrete at a load of 178 kN.  The girder tested under static load (NSM1S) 
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failed at a load of 181 kN.  Girder NSM2F also failed due to crushing of concrete at a load of 

163 kN, compared to the statically tested girder which failed at a load of 180 kN.  Typical 

concrete crushing failure of the NSM strengthened girders during the final static test after the 

fatigue cycling is shown in Figure 3.19. 

 
Figure 3.19 Concrete crushing failure of girder NSM2F during final static test 

Externally Bonded CFRP Strengthened Type C1 Girders 

Two girders strengthened with externally bonded CFRP systems were tested in fatigue: one 

girder strengthened with externally bonded strips (EB1F) and another girder strengthened 

with externally bonded sheets designed to increase the flexural capacity by 60% in comparison 

to the control, girder EB4F.  These two girders were identical to the two girders that were 

tested under static loading conditions.  By inspection it was observed that girder EB4F had one 

shear crack which began within the end of one web near the supports and extended to a 

location in the deck, similar to the damage noted for girder CS.  In order to ensure flexural 

failure, an additional CFRP U-wrap was installed prior to testing across the crack to provide 

shear reinforcement at the end.  
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The measured cracking load of the girder strengthened with externally bonded strips (EB1F) 

was 54 kN.  The girder was cycled between the load range of 8.9 kN and 57.8 kN which 

corresponded to a 41 percent live load increase over HS-13 type loading.  After 10,000 cycles, 

the behavior of the strengthened girder was quite different from the behavior of the NSM 

strengthened girders.  After completion of 625,000 cycles a large flexural crack was noticed 

near midspan which led to localized delamination of the CFRP sheets from the concrete 

substrate.  This crack was due to rupture of one of the prestressing strands as shown in Figure 

3.20.  The test was continued and catastrophic failure occurred after completion of 908,000 

cycles due to progressive rupture of the prestressing strands followed by debonding of the 

CFRP strips.  Gradual degradation of the bond between the concrete and FRP due to the 

fatigue loading caused a loss of girder stiffness and consequently an increase in stress ratio in 

the lower prestressing strands preceeding failure.  It should be mentioned that after failure, 

corrosion was observed in the lower prestressing strand – which could be a possible additional 

cause of the early fatigue rupture.   

 
Figure 3.20 Girder EB1F after failure due to rupture of prestressing 
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A girder strengthened with externally bonded CFRP sheets designed to achieve a 60% increase 

in the ultimate load carrying capacity in comparison to the control girder (EB4F) was tested in 

fatigue.  The cracking load of this girder was measured to be 70 kN, which was higher than any 

of the previously tested girders due to a higher effective prestressing force.  The measured 

crack reopening load was 40.0 kN.  This girder was tested identically to the other strengthened 

girders in fatigue, a load level corresponding to a 41 percent increase in HS-13 truck loading.  

Very little degradation was noticed between the initial loading sequences up until 1 million 

cycles.  At this stage it was decided to increase the load range to 8.9 kN to 72.7 kN, 

representing an 84.6 percent increase of the load equivalent to HS-13 truck loading.  A static 

test performed at one million cycles showed very little change in stiffness up to 72.7 kN.  After 

1,250,000 total cycles, a change in stiffness was observed as a result of the flexural cracks 

opening at midspan.  Between 1.25 million cycles and 2 million cycles very little change was 

observed in the cracking pattern or the load-deflection behavior.  After completion of 2 

million cycles, the girder was tested statically to failure.  Failure was due to rupture of the 

CFRP sheets followed by crushing of concrete.  Due to the higher prestressing force observed 

in this girder, the girder tested in fatigue failed at a load of 245 kN, greater than the ultimate 

load observed for girder EB4S.  A post mortem investigation of the girder showed numerous 

ruptured wires in the top inclined prestressing strand located at the hold down point at 

midspan.  Although this was established after the final static test was performed, it is possible 

that the rupture of some of these strands lead to the change in stiffness noticed after 1 million 

cycles. 

 

A C-Channel girder designed to achieve a 30 percent increase in capacity using CFRP wet lay-

up sheets (EB7F) was tested under fatigue loading conditions.  From the initial loading 

sequence, the cracking load was measured at 57.4 kN, and the effective prestress force 

calculated as 70.0 kN.  The fatigue load applied varied from 8.9 kN to 54.0 kN, which 

represents a 30 percent increase in live load based on HS-13 type loading.  After 1.25 million 

cycles an accidental overload condition of 133 kN was applied to the girder, which caused a 

residual displacement of 13.7 mm.  The fatigue test was then resumed and the girder 

completed 2 million cycles of fatigue loading with little additional degradation.  A final static 

test was performed on the girder to assess the damage due to fatigue loading.  The ultimate 
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load achieved during the final static test was 196.6, which is a 2.2 percent increase in ultimate 

load compared to girder EB7S.  Failure was due to rupture of the externally bonded CFRP 

sheets as shown in Figure 3.21  After the ultimate load was achieved, the girder continued to 

resist load, behaving similarly to the control specimen.  Catastrophic failure occurred due to 

concrete crushing at a load of 167.3 kN.   

 
Figure 3.21 Concrete crushing after FRP rupture of girder EB7F 

Externally Bonded CFRP Strengthened Type C2 Girders 

A girder designed to achieve a 40 percent increase in ultimate flexural capacity using externally 

bonded CFRP wet lay-up sheets (EB5F) was tested in fatigue.  A similar girder, tested under 

static loading conditions (EB5S) failed due to concrete crushing at an ultimate load equivalent 

to a 72.8 percent increase in comparison to the control girder (CF2 for this Type C2 girder).  

Visual observation indicated that the first instance of flexural cracking occurred at load level of 

80.1 kN; however, upon inspection of the measured load deflection relationship the cracking 

load was determined to be 60.1 kN.   
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Girder EB5F was subjected to fatigue loading with a maximum load corresponding to an 84.6 

percent increase in comparison to HS-13 truck loading, similar to the second fatigue loading 

regimen used for girder EB4F.  After the first 5,000 cycles considerable flexural cracking was 

noticed at midspan.  No new cracks or crack extensions were noticed until 500,000 cycles, at 

which time a flexural crack at midspan was noticed to be extending into the top flange of the 

C-Channel.  At 1 million cycles, new flexural cracks were noticed.  One crack on the front 

side and three cracks on the back side were noticed.  The girder failed at 1,075,000 cycles due 

to the rupture of one (or possibly two) lower prestressing strands at midspan.  A final static 

test was performed after completion of 1,075,000 cycles.  The residual displacement prior to 

testing was 13.0 mm.  The loss of stiffness compared to the other girders tested under static 

loading conditions was very noticeable.  The reduced capacity of the girder was due to the loss 

of the lower prestressing strand (or strands) during the fatigue test, which caused an increase in 

load being distributed to the CFRP system.  As a result, at a load of 75.6 kN signs of 

debonding began appearing.  Interface cracks in the concrete just above the CFRP sheets 

expanded at locations of the flexural cracking.  These interface cracks joined between the 

flexural cracks and the debonding propagated from midspan towards the supports, peeling off a 

layer of cover concrete between the lower prestressing strand and the CFRP as shown in 

Figure 3.22.  The slow debonding of the CFRP sheets due to the presence of the transverse U-

wraps provided a ductile failure.  The maximum load level observed was 138.3 kN. 



Part 1: Repair/Strengthening  ▐   Chapter 3. Experimental Program - Strengthening 

72 

 
Figure 3.22 IC debonding in girder EB5F during final static test 

A girder strengthened with five layers of high modulus CFRP sheets was tested under fatigue 

loading (EB6F).  During the test of an identical girder under static loading conditions (EB6S), 

an increase of only 5.3 percent was achieved while the design called for an increase of 20 

percent.  As a result of an increase in the stiffness obtained due to the installation of the high 

modulus material (11 percent greater initial stiffness than the control girder), it was decided to 

cycle the girder up to a load value corresponding to a 41 percent increase in comparison to an 

equivalent HS-13 truck loading.  The load levels used ranged between 8.9 kN and 57.8 kN.  

During the initial static test, cracking was observed at a load level of 63.2 kN, very close to the 

cracking load observed in girder EB6S.Although a change of stiffness was noticed in the test 

data from the PI gauges placed at midspan, no visible cracking was noticed at the beginning of 

the fatigue loading.  After two million cycles of fatigue loading, no visible cracks were 

observed.  A final static test was performed, and rupture of the HM CFRP sheets occurred at a 

load of 133.4 kN.  The rupture strain of the HM material observed during the test was 0.24 

percent comparable to the 0.26 percent observed in the static test on girder EB6S.  Both were 

below the 0.30 percent value given from manufacturer.  The small difference in rupture strain 
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between girder EB6S and EB6F could be due to slight degradation of the CFRP material from 

the fatigue loading.  After rupture of the sheets at midspan, the girder lost 23 percent of the 

applied load.  The applied load at which rupture of the high modulus sheets was first observed 

was exceeded at a higher value of displacement.  This shows that the high modulus material had 

a significant effect on the stiffness of the girder, even when not continuous throughout its 

length.  After progressive rupture events, the girder followed the approximate load path of the 

control girder and the test was terminated after crushing of the concrete in the compression 

zone at a displacement of 193 mm. 

Externally Bonded SRP Strengthened Type C1 Girders 

A Type C1 prestressed concrete girder strengthened with steel reinforced polymer (SRP) 

material was tested under fatigue loading conditions (SRPF).  This girder was similar to a 

girder strengthened with SRP and tested under static loading conditions (SRPS).  The girder 

was delivered to the laboratory in good condition with no visible flexural cracking.  During the 

strengthening operation difficulty was encountered in wrapping the SRP with 0.90 wires per 

mm around the beam soffit.  It was envisioned that the material would conform to the rounded 

soffit edge and bond to the concrete without leaving voids.  For one of the soffits in this girder 

the SRP material was cut in the longitudinal direction in two places to relieve pressure that was 

present due to the wrapping.  On the other soffit the SRP was left in one piece per layer, a 

configuration which resulting in sagging that was observed post-strengthening.  The 

strengthening on this soffit was repaired according to procedures described in Mirmiran et al. 

(2004).   

 

Girder SRPF was strengthened to achieve a 30 percent increase in ultimate capacity, and was 

tested under cyclic loading between the load levels of 8.9 kN and 54.0 kN, which corresponds 

to a 30 percent increase in HS13 live load.  During the initial loading cycle, the observed 

cracking load was 62.3 kN and the observed crack re-opening load was 41.8 kN, which 

corresponds to an effective prestress force of 74.3 kN per strand.  The girder achieved over 2 

million cycles of loading with very little degradation.  During the final static test, failure was 

due to crushing of the concrete at midspan at a load of 226.4 kN, an increase of 52.8 percent 

compared to girder CS.  Underneath the loading area at midspan the SRP material was partially 
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debonded between the flexural cracks, but this did not lead to failure due to the wrapping and 

the U-wrap debonding mitigation.  Immediately after concrete crushing, a large shear crack 

propagated at a 45 degree angle from a flexural crack near midspan to the compression zone 

causing catastrophic failure.  Compared to a similar girder tested under static loading 

conditions (SRPS), SRPF failed at a load 4.28 percent higher, mainly due to a higher effective 

prestress force.  The failure of girder SRPS is shown in Figure 3.23. 

 
Figure 3.23 Concrete crushing failure of girder SRPF 
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CHAPTER 4: 

EXPERIMENTAL PROGRAM: REPAIR  

This section presents the static and fatigue experimental program used to evaluate the 

performance of CFRP repair systems on AASHTO girders tested under static and fatigue 

loading conditions.  A total of five girders were tested: three girders were damaged and 

repaired with CFRP to restore the original flexural capacity, while the other two girders were 

tested in shear: one as a control girder and another damaged and repaired with CFRP to 

restore the original ultimate capacity.  A summary of the experimental program of the Repair 

Study is shown in Table 4.1. 

Table 4.1 Experimental summary of Repair Study 

Specimen 
Designation 

Loading 
Configuration 

Loading 
Condition 

Total 
number of 
PS strands 

Number of 
strands 
ruptured 

Main CFRP system 

AASHTO1 Flexural Fatigue 16 1 
3 longitudinal layers 

406 mm 

AASHTO2 Flexural Static 28 4 
3 longitudinal layers 

406 mm 

AASHTO3 Flexural Static 16 3 
3 longitudinal layers 

406 mm 

AASHTO2C Shear Static 28  --  -- 

AASHTO2R Shear Static 28 4 
2 layers oriented at 

45 degrees 
 

This chapter presents the design of the flexural and shear CFRP strengthening systems along 

with an experimental program associated with the testing of the five girders.  Complete test 

results are given in Chapter 5.  Chapter 6 provides the cost-effectiveness and value engineering 

analysis of the CFRP repaired AASHTO girders. 

4.1 Introduction 
In October 2003, a truck and trailer carrying excavating equipment impacted a prestressed 

concrete bridge superstructure in Robeson County, NC Bridge 169, Green Springs Road (SR 

1718) over Interstate 95 (Figure 4.1).  The bridge, originally built in 1959, consisted of four 

16.8 m spans.  Each span was comprised of four AASHTO Type II prestressed concrete girders 

at a spacing of 2.13 m.  The impact event heavily damaged the first exterior girder, missed two 
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of the interior girders, and moderately damaged an opposite exterior girder.  The bridge had 

been hit numerous times in its lifetime and the decision was made by NCDOT bridge 

maintenance engineers to replace the girders in the eastern span with cored slab units to 

provide a shallower section and prevent potential future impacts.  The bridge girders were 

identified by the research team and transported to Raleigh, NC for repair work.  The one 

bridge girder which was moderately damaged was repaired with CFRP materials and tested 

under fatigue loading conditions (AASHTO1).  The two girders in good condition were 

damaged near midspan to simulate an impact event, repaired using CFRP materials and then 

tested under static loading conditions (AASHTO2 and AASHTO3).  After testing, girder 

AASHTO2 was cut in two pieces and tested as a short span specimen to examine the shear 

behavior.  One of the short spans was tested as a control specimen (AASHTO2C) and the 

other was damaged near the support to simulate an impact event and then tested monotonically 

to failure (AASHTO2R). 

 
Figure 4.1 Undamaged eastern span of SR 1718 over Interstate 95 
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4.2 Test Girders 
The AASHTO Type II girders as provided to the researchers had two prestressing 

configurations corresponding to whether the girder was original (Type A) or had been replaced 

due to an impact event (Type B).  The girders which had been replaced were cast in the 1980s 

and the original girders were cast in the late 1950s.  Girders AASHTO1 and AASHTO3 had a 

Type B prestressing configuration, while girder AASHTO2 had a Type A configuration.  Since 

the short span shear specimens (AASHTO2C and AASHTO2R) were taken from girder 

AASHTO2, these also have a Type A configuration.  Type A configuration consisted of twenty-

eight 11.1 mm diameter 1724 MPa stress relieved prestressing strands.  Four strands were 

harped with a hold down point at midspan.  Type B prestressing configuration consisted of 

sixteen 12.7 mm diameter 1862 MPa straight prestressing strands.  The cross section of the 

AASHTO girder, along with the strand configurations is shown in Figure 4.2. 

 
Figure 4.2 AASHTO cross-section and prestressing configurations 

The length of girder AASHTO1 was 16.71 m, with a test span of 16.26 m.  Girder AASHTO2 

had a length of 16.61 m and a test span of 16.17 m.  Girder AASHTO3 had a length of 

16.61but due to damage on one end the test span was 14.94 m, shorter than the others.   

 

The AASHTO girders were extracted from the bridge before consultation with the research 

team, and the composite deck was cut to approximately the width of the top flange of the 

prestressed girder.  The depth of the deck was 178 mm, and the original spacing between the 

girders was 2130 mm.  The average width of the composite deck in the delivered girders was 
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379 mm, 419 mm and 343 mm for girders AASHTO1, AASHTO2, and AASHTO3.  The 

section properties of the girders as tested, the full composite interior or exterior girder, and 

the girder alone are shown in Table 4.2. 

Table 4.2 Summarized section properties of AASHTO girders 

Specimen Designation 
AASHTO 
Type II 

Interior 
girder 

Exterior 
girder 

AASHTO1 AASHTO2 AASHTO3 

Width of deck, mm 305 2413 2134 379 419 343 

Ac, mm2 238 610 659 317 283 281 

I, mm4 21220 70550 72990 42360 34450 34520 

St, mm3 41420 225570 246650 72380 60360 57730 

Sb, mm3 52780 93570 94680 755500 39500 69850 

h, mm 914 1067 1069 1092 1067 1092 

yt, mm 512 313 296 558 571 598 

yb, mm 402 754 771 535 496 494 

 

One of the girders had serious damage resulting from an impact event (AASHTO1), and 

impact damage was simulated in the other girders.  Girder AASHTO1 had damage as shown in 

Figure 4.3.  The damage extended 3.63 m on the front side and 1.83 m on the back side with 

approximate volume of damaged concrete equal to 0.1 m3.  On the front side, one prestressing 

strand was ruptured on the bottom layer.   

 



Part 1: Repair/Strengthening  ▐   Chapter 4. Experimental Program - Repair 

 

79 

 
Figure 4.3 Girder AASHTO1 prior to repair work 

To simulate impact damage for girder AASHTO2, a large portion of the tension flange of the 

girder was removed, and four prestressing strands were ruptured as shown in Figure 4.4.  The 

loss of prestressing force due to the ruptured strands was 14.3 percent.  The length of the 

damage extended 0.61 m on either side of midspan on the front side of the girder only.  

Approximately 0.06 m3 of concrete was removed.   
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Figure 4.4 Girder AASHTO2 after simulated impact damage 

Girder AASHTO3 had been impacted several times prior to being removed from the bridge.  

Several earlier concrete repairs had been performed along with epoxy injection of the cracks 

caused by vehicular impacts.  To simulate further impact damage girder AASHTO3 was 

intentionally damaged in a similar manner as girder AASHTO2.  Three prestressing strands 

were ruptured, corresponding to a reduction in prestressing force of 18.8 percent.  The length 

of the damage extended 0.61 m to the left of midspan and approximately 1.52 m to the right 

on the front side only.  It was intended for the damage to be symmetrical about midspan, but 

the presence of earlier repairs made the concrete very brittle.  Approximately 0.07 m3 of 

concrete was removed.   

 

Girder AASHTO2R was damaged the same as girder AASHTO2.  A large portion of the 

tension flange of the girder was removed, and four prestressing strands were ruptured 

corresponding to a reduction in prestressing force of 14.3 percent.  The length of the damaged 

began 305 mm past the face of the left support and extended 1.22 m to the right.  

Approximately 0.04 m3 of concrete was removed. 

 

During extraction of the test girders from the bridge, several 10 mm transverse cuts in the 

composite deck were present in multiple locations due to the removal of the cast-in-place 

diaphragms.  The cuts were repaired using a suitable repair material and then epoxy injected. 
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From design drawings provided by NCDOT, the specified 28 day concrete strength for this 

girder was 34.5 MPa, the concrete strength at transfer of prestressing force was 27.6 MPa, and 

the concrete strength of the cast-in-place deck was 35.6 MPa.  The concrete compressive 

strengths for the deck and the girder were determined from core samples extracted after 

testing and the results are shown in Table 4.3.  Concrete cylinders were made of the repair 

material (described in the next section) and the results of the compression tests are also shown 

in Table 4.3.  The prestressing strands were tested in tension according to ASTM A416 

specification in a similar manner to the strands from the C-Channel girders described in 

Chapter 3, and the results are shown in Table 4.4.  The CFRP used in the strengthening of all 

the girders was Fyfe© SCH-41 sheets with Tyfo© Type S epoxy. Witness panels of the CFRP 

laminates used in strengthening were tested according to ASTM D3039 specification to 

determine material characteristics.  The values obtained from testing compare well to the 

manufacturer’s provided data as shown in Table 4.5.   

Table 4.3 Results of concrete compression tests 
Compressive Strength (MPa) Girder 

Designation 
Concrete 
Location Core 1 Core 2 Core 3 Mean 

Deck 45.0 49.2 45.6 46.6 

Girder 49.0 48.8 -- 48.9 AASHTO1 

Repair Matl 40.5 45.9 43.8 43.4 

Deck 36.3 34.6 34.2 35.0 

Girder 48.9 44.4 -- 46.7 AASHTO2 

Repair Matl 43.2 -- -- 43.2 

Deck 45.9 51.5 -- 48.6 

Girder 39.6 48.0 49.2 45.6 AASHTO3 

Repair Matl 43.2 -- -- 43.2 

AASHTO2R Repair Matl 43.2 -- -- 43.2 
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Table 4.4 Prestressing steel properties 

Strand Designation 
Yield 

Strength 
(MPa) 

Ult. Strength 
(MPa) 

Rupture strain 
Modulus of 

Elasticity (MPa) 

AASHTO1 and 
AASHTO3 1805 1922 5.10 196400 
AASHTO2 1425 1650 9.5 197800 

Table 4.5 Tension test results – Repair Study 

System 
Designation 

Epoxy 
Girders 

Strengthened 
Thickness 

(mm) 
Ultimate Tensile 
Strength (MPa) 

Modulus 
of 

Elasticity 
(MPa) 

Ult 
Strain 
(%) 

AASHTO1 2.3 436 60013 0.8 Fyfe SCH-41 
wet lay-up 
sheets 

Tyfo 
Type S 
epoxy Manufacturer 1.0 986 95800 1.0 

AASHTO2 2.4 751 67090 1.1 Fyfe SCH-41 
wet lay-up 
sheets 

Tyfo 
Type S 
epoxy Manufacturer 1.0 986 95800 1.0 

AASHTO3 2.4 751 67090 1.1 Fyfe SCH-41 
wet lay-up 
sheets 

Tyfo 
Type S 
epoxy Manufacturer 1.0 986 95800 1.0 

AASHTO2R 2.5 676 58470 1.1 Fyfe SCH-41 
wet lay-up 
sheets 

Tyfo 
Type S 
epoxy Manufacturer 1.0 986 95800 1.0 

 

4.3 Design of Repair System 
Four impact-damaged girders were repaired with CFRP sheets to restore their original 

capacities: three were flexural repairs and one was a shear repair.  This section details the 

design of the repair systems. 

Flexural Repair 

Unlike the C-Channel girders tested in an earlier phase of this research and described in 

Chapter 3, the purpose of applying CFRP in this phase was mainly to repair the impact-

damaged AASHTO girders to restore their original ultimate flexural strength.  The decision 

not to test a control girder was due to the limited number of girders available.  Analysis 

procedures and initial static tests were used to estimate the behavior of the undamaged girder.  

 

Several different repair materials were used.  For girder AASHTO1 Tyfo© Type P, two-

component, quick setting, polymer modified cementitious mortar, was selected in consultation 

with the contractor based on its good bonding performance to sound concrete and fast setting 
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properties.  Due to shrinkage cracks which formed after curing, for girders AASHTO2 and 

AASHTO3 a different repair system was chosen.  A similar type of polymer modified 

cementitious repair mortar was used (Emaco© T430), but was combined with 10 mm round 

aggregate to maintain a similar elastic modulus as the girder and to control shrinkage. 

 

The choice of a CFRP repair system to restore the original flexural capacity of the girder was 

based on experience gained from the test results, cost-effectiveness and value engineering 

analysis of the CFRP strengthening systems applied to the C-Channel girders.  It was decided 

to use externally bonded CFRP wet lay-up sheets as the repair system due to their proven 

record in strengthening the C-Channel girders as well as their performance in the cost-

effectiveness analysis as discussed in Chapter 6.  Also, a preliminary analysis using a near 

surface mounted (NSM) system showed that the number of NSM CFRP bars required to 

restore the original capacity was high and perhaps impractical for this type of application.  In 

addition, it was apparent that the damaged concrete section to be restored was large and deep 

into the girder cross section and therefore needed transverse CFRP wet lay-up U-wraps to 

stabilize crack growth in this region.  These needs and concerns lead to the use of a wet lay-up 

system as the main longitudinal repair reinforcing.  The type of wet lay-up system used was 

Fyfe© CH-41 composite and Tyfo© S two part epoxy. 

 

The longitudinal CFRP repair system to restore the original strength of the girder was based on 

cracked section analysis program, Response 2000© (Bentz 2000) discussed in detail in Chapter 

5.  The base curve of the concrete model used in the cracked section analysis program was the 

Popovics curve including compression softening which was based on the Vecchio-Collins 

model and the tension stiffening was based on the Bentz model (Bentz 2000).  The compressive 

strength of the concrete at 28 days was determined from NCDOT design specifications as 34.5 

MPa.  The 1862 MPa prestressing strands were modeled using the Ramberg-Osgood function 

(Equation 3.1) for low relaxation strands.  The CFRP system material properties were taken 

from data provided by the manufacturer as shown in Table 3.4. 

 

The amount of longitudinal CFRP reinforcement to restore the original ultimate flexural 

strength of the girder was determined using a cracked section analysis program with the 



Part 1: Repair/Strengthening  ▐   Chapter 4. Experimental Program - Repair 

 

84 

assumption that the damage occurred at the midspan section.  The loss of prestressing due to 

impact was determined from the number of strands ruptured for girders AASHTO2 and 

AASHTO3.  For girder AASHTO1, to account for corrosion damage of the strands due to 

their exposure for six months prior to concrete restoration, one additional prestressing strand 

was considered to be missing in the design of the repair system for a total of two missing 

strands.  Proper strengthening required that adequate development length of the CFRP sheets 

be provided to utilize their full strength and strain capacity.  The CFRP reinforcement should 

also be designed to provide sufficient strength to prevent the initiation of new cracks in the 

non-prestressed damaged region.  In order to ensure adequate development of the CFRP 

flexural reinforcement, the following detailing was used:  

1. The three layers of CFRP longitudinal reinforcement were extended beyond the 

location of the ruptured prestressing strand a distance which was selected based on 

the full development length prestressing strands.   

2. To prevent possible plate-end debonding, the termination points for the CFRP 

longitudinal reinforcements were staggered at a distance of 610 mm from each other 

to reduce stress concentrations. 

3. Transverse U-wrap CFRP wet lay-up sheet reinforcements were provided throughout 

the length of the repaired region on top of the main longitudinal sheets.    The 304 

mm U-wraps were provided at the termination points for each longitudinal CFRP 

sheet and at several locations between the first cut-off point for the longitudinal CFRP 

and the damaged region.  The U-wraps extended around the bottom flange and 

extended the full depth of the web and top flange on each side of the girder.  The 

purpose of the U-wraps was to prevent the possible debonding failures discussed in 

Part 2 of this dissertation. 

 

To control crack initiation of concrete in the restored region, the following details were 

considered in the design of the CFRP repair design: 

1. Since the concrete used for the restoration was not prestressed, it was expected to 

crack at the service load level.  In order to control the growth of cracks within this 

region under fatigue loading, CFRP transverse U-wraps were used to completely 

encapsulate the repaired concrete area.  Since the main objective for providing U-
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wraps at the damaged area was to control crack growth, the sheets were overlapped 

by 25 mm to provide continuity and prevent the formation of cracks between the 

sheets.  Moisture build-up beneath the CFRP reinforcing could be a concern if the 

length of the damage was very long; therefore completely encapsulating the entire 

length of the girder should be avoided.   

2. To control transverse shrinkage and flexural cracks, two additional CFRP sheets were 

provided longitudinally along the length of the repaired area: two 152 mm wide 

CFRP sheets attached to the angled portion of the bottom flange, and two 254 mm 

CFRP sheets attached to the web of the girder on each side. This reinforcing, acting as 

tension struts, alleviated the flexural contribution of the main longitudinal 

reinforcement, and acted as a crack growth inhibitor in the damaged region.  In order 

to provide adequate anchorage, the sheets were extended beyond the damaged region 

to the extents of the main longitudinal CFRP reinforcing. 

 

The elevations of the repaired AASHTO girders are shown in Figure 4.5.  A figure showing the 

CFRP configuration after repair for girder AASHTO1 is shown in Figure 4.6. 

 
Figure 4.5 Elevations of repaired AASHTO girders 
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Figure 4.6 Girder AASHTO1 after CFRP repair 

Shear Repair 

The repair of the short span girder with simulated impact damage with CFRP sheets was 

designed according to the analysis techniques outlined in Chapter 5.  Wet lay-up CFRP sheets 

and polymer-modified cementitious mortar were chosen as the repair materials for reasons 

outlined in the previous section.  Several details are described below regarding the repair 

system: 

1. The termination points of the longitudinal CFRP were staggered at a distance of 51 mm to 

minimized plate-end debonding effects. 

2. Two layers of 6 in (152 mm) wide transverse CFRP sheets were oriented perpendicular to 

the anticipated shear cracks to fully utilize their unidirectional strength.   

3. A 12.7 mm gap was left between each sheet to allow for moisture evaporation and allow 

for possible inspection.   

4. The transverse sheets started at the top flange of the girder, and made a 45 degree angle to 

the bottom of the girder.  Once it reached the bottom, the sheet was smoothly 

transitioned and extended to the opposite side of the bottom flange before being 
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terminated.  The diagonal sheets began at the left support and ended below the loading 

point. 

5. One 254 mm sheet was installed at 

the interface between the bottom 

flange and the web between the 

loading point and the support on each 

side.  These two sheets were placed 

over the diagonal struts to control 

cracking in the non-prestressed, 

damaged location, as well as to absorb 

the outward forces caused by tension 

in the struts at the intersection of the 

web and bottom flange as shown in 

Figure 4.7.   

 
Figure 4.7 Forces at interface between 

bottom flange and web (from Hutchinson 

et al. 2003) 

6. Three 406 mm longitudinal sheets were installed on the bottom flange of the girder to 

restore the moment capacity of the damaged section.  The amount of CFRP was the same 

required for the AASHTO2 flexural test specimen. 

 

A schematic of the installed CFRP repair system is shown in Figure 4.5.  Girder AASHTO2R 

after installation of the CFRP repair system is shown in Figure 4.8. 



Part 1: Repair/Strengthening  ▐   Chapter 4. Experimental Program - Repair 

 

88 

 
Figure 4.8 Girder AASHTO2R after CFRP repair 

4.4 Test Setup and Procedure 

Test Setup 

All of the flexural testing of the AASHTO girders (AASHTO1, AASHTO2, and AASHTO3) 

was performed using a 1960 kN MTS hydraulic actuator mounted to a steel frame at midspan.  

The fatigue testing of girder AASHTO1 was performed using a 490 kN MTS hydraulic actuator 

selected based on its large capacity servo-valve which permitted testing of the girder using a 

relatively high frequency of load cycles.  The loading contact area was a 150 mm by 250 mm 

steel plate which is equal to the AASHTO specified design loading area (AASHTO 2004).  

Neoprene pads 559 x 229 x 64 mm were used between two 25 mm steel plates to support the 

girder and to simulate field supporting conditions.  The top plate was 279 mm by 762 mm and 

the bottom plate was 559 mm by 762 mm.  The bottom of the plates was supported by a 

concrete support block 1.23 x 1.23 x 0.61 m.  The girders were provided with a built-in 457 

mm by 381 mm steel plate welded to a 457 mm by 152 mm steel plate which rested on the top 
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plate of the bearing system as shown in Figure 4.8.  The flexural test setup is shown in Figure 

4.9. 

 
Figure 4.8 AASHTO girder support assembly 

 
Figure 4.9 AASHTO flexural test setup 

The test setup for the shear tests (AASHTO2C and AASHTO2R) was identical to the previous 

tests with the exception of the loading mechanisms.  AASHTO2C was tested to failure in one 

load cycle using a 1960 kN MTS hydraulic actuator mounted to a steel frame, while 

AASHTO2R was tested to failure using a 2669 kN hydraulic jack.  The steel frame was placed 

at 1.68 m from the face of the left support, resulting in a shear span to depth ratio (a/d) of 

1.57.  The load was transferred to the girder through a 254 mm by 508 mm and 279 mm by 

533 mm by 12.7 mm neoprene pad.  A drawing of the test setup for girders AASHTO2C and 

AASHTO2R is shown in Figure 4.10. 
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Figure 4.10 AASHTO shear test setup 

Instrumentation 

There were two types of instrumentation plans depending on if the girder was being tested in 

flexure or in shear.  For the flexural tests, the displacement profile along the length of the 

repaired AASHTO girders was measured using string potentiometers placed at L/8 points.  

The compressive strain in the concrete was measured using a combination of PI gauges (a strain 

gauge mounted to a spring plate) and 60 mm electrical resistance strain gauges.   The tensile 

strain in the CFRP reinforcement was measured using 6 mm electrical resistance strain gauges.  

Placement of the instrumentation measuring compressive and tensile strains was carefully 

selected to determine: 1) The strain profile of the section at midspan, 2) The behavioral 

differences between the damaged and undamaged sections, and 3) The tensile strain in the 

CFRP to determine the bond characteristics throughout the longitudinal CFRP.   

 

For the shear tests, the displacement was measured using two string potentiometers located at 

midspan and two linear potentiometers positioned to measure the displacement at the 

supports.  The cracking behavior was monitored using three sets of linear potentiometers with 

horizontal and vertical components positioned between the face of the support and the loading 

plate.  The compressive strain in the concrete was monitored using two 60 mm electrical 

resistance strain gauges, and the tensile strain in the CFRP material was measured using 

numerous 6 mm electrical resistance strain gauges.  The tensile strain gauges were affixed at a 

45 degree angle in the direction of the fibers for the CFRP stirrups, and at a location near the 

plate-end on the longitudinal CFRP. 
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Loading Scheme 

Several different loading schemes were used in the testing of the AASHTO girders and will be 

discussed for each girder.  The loading of girder AASHTO1 consisted of three stages: 1) initial 

loading, 2) fatigue loading, and 3) final static loading to failure.  Initially, the girder was loaded 

up to a load level of 227 kN, applied using displacement control loading.  The load was 

selected to simulate a bottom nominal tensile stress in the concrete of 0.5(f ′c)0.5 MPa, in order 

to evaluate the observed stress ratio in the lower prestressing strand and behavior at this load 

level.  The fatigue loading was oscillated between the loads of 83.2 kN and 201 kN to simulate 

the dead load to the dead load plus live load.  The fatigue load determination for girder 

AASHTO1 is described in detail in the next section.  The load was applied using a 490 kN 

actuator which permitted a frequency of 2 Hz to be used during the test.  The fatigue test was 

stopped at various intervals to record data during intermediate static tests.  The final test 

consisted of several cycles to simulate extreme overloading type conditions up to failure.   

 

The loading of girders AASHTO2 and AASHTO3 consisted of several different stages: 1) initial 

loading, 2) loading after damage, and 3) final static loading to failure.  Initially, the girders 

were loaded up to a load level approximately 80 to 90 percent of ultimate, applied using 

displacement control loading.  Since these girders were in good condition upon delivery to the 

laboratory, this loading was designed to simulate an extreme impact event upon the girder, 

where the girder becomes heavily cracked.  The second stage of loadings were applied after 

concrete damage and after rupture of the prestressing strands and performed to determine the 

change in stiffness of the girder due to the simulated impact damage.  After concrete and CFRP 

repair, the girder was tested again, this time to failure, to determine the characteristics of the 

repaired girder at ultimate. 

 

The loading of the girders tested in shear (AASHTO2C and AASHTO2R) was performed in 

one stage, monotonically to failure.  Due to the severity of the simulated impact damage 

imparted on girder AASHTO2R, it was deemed unsafe to test the girder initially. 
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Fatigue Load Determination 

One girder (AASHTO1) was tested under fatigue loading designed to simulate loads which 

would be encountered during the service life of the original girder.  Two different fatigue 

loading schemes were considered for the repaired AASHTO girders: one which would 

simulate the original AASHTO HS-15 truck design loading, and another which would simulate 

tensile stress in the extreme bottom of the concrete flange equal to 0.25(f ′c)0.5 MPa, which is 

specified by the AASHTO code (2004) for service loading in corrosive environments.  

Preliminary analysis of the girder indicated that the original girder was overdesigned; meaning 

that using HS-15 type loading would not simulate the worst case conditions.  Therefore the 

design of the fatigue loading was based on determining a live load level which would simulate a 

tensile stress in the bottom flange of the concrete equal to 0.25(f ′c)0.5 MPa.   

 

The test girder had a composite deck slab approximately equal to the width of the top flange, 

305 mm.  In the actual bridge, the width of the deck slab working in composite action with the 

girder was 2133 mm.  In order to determine the live load required for testing of the test 

girder, the following analysis was conducted: 

 

1. Determine the live load moment which induces a tensile stress in the bottom flange of 

the concrete equal to 0.25(f ′c)0.5 MPa for the actual bridge girder with a 2133 mm 

composite deck slab.  The analysis includes the effects of the prestressing and the dead 

loads through sequencing of the different construction stages. 

2. Determine the resulting stress profile through the cross-section of the actual girder 

with full composite deck based on the magnitude of live load determined in Step 1.  

Use the profile to calculate the stress at the level of the lower prestressing strands. 

3. Determine the level of the applied load that should be used for the test girder to 

induce a stress in the lower prestressing strand equal to the value determined in Step 

2. 

Step 1: Determine Live Load Moment 

The section properties of the AASHTO Type II girder, the test girder, and the actual bridge 

girder with a 2133 mm composite deck slab are shown in Table 4.1.  Properties of the 
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transformed section of the actual bridge girder accounting for the weaker strength concrete of 

the cast-in-place deck slab can be determined using the modulus ratio, η, as follows: 

 
'
'

cdeck

cgirder

f
f

η =  (4.1) 

where f ′cdeck and f ′cgirder and   are the concrete compressive strengths of the deck and AASHTO 

girder respectively.  The total dead load moment supported by the bridge girder with and 

without the full 2133 mm deck slab was determined as 455.5 kN-m and 117.8 kN-m 

respectively.  Without the deck slab, the girder supports its self-weight, and the slab and 

diaphragms.  The full composite girder supports asphalt overlays, curb and gutter, and the 

barrier walls. 

 

The effective prestress force, Peff, was calculated assuming an effective stress of 1138 MPa 

which corresponds to an assumed 12.6 percent prestress losses and a jacking force equal to 70 

percent of the ultimate tensile strength of the strands.  Using the previously specified tensile 

stress in the concrete of fbgc=0.25(f ′c)0.5, the following stress condition at the extreme fiber of 

the bottom flange can be determined: 

 f f g dg dc lc
bgc

g bg bg bc

P P e M M Mf
A S S S

+
= − − + +  (4.2) 

where Ag  is the area of the girder, Sbg is the section modulus below the neutral axis for the 

girder, and Sbc  is the section modulus below the neutral axis for the actual bridge girder with 

2133 mm composite deck, the live load moment for the actual bridge girder with full 

composite deck, 

Step 2: Determine Stress Profile 

The top compressive stress in the concrete for the actual bridge girder with full composite 

deck, ftgc, for the given live load moment, Mlc, can be determined using the following equation: 

 f f g dg dc lc
tgc

g tg tg ic

P P e M M Mf
A S S S

+
= − + − −  (4.3) 

Where Mdg is the section modulus above the neutral axis for the girder and Sic is the section 

modulus at the interface of the girder and the composite section above the neutral axis. The 

compressive stress ftgc was found to be 12.63 MPa.  Given the stress profile of the actual bridge 
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girder with full composite deck, the stress level in the concrete at any prestressing strand, fcps , 

can be determined from: 

 ( )lps
cps tg bg tg

d
f f f f

h
= + −  (4.4) 

where dlps is the distance from the extreme compression fiber in the concrete to the level of the 

lower prestressing strands and h is the depth of the section.  fcps for the composite girder was 

found to be 0.680 MPa. 

Step 3: Find the Required Applied Fatigue Load 

The live load moment that will induce the stress found in Equation 4.4 in the lower 

prestressing strand for the test girder, Mltg, was determined by conducting the following 

analysis: 

1. Determine the top and bottom stresses in the concrete, ftg and fbg by assuming a value 

of Mltg in the following equations: 

 f f g dg dc ltg
tg

g tg tg it

P P e M M M
f

A S S S
+

= − + − −  (4.5) 

 f f g dg dc ltg
bg

g bg bg bt

P P e M M M
f

A S S S
+

= − − + +  (4.6) 

where Sit is the section modulus above the neutral axis at the interface of the girder 

and the composite section for the test girder and Sbt is the section modulus below the 

neutral axis for the test girder. 

2. Determine the stress in the concrete at the level of the lower prestressing strands for 

the test girder from Eqn. 4.4. 

3. Perform iterations using different values of Mltg until a stress is determined which is 

equal to the value of stress found in Step 2. 

 

The live load moment applied to the test girder that will induce a stress in the concrete at the 

layer of lower prestressing strands of 0.680 MPa is 477.2 kN-m.  This moment corresponds to 

a concentrated load at midspan of 117.8 kN.   

 

To determine the minimum load for the fatigue loading, first the following total dead load 

acting on the bridge girder with full composite deck were calculated as 577.1 kN-m. 
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Next, the dead load of the test girder was calculated as 240.1 kN-m, which includes the girder 

self weight and the weight of  the 305 mm of deck slab above the top flange of the girder.  The 

required applied load needed to simulate the dead loads acting on the bridge should be based 

on the difference between these two moments and was found to be 337.0 kN-m, which 

corresponds to a concentrated load at midspan of 83.2 kN. 

 

 Based on the above, the minimum load which should be used for the fatigue loading is 83.2 kN 

and the maximum load, which is the summation of the dead load and the live load, is 201 kN.  

This range simulates a level of stress in the lower prestressing strand of the test girder equal to 

the stress in the lower prestressing strand for the actual bridge girder in composite action with 

the full width of the deck slab.  As mentioned previously, the design loading of HS-15 

produced a bottom tensile stress in the concrete less than the 0.25(f ′c)0.5 MPa value specified 

by AASHTO.  Using the AASHTO (2004) code for an exterior girder with bridge 

configuration “k”, and with two design lanes loaded, the distribution factor was determined to 

be 0.6253.  Using an impact factor of 1.33, the axle loads of the HS-15 type loading were 

found to be: 22.2 kN, 88.8 kN and 88.8 kN.  Using these loads will produce a maximum 

moment of 586.1 kN-m in the full composite bridge girder.   

 

Using a procedure similar to the one described above, the live load which induces a stress in 

the prestressing strand for the test girder equal to the value found for the girder with full 

composite deck under HS-15 loading was found to be 110.8 kN.  This is slightly lower than the 

value determined from the earlier analysis and therefore the girder was tested using the first 

conservative loading levels. 

4.5 AASHTO1 
The first visual cracking was observed on the side of the girder with the ruptured prestressing 

strand and the highest degree of damage, just outside the transverse U-wraps encapsulating the 

damaged region at 186.8 kN.  After the first three initial cycles, three cracks formed on the 

same side at both edges of the transverse CFRP U-wraps in the damaged region, and extended 

to the top of the bottom flange.  However, it should be noted that the three cracks noticed 

during the initial static cycles did not grow significantly during the fatigue loading regimen.  
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The midspan deflection of the girder at the load level of 201.0 kN degraded from an initial 

value of 19.6 mm to 23.4 mm, after completion of 2 million cycles. 

 

The girder completed 2 million cycles with a total residual deflection of 3 mm due to fatigue-

creep effects in the concrete (El-Tawil et al. 2001).  Very little change in stiffness was 

observed.  The test girder was loaded after the fatigue loading up to a load level of 339 kN and 

a total deflection of 38.8 mm.  The flexural cracks near midspan and in the damaged region 

extended through the bottom flange as a result of this loading.  The girder was reloaded up to a 

load of 401 kN and total deflection of 51 mm during the second cycle.  During this cycle the 

cracking in the damaged area and within the limits of CFRP repair did not extend, but new 

cracks were noticed just outside the termination point for the longitudinal CFRP.  The test was 

stopped since the load carrying capacity of the girder exceeded the capacity of the actuator and 

testing frame. 

 

The final monotonic test to failure started after installation of the new test frame at midspan.  

At a load of 449.3 kN the flexural crack just outside the CFRP repair area extended into the 

web.  Cracks in the damaged region did not extend farther than the top of the bottom flange 

due to the presence of the tension strut longitudinal CFRP.  At a load of 582.7 kN, crushing of 

the concrete was observed in two locations: 1) on either side of the loading plate at midspan 

and 2) above the damaged region in the compression zone at the location of a saw cut which 

was used to remove the cast-in-place diaphragms.  The maximum measured load was 605.4 kN 

at a midspan displacement of 146.7 mm.  The load dropped 8.9 kN after the maximum load 

was obtained and the loading rate was increased to 5.1 mm/min.  At a displacement of 156.8 

mm, a large flexure-shear crack suddenly formed outside the longitudinal CFRP repair area 

and connected to the concrete crushing zone near the edge of the loading plate and caused 

catastrophic failure as shown in Figure 4.11.  Complete test results are presented in the next 

Chapter. 
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Figure 4.11 Girder AASHTO1 after failure 

4.6 AASHTO2 
During the initial loading phase, visual flexural cracking of the undamaged specimen was first 

observed at 334 kN, occurring directly below the loading plate at midspan.  The specimen was 

then reloaded to 415 kN to observe the crack reopening load, which was approximately 225 

kN.  The girder was then unloaded and reloaded one final time to 466 kN at a displacement of 

78.5 mm, which was estimated to be 90 percent of the girder’s ultimate load capacity.  The 

final initial load level caused a residual midspan deflection of 6.53 mm.   

 Following the removal of the concrete section previously described in Chapter 3, the 

girder was loaded up to 267 kN.  A residual deflection of 10.5 mm formed between the first 

initial loading up to 267 kN and the loading after the removal of the concrete section.  After 

the cutting of prestressing strands, the girder was loaded up to 219 kN to examine the fully 

damaged behavior of the member.  This loading resulted in an increase in girder deflection of 

0.46 mm.  However, a loss of stiffness occurred due to the cutting of the prestressing strands.  

The test was terminated because of the sudden non-linear behavior of the girder. 
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Once the damaged concrete was repaired and CFRP sheets installed, a final static test of was 

performed in one cycle monotonically to failure.  Cracking of the non-prestressed repair 

material first occurred at midspan at a load of 47.2 kN and occurred at the undamaged side at 

229 kN.  These cracks were not visible but were able to be detected by instrumentation.  The 

loading was continued up to 502 kN, but no cracks were visible outside of the CFRP repaired 

region.  Localized concrete crushing occurred at the left edge of the loading plate on the side of 

the simulated damaged at a load of 556 kN.  Loading continued until the girder noticeably 

shifted approximately 25.4 mm out-of-plane towards the damaged side.  The maximum load 

achieved was 601 kN with a midspan deflection of 121 mm.  The concrete crushing failure is 

shown in Figure 4.12.  Complete test results are presented in Chapter 5. 

 
Figure 4.12 Localized concrete crushing in girder AASHTO2 

4.7 AASHTO3 
During the initial loading, visual cracking of the undamaged specimen was first observed at a 

load of 262 kN, occurring directly below the loading plate at midspan.  Additional flexural 

cracks formed as an additional three cycles were performed up to a load of 396 kN.  It should 

be noted that several small cracks did not form during the loading regime, but one large crack 
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and several medium cracks formed instead.  The large crack extended all the way up through 

the top of the girder.  The final initial load was approximately 80 percent of the estimated 

ultimate capacity of the undamaged section and caused a residual midspan deflection of 6.1 

mm. 

 

Following the removal of the concrete section, the girder was loaded up to 224 kN.  After 

cutting three prestressing strands, the girder was loaded up to 223 kN to examine the fully 

damaged behavior of the member, resulting in a residual deflection of 0.53 mm.  The final 

static test of AASHTO3 was performed monotonically to failure in two cycles.  The first 

visible crack appeared between two CFRP U-wraps just to the right of the fully encapsulated 

area; at a load of 289 kN.  The first cycle continued to load the specimen to 375 kN where 

cracking was heard beneath the CFRP but was not visible.  The girder was unloaded and 

reloaded to a maximum load of 647 kN and a midspan deflection of 137 mm.  Failure of the 

girder was caused by crushing of the concrete beneath the left side of the load plate at 644 kN 

followed later by catastrophic failure as a flexural crack extended into the deck, splitting the 

member in two.  Figure 4.13 shows the progressive failure of girder AASHTO3. 

 
Figure 4.13 Concrete crushing of girder AASHTO3 
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4.8 AASHTO2C 
AASHTO2C, an undamaged AASHTO Type II girder used as a control specimen, was loaded 

at a constant rate of 1.3 mm/min up to a load of 1223 kN, then loaded at a rate of 0.5 

mm/min up to failure.  The first visual crack formed in the web at 45 degrees from the left 

support on the back side of the girder at a load of 1001 kN.  Additional shear cracks formed in 

the web as the girder continued to be loaded up to its ultimate capacity of 1840 kN before 

failing in web shear.  At ultimate, a shear crack on the shear critical span, left side, of the 

girder in the web propagated toward both the left support and left edge of the loading plate, 

causing the section to split along this line.  The catastrophic web shear failure is shown in 

Figure 4.14.  Complete test results are presented in Chapter 5. 

 
Figure 4.14 Web shear failure of control girder AASHTO2C 

4.9 AASHTO2R 
AASHTO2R was loaded as evenly as possible using a 600 k (2669 kN) hand-controlled jack.  

The first visible crack formed on the test specimen at a load of 1530 kN just beyond the right 

termination point of the CFRP on the front side of the girder.  It is possible that other cracks 

formed prior to this, but were not visible beneath the CFRP.  The girder was then loaded to an 

ultimate load of 1985 kN where a flexure-shear crack propagated from the undamaged side of 
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the girder to the support.  Prior to the propagation of the flexure-shear crack, the transfer 

zone at the end of the undamaged side failed, and vertical splitting cracks formed in the bottom 

flange.  The flexural-shear failure is shown in Figure 4.15 and the failure of the transfer zone is 

shown in Figure 4.16.   

 
Figure 4.15 Flexure-shear failure on undamaged side of girder AASHTO2R 

 
Figure 4.16 Failure of transfer zone of girder AASHTO2R 
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After failure of the transfer zone and during propagation of the flexure-shear cracks to the 

compression zone, large crack opening displacements led to peeling of CFRP transverse U-

wraps on the undamaged side of the girder.  Outward forces in the FRP resulting from the 

conformation of the material around the web-bottom flange interface as illustrated in Figure 

4.7 led to the peeling that can be observed in Figure 4.17. 

 
Figure 4.17 Detail of peeling of CFRP stirrups on undamaged side 
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CHAPTER 5: 

EXPERIMENTAL RESULTS AND MODELING – STRENGTHENING 
AND REPAIR 

In order to present the test results along with their analytical predictions, the results of the 

tested girders as well as descriptions of several analytical procedures are presented in this 

section.  Test results are presented to compare the behavior of the various strengthening 

systems used in this research and the capability of the analytical modeling to predict the 

behavior.  Three types of analytical modeling are described in this section: a flexural model 

developed to predict the short term response of the strengthened girders, a finite element 

simulation, and a cracked section analysis computer program. Test results for the strengthened 

C-Channel girders tested under static and fatigue loading are presented as well as the test 

results of the repaired AASHTO girders tested under static and fatigue loading conditions. 

5.1 Modeling  

Flexural Model 

The short-term response of the FRP strengthened prestressed concrete members tested 

experimentally in this research was determined using a layer-by-layer moment-curvature 

analysis.  Using the plane sections remain plane assumption, the strain profile at any depth 

through the section can be determined from two variables: the strain in the extreme 

compression fibers (εt) and the depth to the neutral axis (c), as shown in Figure 5.1.  The 

procedure begins by fixing εc and assuming a value for c.  The integration of the internal 

stresses over any section must be equal to the sectional force or, in the case of no externally 

applied axial load, equal to zero.  It is an iterative process: if equilibrium condition is not 

satisfied, the value of c must be changed and the process begun anew.  Once equilibrium is 

satisfied, the external bending moment applied to the section is found through integrating the 

moment resultant of the internal stresses.  For a strengthened section, 

 0
c s ps f

c c s s ps ps f f
A A A A

f dA f dA f dA f dA+ + + =∫ ∫ ∫ ∫  (5.1) 

 y y y y 
c s ps f

c c s s ps ps f f
A A A A

f dA f dA f dA f dA M+ + + = −∫ ∫ ∫ ∫  (5.2) 
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Figure 5.1 Cross-section and strain profile of strengthened girder  

The full stress-strain relationship for concrete used is shown in Figure 5.2.  Three separate 

behaviors are present which will be discussed individually: compressive (fc1), uncracked tensile 

(fc2), and cracked tensile (fc3). 
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Figure 5.2 Stress-strain relationship of concrete 

The compressive stress-strain relationship of concrete in flexural members will differ in shape 

and magnitude from that obtained through representative cylinder tests and can be attributed 

to the effects of casting the cylinders in forms having different compaction, curing and drying 

conditions than that of larger structural elements (Hognestad, 1951).  Since the majority of the 
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concrete cylinders tested under uniaxial compression in this study were taken from core 

samples taken from the tested structural elements, no calibration factor is warranted to 

account for this difference.  The compressive model used (Collins and Mitchell, 1997) is based 

on an earlier model predicting the response of normal weight concrete cylinders to uniaxial 

compression (Popovics, 1973). 

 
( )

( )
'

'
1 '

c c
c c nk

c c

n
f f

n

ε ε

ε ε
=

− +
 (5.3) 

where ε’c is the maximum value of the concrete compressive strain (εc).  The factor n depends 

on the ratio Ec/E’c, and the factor k describes the descending branch of the relationship and can 

be determined from cylinder tests.  If only the maximum concrete strength (f ′c) is known, 

these factors can be determined for normal weight concrete from the following equations. 
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'
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The initial tangent stiffness of the concrete, or modulus of elasticity of the concrete (Ec), was 

calculated by using the ACI Code (ACI 318, 2005) equation for normal strength concretes.  

For high strength concrete this equation has shown to overestimate Ec so the following equation 

was used if f ′c was greater than 41 MPa (Bentz, 2000): 

 '3320 6900c cE f= +  (5.7) 

 

The uncracked tensile behavior of concrete was modeled as linear-elastic up to failure with the 

cracking strength (ft) taken as (Bentz, 2000): 

 ( )0.4'0.45t cf f=  (5.8) 

which corresponds to a cracking strength at any value of concrete tensile strain (εct) as: 

 2c c ct tf E fε= ≤  (5.9) 
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The initial tangent tensile stiffness of concrete was assumed to have the same value as the 

compression stiffness. 

 

Well reinforced cracked concrete still exhibits strength in tension, primarily in the effective 

embedment zone surrounding the longitudinal reinforcement.  The tension stiffening effect is a 

result of bond stresses present below the neutral axis and between the flexural cracks.  Tension 

stiffening can also be found away from the effective embedment zone, and the following model 

was used to estimate the effect (Bentz, 2000): 

 
( )3

21 500
t

c
ff

ε
=

+
 (5.10) 

where ε2  is the concrete tensile strain beyond cracking and can be expressed as ε2=εct- ft/Ec.   

  

From earlier compatibility assumptions and using the coordinate system shown in Figure 5.3, 

the compressive and tensile strains in the concrete can be shown to be: 

 1c yε φ=  (5.11) 

 2ct yε φ=  (5.12) 

where φ is the curvature of the section.    The total resultant of the internal stresses in the 

concrete can be expressed as: 

 1 2

c

c c c c c
A

f dA C T T= − −∫  (5.13) 

where Cc is the resultant of the concrete compressive stress, Tc1 is the resultant of the 

uncracked concrete tensile stress, and Tc2 is the resultant of the cracked concrete tensile stress.  

With strain relations shown above, these resultants can be expressed as: 
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where h is the height of the section and b(y1) and b(y2) are the variable widths of the concrete 

section above and below the neutral axis depth respectively.   

 
Figure 5.3 Internal stress resultants of FRP strengthened girder 

The solutions to these integrals are best found using Simpson’s rule: 

 ( ) ( ) ( ) ( ) ( ) ( ) ( )0 1 2 3 14 2 4 4
3

b

n n

a

b af x dx f x f x f x f x f x f x
n −

− ⎡ ⎤≈ + + + + + +⎣ ⎦∫   

         (5.17) 

where n is the number of quadratic elements in the discretization. 

 

The lever arms of the concrete resultants (dcc, dct1, dct2) from the extreme compression fiber can 

be found by finding the centroid, or the first moments of the area divided by the area. 

 

It is a more straightforward procedure to calculate the force resultants in a particular section 

curvature for the steel and FRP material.  Since they can be broken down into discreet 

elements, no integration is necessary: just a solution of the closed-form stress-strain 

relationships.  For the steel elements (both the regular reinforcing, and the prestressing 

strands) the Ramberg-Osgood equation was used to model the tensile behavior (Collins and 

Mitchell, 1997): 
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where fs is the steel tensile stress, fps is the prestressing steel tensile stress, Es is the steel 

modulus of elasticity and εs is the steel tensile strain.  The constants A, B, C can be calibrated 

with results from tension tests.  Strain hardening effects in the regular reinforcing steel were 

not modeled. 

 

The stress-strain relationship of FRP tensile coupons shows nearly linear-elastic behavior to 

failure.  The behavior of FRP used as strengthening material on a reinforced or prestressed 

concrete member is quite different, and depends on many bond-related mechanisms which are 

discussed in detail in Part 2 of this dissertation.  Assuming perfect bond, the material can be 

modeled as: 

 f f f fuf E fε= ≤  (5.19) 

where ff and εf are the stress and strain in the FRP material, respectively, and Ef and ffu are the 

elastic modulus and ultimate stress at rupture of the FRP material.   

 

Through applying compatibility conditions, the strains in the steel and FRP material can be 

expressed as: 
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where εc is the strain in the extreme compression fiber of concrete, c is the neutral axis depth, 

and dsi, dpi and df are the depth to the internal steel, prestressing strands and FRP materials 

respectively. 
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Next the force resultants in the steel (Ts), the individual prestressing strands i (Tps), and the 

FRP material (Tf) can be found by multiplying the stresses with the corresponding areas: 
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 f f f f f fu f fT nE t b f nt bε= ≤  (5.25) 

where fy and fpu are the yield strength of the regular steel reinforcing and the ultimate strength 

of the prestressing strands.  tf and bf are the thickness and width of the FRP material, and n 

represents the number of layers of FRP. 

 

Using equilibrium conditions, the resulting force of the section can now be found by: 

 1 2c s c c psi fN C C T T T T= + − − − −∑  (5.26) 

If N≠0, then the value for neutral axis depth (c) should be changed until equilibrium is 

obtained.   

 

From the forces acting on the section as shown in Figure 5.3, the moment (M) acting on the 

section is: 

 1 1 2 2c ct c ct psi psi f f c cc s sM T d T d T d T d C d C d= + + + − −∑  (5.27) 

 

As different values of strain in the extreme compression fiber of concrete (εc) are assumed, a 

moment-curvature (M-φ) relationship will be obtained.  The load versus deformation response 

of the member can be calculated from the M-φ relationship by numerically integrating the first 

moment of the curvatures over half the length of the beam: 
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Part 1: Repair/Strengthening  ▐   Chapter 5. Results and Modeling 

 

110 

The M-φ behavior of the flexural model is shown in Figure 5.4.  For the particular cross-

section shown, which is modeled after girder EB1S, the model predicts a mode of failure of 

FRP rupture at a moment of 4350 kN-m.  Soon after the rupture of the FRP, the lowest two 

prestressing strands rupture.  After further curvature is applied to the section, the second layer 

of prestressing strands ruptures.  Also shown in the figure is the M-φ relationship determined 

from the computer program Response 2000, which is discussed later in this section. 

 
Figure 5.4 Comparison of flexural model with analysis program Response. 

Finite Element Simulations 

ANACAP is a non-linear finite element program for analysis of plain, reinforced and 

prestressed concrete members and structures and was developed by the ANATECH 

Corporation.  The program was used to run finite element simulations on all the tested girders 

with the various repair and strengthening configurations.  The 3-D modeling capabilities of 

ANACAP, along with advanced analytical models for the constituent materials, provide 

accurate predictions of the behavior of concrete structures (James 1997). 

 

ANACAP uses the smeared cracking methodology for modeling of concrete where cracking is 

assumed to be distributed over an entire element.  This mechanics-based philosophy uses 
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plasticity theory that incorporates cracking and other concrete properties.  Values for the 

elastic modulus and nominal compressive strength of concrete were obtained from testing of 

the concrete cores extracted from the tested girders.  The effect of concrete confinement at 

different stress levels was incorporated into the analysis as well as an elastic modulus allowing 

for changes between the three distinct zones of the stress-strain curve of concrete – the initial 

linear region, strain hardening region and strain softening region.  Opening and reopening of 

cracks can also be simulated for cyclic loading regimes and the program considers the effects of 

aggregate interlock and their effect in lowering shear capacity as crack widths increase at high 

load levels. 

 

The stress strain characteristics of the prestressing steel was based on material testing of 

prestressing strands.  The ANACAP program considers other factors inherent in the behavior 

of reinforcing in concrete such as:  1) Bond slip, 2) Anchorage loss, 3) Discontinuities in strain 

at locations of cracks, and 4) Buckling of compression reinforcement after crushing of 

concrete.  Characteristics of the CFRP material were also based on material testing and 

presented as perfectly linear elastic to failure.  Since the original program was not designed for 

these types of materials, it was required to analyze the load-deflection response and terminate 

the behavior if the strain in the CFRP reached the desired rupture strain value. 

 

The concrete cross section of the girder was modeled with 20 node elements using quadratic 

isoparametric displacement interpolation.  The prestressing steel and the CFRP were modeled 

as sub-elements within the concrete section elements.  Modeling the loading and supports 

reflected the conditions encountered during laboratory testing.  The applied load was 

distributed at midspan over an area of 254 mm x 508 mm, and spring supports used to 

simulate the behavior of the neoprene pads.  The load-deflection response of the modeled 

girders was obtained using ANACAP by the incremental application of the load up to failure.  

At each load interval, equilibrium is obtained and the stiffness of the member recalculated to 

adjust for nonlinearity.  Experimental verification of the accuracy of the program can be found 

elsewhere (Hassan and Rizkalla 2003, 2004). 
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Cracked Section Analysis 

In addition to the flexural model and the non-linear finite element simulations, a cracked 

section analysis was performed for the repaired and strengthened girders using Response 

2000© software.  Verification of this program can be found elsewhere (Bentz 2000).  Due to 

limitations of the geometry input of the program, the concrete section of the C-Channel 

girders was modeled as a single-tee type section by combining the two webs of test girders. 

The cross section of the AASHTO girder was directly used without modification.  Strength of 

the concrete for each girder was based on material testing of concrete core sample.  The 

concrete behavior was modeled using the Popovics curve.  Tension stiffening was included in 

the analysis. The prestressing steel was modeled using the Ramberg-Osgood function, using 

constants corresponding to the behavior observed in tension tests on samples taken from each 

girder.  The CFRP was assumed to be linear-elastic up to failure with modulus of elasticity and 

rupture strain values determined from tension coupon tests.   

Shear Model 

An analysis technique utilizing two different design approaches was used to model the girder 

repaired with CFRP in shear.  A method from the Precast/Prestressed Concrete Institute 

(PCI) (2006) design manual was combined with the shear analysis approach from ACI 

Committee 440 (2002).  A brief summary and description of the model is provided here.  A 

complete design example is provided in Miller (2006).  There are several steps in the model 

for prediction of the shear capacity of an impact-damaged and CFRP repaired AASHTO girder: 

 

1. The first step is to determine the shear capacity of the undamaged girder using the 

PCI (2006) guidelines. 

2. The second step is to determine the flexural capacity of the undamaged girder. 

3. The shear capacity of the damaged section is then evaluated using the PCI (2006) 

guidelines.  The repaired section is modeled with the appropriate number of 

prestressing strands missing and concrete damaged.  The difference in shear capacity 

between the damaged and undamaged is restored using CFRP sheets modeled using 

the recommendations of ACI Committee 440 (2002).   
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4. The last step is to restore the flexural capacity of the repaired section with CFRP 

sheets. 

 

 

Step 1: Calculation of Shear Strength of Undamaged Section 

The shear strength of the undamaged section was determined using the PCI Design Handbook 

(2006).  The nominal shear strength along the length of the girder (Vn) was determined by 

finding the shear strength contribution from the concrete section (Vc) and the shear strength 

contribution from the steel stirrups.  The detailed analysis included determining the web shear 

capacity (Vcw) and the flexure-shear capacity (Vci) at each section: 

 '

max

0.05 i cr
ci c w d

V M
V f b d V

M
= + +  (5.29) 

 ( )'0.29 0.3cw c pc w pV f f b d V= + +  (5.30) 

where Vd is the shear force caused by the unfactored dead load, Vi is the factored shear force at 

a section due to externally applied loads, Mcr is the cracking moment of the section, Mmax is the 

maximum factored moment at a section due to externally applied loads, fpc is the compressive 

stress in concrete at the centroid due to effective prestressing forces, and Vp is vertical 

component of the effective prestress force at the section centroid.  Mcr is the cracking moment 

and can be calculated as: 

 ( )'0.50cr c pe d
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IM f f f
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⎛ ⎞
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⎝ ⎠
 (5.31) 

where I is the moment of inertia, yt is the distance from the top of the girder to the center of 

gravity,  fpe is the compressive stress in concrete at extreme tension fiber due to effective 

prestressing forces, and fd is the stress due to service dead load. 

 

The shear strength contribution from the internal steel reinforcing (Vs) can be calculated as: 

 v y
s

A f d
V

s
=  (5.32) 
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where Av is the area of the shear reinforcement, fy is the yield stress of the shear reinforcement, 

and s is the spacing between stirrups.  The nominal shear strength (Vn) is then determined by 

Vn=Vc+Vs for several points along the length of the girder. 

Step 2: Calculation of Flexural Strength of Undamaged Section 

The moment capacity of the undamaged section can be calculated using a cracked section 

analysis approach similar to the one described in the previous section.   

Step 3: Restore the Shear Capacity using CFRP 

The third step in the shear model gives an analysis of the damaged prestressed concrete beam 

repaired with CFRP.  This task was performed using the same procedure described in step 

one, with the application of an additional term to account for the presence of FRP materials 

(Vf) based on ACI Committee 440 (2002) guidelines.  First the shear capacity of the damaged 

section should be calculated with an appropriate reduction in prestressing force contribution, 

and a reduced value for the concrete contribution (Vc) corresponding to the level of damage in 

the section.  The nominal shear strength (Vn) can be calculated using: 

 ( )n c s f fV V V Vψ= + +  (5.33) 

where (ψf) is a reduction factor set equal to 0.95 for completely wrapped members and 0.85 

for U-wraps.  The shear contribution from the FRP material can be calculated using: 

 
( )sin cosfv fe fv

f
f

A f d
V

s
α α+

=  (5.34) 

where Afv is the area of CFRP shear reinforcement, ffe is the tensile stress in the CFRP shear 

reinforcement at ultimate, α is the angle of the CFRP, dfv is the depth of CFRP shear 

reinforcement, and sf is the spacing of the CFRP shear reinforcement.  The tensile stress in the 

shear reinforcement can be calculated using ffe=εfeEf, where εfe is the effective strain in the 

CFRP system and Ef is the tensile modulus of elasticity of the CFRP. 

 

The type of CFRP system used for shear strengthening determines the effective tensile strain 

permitted.  The effective tensile strain for U-wrap systems was calculated using: 

 0.004fe v fuε κ ε= ≤  (5.35) 
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where κv is the bond-reduction coefficient, and εfu is the design rupture strain of the CFRP.  

The bond reduction coefficient is a function of the concrete strength, type of wrapping 

scheme, and laminate stiffness, and can be computed as follows: 

 1 2 0.75
11900

e
v

fu

k k L
κ

ε
= ≤  (5.36) 

 

where  k1 and k2  are modification factors that account for the concrete strength and type of 

wrapping system, and Le is the active bond length over which the majority of the bond stress is 

maintained.  The active bond length and modification factors are calculated as follows: 
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where n is the number of layers and tf is the thickness of the FRP material. 

 Step 4: Restoration of the Flexural Strength of the Section 

The damaged section may have lost significant flexural strength, and this should be restored 

using longitudinal FRP placed on the tension side of the beam.  Using the cracked section 

analysis approach described earlier, a design for sufficient longitudinal FRP can be obtained. 

5.2 Results and Discussion: Strengthening 
A total of twenty-one prestressed concrete C-Channels were tested as part of the 

Strengthening Study: eleven girders under static loading conditions and ten girders tested 

under fatigue loading conditions.  The experimental test results, discussion, and modeling 

predictions are provided in this section, divided into two sections representing the applied 

loading conditions. 
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C-Channel Static Tests 

Eleven girders were tested monotonically to failure as part of the Strengthening Study: one was 

a control specimen, nine were strengthened with various carbon fiber reinforced polymer 

(CFRP) materials, and one was strengthened with steel reinforced polymer (SRP) material.  

Nine of the girders were prestressed with a Type C1 configuration, and two were prestressed 

with a Type C2 configuration (as designated in Chapter 3).  Since it was not known prior to 

testing that the girders had different prestressing strand configurations, no control girder was 

tested for the Type C2 configuration.  However, a Type C2 specimen was tested as a control 

girder in fatigue and showed very little degradation after 2 million cycles.  It is the data from 

the monotonic load which was applied after completion of the fatigue loading which is being 

used in this context as a control girder for the girders with a Type C2 prestressing strand 

configuration.  It should be noted that the behavior of the girders CS and CF2 was very similar, 

with ultimate loads of 147.7 kN and 142.3 kN for each girder respectively as depicted in 

Figure 5.5.  As a result of different prestressing strand configurations and different ultimate 

strand tensile strengths, all the results are separated according to the type of girder tested.   
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Figure 5.5 Experimental comparison between control girders 
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Type C1 Girders 

Nine Type C1 girders were tested monotonically to failure, one control girder and eight 

strengthened girders.  Summarized test results are shown in Tables 5.1 and 5.2. 

Crack Development  

Each of the girders was loaded up to the cracking load, unloaded, and reloading again to 

determine the cracking load and the effective prestress force which are shown in Table 5.1 and 

5.2.  Initiation of the flexural cracks was determined either by visual inspection or by analysis 

of the test data.  Typically, cracking occurred between the loads 53 and 63 kN.  Flexural 

cracks were located at the bottom of the C-Channel soffit near midspan, with a length near 

midspan equal to the depth of the girder from the edge of the loading area.  Spacing of the 

cracks was approximately 330 mm, which corresponds to the distance between the transverse 

stirrups used for the C-Channels.  As the applied load increased, all the girders developed 

additional flexural cracks along the span at the same spacing.   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 



Part 1: Repair/Strengthening  ▐   Chapter 5. Results and Modeling 

 

118 

Table 5.1 Summarized test results for Type C1 girders tested under static loading (Part 1) 

Specimen Designation CS NSM1S NSM2S EB1S EB2S 

Strengthening None NSM bars NSM strips EB strips EB sheets 

Cracking load, kN 56.0 55.2 55.2 52.9 53.8 

Ultimate load, kN 147.7 181.5 178.8 176.1 163.2 

Prestress losses, % 15.3 14.3 13.8 15.9 18.5 

Effective prestress, kN 71.2 70.7 69.4 72.1 66.3 

% Increase in capacity -- 22.9 22.6 19.3 10.5 

Ultimate concrete 
compressive strain, με 3000 3600 2500 3400 2600 

Ultimate CFRP tensile 
strain, με -- 13400 14500 12200 12900 

Exp/Manufacturer 
tensile strain in CFRP -- 80.2 85.3 72.2 129 

Failure Mode* C C C IC R 

Initial Stiffness**, 
kN/mm 4.97 4.66 4.68 5.08 4.83 

Secondary Stiffness†, 
kN/mm 

0.175 0.525 0.525 0.595 0.543 

Structural Efficiency, 
%/kN (Eqn 5.43) -- 1.42 1.33 0.98 0.58 

* R = rupture of CFRP near midspan, IC = Intermediate crack debonding, C=Concrete Crushing 
** defined from 9 kN to 45 kN 
† defined from 125 kN to 147 kN 
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Table 5.2 Summarized test results for Type C1 girders tested under static loading (Part 2) 

Specimen Designation EB3S EB4S EB7S SRPS 

Strengthening EB HM strips EB sheets EB sheets EB SRP 

Cracking load, kN 62.3 57.8 59.2 59.6 

Ultimate load, kN 129.4 236.2 192.3 216.1 

Prestress losses, % 15.9 17.5 13.0 17.6 

Effective prestress, kN 70.7 69.4 73.2 69.3 

% Increase in capacity -- 60 30.2 46.3 

Ultimate concrete 
compressive strain, με 2600 3000 3200 2800 

Ultimate CFRP tensile 
strain, με 1700 11700 10500 10200 

Exp/Manufacturer tensile 
strain in CFRP 41.4 117 103 65.8 

Failure Mode* R R C C 

Initial Stiffness**, kN/mm 5.69 5.17 4.88 4.78 

Secondary Stiffness†, 
kN/mm 

-- 1.051 0.770 1.000 

Structural Efficiency, 
%/kN (Eqn 5.43) -- 0.66 0.916 2.73 

* R = rupture of CFRP near midspan, C=Concrete Crushing 
** defined from 9 kN to 45 kN 
† defined from 125 kN to 147 kN 
 

Beyond an applied load level corresponding to yielding of the prestressing strands 

(approximately 100 kN), the cracking pattern of the control and strengthened girders 

diverged.  Increasing load initiated more cracks between the existing cracks.  At ultimate, the 

flexural cracking of the control specimen extended approximately 2000 mm from each side of 

midspan.  The flexural cracks of the strengthened girders extended farther at ultimate, up to 

3000 mm from each side of midspan.  The CFRP strengthening reduced crack spacing, crack 

width and crack growth for all of the strengthened girders with respect to the control girder.  

For the girders whose failure was due to crushing of the concrete, it was observed that flexural 

cracks within the loading area changed their direction near ultimate and extended towards the 

loading area and formed a compression fan.  The curvature of both the control and 

strengthened girders at failure was not sufficient to cause the flexural cracks to bifurcate, or 

fork, near the compression zone.  The cracking pattern and crack widths generated from a 



Part 1: Repair/Strengthening  ▐   Chapter 5. Results and Modeling 

 

120 

Response 2000© analysis of the control girder, a girder strengthened 20 percent, and a girder 

strengthened 60 percent is shown in Figure 5.6 which is representative of the crack patterns 

and widths observed during the individual tests.  The crack pattern of a girder strengthened 

using NSM bars which achieved a 20 percent increase in ultimate capacity (NSM1S) is shown in 

Figure 5.7.  The failure mode of this girder was concrete crushing followed by debonding 

which created forking cracks in the concrete cover between the NSM CFRP and the lower 

prestressing strand. 

 
Figure 5.6 Response 2000© crack widths (in mm) 
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Figure 5.7 NSM bars strengthened girder (NSM1S) showing crack profile around midspan 

PI gauges mounted near the bottom of the C-Channel soffit at midspan were used to measure 

the tensile strain in the concrete at various load levels.  The average crack width at midspan can 

be calculated using the measured strains at any applied load level from the following equation: 

 
( )ci ccr PI

ave

l
CW

n
ε ε− ×

=  (5.40) 

Where εci is the measured strain at a certain applied load level, εccr is the measured strain in the 

concrete at the flexural cracking load, lPI is the length of the PI gauge, and n are the number of 

cracks observed within the PI gauge length.  The load versus the average crack width at 

midspan for the Type C1 girders is shown in Figure 5.8.  The figure indicates that the presence 

of the strengthening system restrained crack opening and growth with respect to the control 

girder, CS.  At ultimate, the crack widths of the strengthened girders were as much as 400 

percent less than the control girder. 
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Figure 5.8 Load versus crack width for Type C1 girders tested under static loading  

Stiffness 

Prior to cracking, the strengthened girder and the control girder behaved elastically.  Based on 

the load versus displacement relationships measured during the test, the initial flexural stiffness 

(ki) of the C-Channels was determined for each tested girder and shown in Tables 5.1 and 5.2.   

Comparing the initial stiffness of the strengthened girders with the initial stiffness of the 

control girder, it was obvious that the strengthening system has very little effect on the initial 

stiffness.  However, using a strengthening system to achieve a 60 percent increase in ultimate 

capacity, modest increases in initial stiffness can be obtained.  The girder strengthened with 

high modulus strips increased the initial stiffness 14.7 percent above than the control 

specimen.  The measured secondary stiffness, calculated within the load range 125  kN to 147  

kN is shown in Tables 5.1 and 5.2.  This value represents the stiffness which is expected during 

an extreme overloading type event.  Since girder EB3S did not reach loads corresponding to 

yielding of the prestressing strands before rupture of the CFRP, the stiffness was not 

calculated, although stiffness before rupture was high.  As expected, the girder strengthened to 

achieve a 60 percent increase in ultimate capacity had the highest secondary stiffness for the 

Type C1 girders, six times the value determined for the control girder CS. 
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Effective Prestress 

The effective prestress force in one strand (Peff) of the Type C1 girders was determined from 

the loading and unloading scheme adopted at the beginning of each test.  From the crack 

reopening load (Pro) the effective prestress can be solved from: 

 
10 1 1 0

8 4
f f i roD

c b b b

P P e P LL
A S S S

ω×
+ − × − × =∑  (5.41) 

where ωD is the distributed self weight of the girder, ei is the eccentricity of the prestressing 

strand with respect to the neutral axis of the section, L is the clear span length, Ac is the cross-

sectional area of the girder, and Sb is the section modulus of the girder below the neutral axis.  

The measured values of effective prestress force per strand varied between 66.3 kN and 72.1 

kN for girders with Type C1 prestressing configuration.  From the C-Channel specifications, 

the initial jacking force was 84.1 kN, equivalent to 0.7fpu where fpu was specified as 1723 MPa.  

Long-term losses calculated using the initial jacking force varied between 13.0 percent to 21.2 

percent for the girders with Type C1 prestressing configuration.  Many of the experimentally 

determined values for losses are less than the value of 20.1 percent given in Collins and 

Mitchell (1991) for typical prestress losses in 1723 MPa prestressing strands and the losses of 

28.5 percent calculated using the AASHTO specification (2004) lump-sum method.   

 

In some cases where the load corresponding to crack reopening was not determined, the 

cracking load itself was used to calculate the effective prestress in the strands by using the 

modulus of rupture for the concrete (AASHTO 2004) substituted for zero in Equation 5.30: 

 0.625 'f c  (5.42) 

Structural Efficiency 

The structural efficiency (SE) of a CFRP strengthening system was evaluated using the 

following expression: 

 
f f

SSE
E A

=  (5.43) 

where S is the percent increase in ultimate flexural capacity achieved using a CFRP system 

compared to the control girder and Ef and Af are the elastic modulus and area of CFRP material 

respectively.  Material properties of the CFRP, including thickness of the laminates, were 
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measured for each case.  The structural efficiency as defined represents how efficient the CFRP 

strengthening system is with respect to the amount of material and its stiffness.  The results 

indicate that NSM systems had the highest structural efficiency, around 1.5 %/kN).  These 

values are provided in Tables 5.1 and 5.2.  The NSM systems performed well under this 

definition as a result of the high rupture strains that were achieved during the test due to the 

superior bond characteristics that can be achieved for this type of system.  The other CFRP 

systems failed earlier due to the limited strain achieved at ultimate or debonding such was the 

case for the high modulus material and the CFRP strips respectively.  The only other system 

which achieved a high percentage of structural efficiency were the girders strengthened with 

externally bonded normal modulus sheets or steel reinforced polymer material.  In these cases, 

the amount of CFRP material installed using the wet lay-up system, and as a result lower 

values of stiffness, gave lower values of structural efficiency.   

Ultimate Load and Displacement 

Test results indicate that the addition of a brittle material such as CFRP to a ductile structural 

member such as prestressed concrete does not reduce the overall ductility of the member.  As 

shown in Figure 5.9, the ultimate loads of a prestressed concrete girder can be substantially 

increased using CFRP materials without sacrificing the ductility of the section.  The failure of 

girder EB1S strengthened with externally bonded precured strips is discussed in detail in Part 2 

of this dissertation. 
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Figure 5.9 Load versus displacement response of Type C1 girders 

The failure mode of two girders, EB2S and EB3S, was rupture of the CFRP material before 

achieving their design goals.  After rupture of the high modulus CFRP strips in girder EB3S, 

the behavior followed closely the behavior of the control girder (CS).  However, as a result of 

the damage imparted on the section because of the sudden rupture of the CFRP, the girder 

failed at an ultimate displacement lower than that of the control girder.  Girder EB4S, 

strengthened with four layers of normal modulus CFRP sheets, failed due to rupture of the 

CFRP material.  The rupture occurred at the location of the CFRP U-wrap closest to midspan 

and occurred simultaneously throughout the four layers in each web.  The measured concrete 

strain at ultimate was 3000 με .  The measured tensile strain in CFRP at ultimate was 1.17% 

which is 117 percent of the manufacturer’s specified rupture strain.  Two of the strengthened 

Type C1 girders (NSM1S and NSM2S) experienced failure at ultimate due to concrete crushing 

which was the same failure mode as the control girder (CS).  After crushing of the concrete, 

due to the sudden increase in the curvature of the girder, the NSM systems debonded from the 

concrete substrate.  The maximum measured compressive strain in concrete at failure for both 
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girders was 3600 με.  The failure of girders EB7S and SRPS was due to concrete crushing, and 

the measured value of maximum concrete compressive strain was around 3000 με. 

Predicted versus Experimental 

Two of the strengthened C-Channel girders with Type C1 prestressing strand configuration 

were analyzed using the two analysis systems described earlier in this chapter: 1) the proposed 

flexural model, and 2) finite element simulations.  For the girder strengthened with NSM bars 

(NSM1S), the measured ultimate load was 181.5 kN, whereas the ultimate load determined 

from the flexural model and the finite element simulations were 162.9 kN, 182.0 kN 

respectively, a difference of -10.2% and 0.3%.  For the girder strengthened with four plies of 

externally bonded sheets (EB4S), the ultimate loads from the flexural model and the finite 

element simulation deviated 4.8% and 8.7% respectively compared to the experimental 

values.  The predicted ultimate displacement values for the finite element simulations on both 

girders were close to the experimental values.  For the flexural model, the displacement values 

were slightly lower than the measured values, most likely a result of concrete confinement 

around the loading area, a fact that was not taken into consideration in the analysis.  The 

analysis versus experimental curves for girders NSM1S and EB4S are shown in Figure 5.10 and 

5.11 respectively. 
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Figure 5.10 Analysis versus experimental for girder NSM1S 
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Figure 5.11 Analysis versus experimental for girder EB4S 

Type C2 Girders 

Two strengthened girders with a Type C2 prestressing strand configuration, EB5S and EB6S, 

were tested under static loading conditions.  The static testing to failure of the unstrengthened 

girder CF2 after 2 million fatigue cycles was used as a control girder, as explained in the 

introduction to this section. 

Crack Development 

Due to the fact that the behavior of C-Channel type girders with Type C1 and Type C2 

prestressing strand configurations are very similar, the cracking pattern both before and after 

yielding of the prestressing were similar for the control girder and for the strengthened 

girders.  The transverse reinforcing stirrups were located at similar spacing in both the Type 

C1 and Type C2 prestressing configurations so therefore the spacing of the flexural cracks was 

similar for both types of girders.  The eccentricity of the prestressing was slightly higher for the 

Type C2 configuration.  In addition, the strain at which yielding of the prestressing occurred 

was greater for the Type C2 configuration due to the use of higher strength strands with an 

ultimate tensile strength of 1862 MPa.  As a result, the flexural cracking observed for the Type 
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C2 girders extended slightly farther away from midspan section at failure due to the higher 

curvature which occurred at failure.  The cracking load was substantially higher for the Type 

C2 girders than for the Type C1 girders due to the larger prestressing eccentricity even though 

the two types had approximately the same total effective prestress force.   These values, along 

with other test results are given in Table 5.3. 

Table 5.3 Summarized test results for Type C2 girders tested under static loading  

Specimen Designation CF2‡ EB5S EB6S 

Strengthening none EB sheets EB HM sheets 

Cracking load, kN 57.4 61.8 63.6 

Ultimate load, kN 142.3 246.0 149.9 

Prestress losses, % 13.8 13.8 15.2 

Effective prestress, kN 83.2 83.2 81.8 

% Increase in capacity -- 72.8 5.3 

Ultimate concrete 
compressive strain, με 3200 2900 2500 

Ultimate CFRP tensile 
strain, με -- 13300 2600 

Exp/Manufacturer tensile 
strain in CFRP 

-- 133 86.7 

Failure Mode* C C R 

Initial Stiffness**, kN/mm 5.36 5.80 5.99 

Secondary Stiffness†, 
kN/mm 

0.19 1.16 2.19 

Structural Efficiency, 
%/kN 

 -- 1.43 0.03 

* R = rupture of CFRP near midspan, C=Concrete Crushing 
** defined from 9 kN to 45 kN 
† defined from 125 kN to 147 kN 
‡‡ the control in this case is defined as the final static test on girder CF2 
 
The crack widths of the Type C2 girders, calculated using Equation 5.29, were less than their 

equivalent Type C1 girders.  Substantial reduction of crack widths compared to the control 

girder were observed for Type C2 girders strengthened with CFRP, similar to the behavior of 

the strengthened Type C1 girders..  The largest crack width reduction was measured in the 

girder strengthened with five layers of high modulus CFRP sheets (EB6S) prior to rupture of 

the CFRP as shown in Figure 5.12. 
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Figure 5.12 Load versus crack width for Type C2 girders tested under static loading 

Stiffness 

The initial stiffness of the strengthened Type C2 girders was 9 percent and 11 percent higher 

than the control girder for girders EB5S and EB6S respectively.  The secondary stiffness was 

considerably larger for the strengthened girder compared to the control.  The girder 

strengthened with the high modulus material has a secondary stiffness nearly double the girder 

with normal modulus material. 

Effective Prestress 

The effective prestress per strand for the Type C2 girders was greater due to the larger strand 

area and higher strength of the strands.  The effective prestress, as calculated from 

experimental data using Equation 5.30, varied between 81.8 kN and 83.2 kN.  The average of 

the Type C1 effective prestress forces per strand were 18 percent lower than the Type C2 

girders.  The jacking force was the same as the Type C1 girders, equivalent to 70 percent of 

the ultimate strength of the strands, which was 98.1 kN.  The prestress losses varied between 

13.2 and 13.8 percent, slightly lower than the losses observed in the Type C1 girders.  These 

values were less than a value of 20.1 percent recommended for prestress losses from Collins 
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and Mitchell (1991) and a value of 27.1 percent calculated using the AASHTO (2004) 

specification lump-sum method. 

Structural Efficiency 

The structural efficiency of the strengthened Type C2 girders was calculated using Equation 

5.32.  For the girder strengthened with high modulus CFRP sheets, the structural efficiency 

was very low due to the early rupture of the CFRP material before achieving the design goal.  

The girder strengthened with normal modulus sheets had a structural efficiency comparable to 

the Type C1 girders strengthened with NSM systems – yet the efficiency of NSM systems 

applied to Type C2 girders is not known.   

Ultimate Load and Displacement 

Ultimate load versus deflection of the Type C2 girders tested under static loading conditions is 

shown in Figure 5.13.  The ductility of the prestressed concrete section was maintained in 

girder EB5S with the installation of normal modulus CFRP sheets.  The ultimate load was 72.8 

percent higher than the control girder, and the ultimate displacement was only 16 percent less 

than the control.  It should be noted that since girder EB5S was unloaded at a load level of 

222.4 kN (see Chapter 3), there might be added ductility due to the benefits of aggregate 

interlock.  The failure mode of girder EB5S was due to crushing of concrete, similar to the 

control girder.  The maximum measured compressive strain in concrete at failure was 2900 με 

slightly lower than the observed value for the control girder.  The maximum tensile strain 

measured during testing of girder EB5S was 133 percent of the manufacturer recommended 

rupture strain. 
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Figure 5.13 Load versus deflection response of Type C2 girders 

Girder EB6S failed due to rupture of CFRP material at a load of 149.9 kN, which represents an 

increase of 5.3 percent over the ultimate load measured in the testing of the control girder.  

The maximum measured tensile strain in the CFRP at the rupture event was 2600 με, which is 

86.7 percent of the rupture strain used in design.  Although for the NSM strengthened Type 

C1 girders, this percentage may be acceptable, for the girder strengthened with high modulus 

material this loss in rupture strain capacity had a large influence on the observed behavior.  The 

high modulus material was very sensitive to fiber orientation and this could have played a role 

in the difference between the design and the measured rupture strain.  The failure was due to 

concrete crushing, after numerous CFRP rupture events along the length of the girder, at a 

measured concrete compressive strain of 2500 με .  The rupture events for girder EB6S 

continued far longer than the rupture events in girder EB3S, which was also strengthened with 

high modulus material, due to the better bond characteristics of the high modulus sheets 

compared to the strips. 
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Predicted versus Experimental 

One of the C-Channel girders with Type C2 prestressing strand configuration was analyzed 

using the proposed flexural model and finite element simulation as discussed earlier.  The finite 

element and flexural model analyses for girder EB5S are shown in Figure 5.13.  The analyses 

shown were conducted using design material properties provided by the manufacturer, not 

values obtained during material testing.  The strengthening scheme of girder EB5S was 

designed to increase the load carrying by 40 percent compared to the control girder.  The 

measured ultimate capacity was increased by 72.8 percent.  After the testing of the girder, it 

was found that the material properties provided by the manufacturer were conservative – 

including the stiffness and ultimate strength values which were larger than the specified values 

used in design. 
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Figure 5.13 Predicted versus experimental for girder EB5S 

C-Channel Fatigue Tests 

Ten girders were tested under cyclic loading conditions including two unstrengthened girders 

used as control specimens and eight CFRP strengthened girders.  One of the control girders 

and two of the strengthened girders had a Type C2 prestressing strand configuration, the rest 

were Type C1.  The results of the control girder with a Type C1 configuration are presented 
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here, but due to a testing equipment error, the girder was accidentally subjected to a high load 

which could have altered the behavior from what is typically measured.  Even though the load-

deflection response and ultimate capacity of the control girders with Type C1 and Type C2 

prestressing strand configuration are very similar, all the test results are separated according to 

each type.  As discussed in Chapter 3, the fatigue loading applied to the girders was 

determined assuming that the design load was HS-15, but it was later discovered that the 

design load for the original girders was a HS-13 type loading.  Therefore, when the specified 

live load for the fatigue testing was designed to represent a 20 percent increase over the 

assumed design load of HS15, it was actually representing a 41.0 percent increase over the 

original design load of HS-13.  Similarly, the loading for the girders designed to represent a 60 

percent increase over HS-15, was actually representing an 84.6 percent increase over the 

original design load of HS-13.  This admittedly severe loading provides the research work with 

an upper limit value for the possibilities of strengthening prestressed concrete with CFRP. 

Type C1 Girders 

Seven girders with a Type C1 prestressing configuration were tested under fatigue loading 

conditions: one control girder, five girders strengthened with CFRP, and one girder 

strengthened with SRP.  Summarized test results are presented in Tables 5.4 and 5.5. 
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Table 5.4 Summarized test results for Type C1 girders tested under fatigue loading (Part 1) 

Specimen Designation CF1 EB1F NSM1F NSM2F 

Strengthening - EB strips NSM bars NSM strips 

Cracking load, kN -- 53.8 51.2 53.8 

Prestress losses, % 14.3 18.3 18.3 17.6 

Effective prestress, kN 72.1 68.5 68.5 69.4 

Upper fatigue load, kN 48.9 57.8 57.8 57.8 

N, number of cycles 
achieved, thousands 

1076 625 2000 2000 

Failure Mode* RPS IC+RPS C C 

Ultimate load (residual), 
kN 

-- -- 178.8 164.1 

% change from virgin -- -- -1.5 -10.2 

Initial Stiffness**, kN/mm 3.55 4.83 5.15 4.66 
* RPS = rupture of prestressing strand, IC = Intermediate crack debonding, C=concrete crushing 
** defined from 9 kN to 45 kN 

Table 5.5 Summarized test results for Type C1 girders tested under fatigue loading (Part 2) 

Specimen Designation EB4F EB7F SRPF 

Strengthening EB sheets EB sheets EB SRP 

Cracking load, kN 69.8 57.4 62.3 

Prestress losses, % 14.3 16.7 11.7 

Effective prestress, kN 72.1 70.0 74.3 

Upper fatigue load, kN 57.8 & 72.7 54.0 54.0 

N, number of cycles 
achieved, thousands 

2000 2000 2000 

Failure Mode* R R C 

Ultimate load (residual), 
kN 

246.0 196.6 226.4 

% change from virgin 4.1 2.24 4.28 

Initial Stiffness**, kN/mm 5.45 6.21 6.16 

* R = rupture of CFRP near midspan, C = concrete crushing 
** defined from 9 kN to 45 kN 
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Load versus Displacement Hysteric Response 

After the completion of each fatigue cycling regime, a static test was performed.  Several static 

tests were performed at the beginning of the fatigue cycling since most of the degradation was 

expected to occur early in the fatigue regimen (Ahmad 2004).  The load versus displacement 

characteristics of five strengthened Type C1 girders, as well as the control girder, are shown in 

Figures 5.14 to 5.19.  The Type C1 control girder, CF1, failed due to a ruptured lower 

prestressing strand after 1.1 million cycles of fatigue loading equivalent to HS-15 type loading, 

which is equivalent to loading 15.3 percent higher than HS-13 type loading.  As mentioned 

previously, this girder was subjected to a sudden unmeasured load due to an error in the 

loading system.  The initial stiffness of this girder after the sudden loading was 39.6 percent 

less than the initial stiffness of an identical girder tested under static loading conditions, girder 

CS.  It is believed that the sudden and unmeasured load was high enough to cause yielding of 

the prestressing strands resulting in residual displacement and reduced fatigue life of this 

control girder.   
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Figure 5.14 Load versus displacement for girder CF1 

Girder NSM1F and NSM2F, strengthened with NSM bars and strips respectively, performed 

very similarly to each other since both girders were strengthened with a similar area of FRP.  
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The load versus displacement hysteresis of girder NSM1F is shown in Figure 5.15.  The 

displacement degradation during fatigue cycling for both girders was very small, on the order 

of 2 mm, and the girder stiffness after the initial cycles remained constant up to 2 million 

cycles.  The incremental increase of the deflection is mainly due to the fatigue degradation of 

the concrete in the compression zone (El-Tawil et al. 2001). 
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Figure 5.15 Load versus displacement for girder NSM1F 

A larger amount of energy dissipation can be noticed in the first cycles of girder EB1F 

compared to NSM1F or EB4F.  After 500,000 cycles, considerable displacement degradation 

was observed at the upper load level as shown in Figure 5.16.  The displacement degradation at 

the lower load level remained nearly constant, signifying stiffness loss.  At 625,000 cycles, 

failure occurred due to rupture of a lower prestressing strand.  The test was continued and 

significant stiffness loss and residual displacement was observed until catastrophic failure 

occurred near 900,000 cycles.  By inspection, it was noted that several of the strands were 

corroded at the lower level which could have caused the early fatigue failure girder EB1F. 
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Figure 5.16 Load versus displacement for girder EB1F 

Girder EB4F, strengthened with CFRP sheets, survived 2 million cycles of different loading 

levels as shown in Figure 5.17.  After 1 million cycles with an upper load value corresponding 

to a 20 percent increase in HS-15 live load (a 41.0 percent increase in HS-13 live load) with 

little degradation, the test was continued at an upper load value corresponding to a 60 percent 

increase in HS-15 live load (a 84.6 percent increase in HS-13 live load).  After the first cycles 

of the new level of loading, a large reduction in secondary stiffness was observed, yet the 

girder survived 2 million cycles with little additional degradation. 
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Figure 5.17 Load versus displacement for girder EB4F 

Girder EB7F, strengthened with two 127 mm layers of CFRP sheets, survived 2 million 

loading cycles equal to a 30 percent increase over HS-13 loading.  As explained earlier, an 

accidental malfunction of the load controller lead to application of an overload condition of 

133 kN.  This overload caused significant residual displacement equal to approximately 10 

mm, and may have yielded the prestressing strands due to the slightly non-linear behavior 

observed in subsequent fatigue cycles.  The load versus displacement response of the girder is 

shown in Figure 5.18. 
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Figure 5.18 Load versus displacement for girder EB7F 

Girder SRPF, strengthened with steel reinforced polymer material, was subjected to a fatigue 

load equivalent to a 30 percent increase over HS-13 loading.  Very little fatigue degradation 

was observed during testing and the girder survived over 2 million cycles.  The load versus 

displacement response of the girder is shown in Figure 5.19. 



Part 1: Repair/Strengthening  ▐   Chapter 5. Results and Modeling 

 

140 

0

10

20

30

40

50

60

70

80

0 5 10 15 20 25 30 35 40

Midspan Deflection (mm)

Ap
pl

ie
d 

Lo
ad

 (k
N)

Initial cycles
5k cycles
10k cycles
50k cycles
100k cycles
250k cycles
500k cycles
750k cycles
1000k cycles
1250k cycles
1500k cycles
1750k cycles
2000k cycles

Initial Cycles

2000k cycles

HS13 + 30%

HS15

HS13

Dead Load

 
Figure 5.19 Load versus displacement for girder SRPF 

Stress Ratio in Prestressing Strands 

Based on the literature review of the behavior of prestressed concrete in fatigue (see Chapter 

2), the prestressing strands have been identified as the most critical component affecting the 

fatigue life of a prestressed concrete member.  The stress ratio in a prestressing strand during 

fatigue cycling can be defined as: 

 2 1 100ps ps
ps

pu

f f
SR

f
−

= ×  (5.44) 

where fps1 and fps2 are the upper and lower stress values in the prestressing strand as a result of 

the fatigue loading, and fpu is the ultimate tensile strength of the strand.  The stress ratio in the 

lower prestressing strand was determined from experimental data by first determining the 

strain present in the strand from measured values: 

 ps i psPIε ε ε= +  (5.45) 

where εi is the initial strain in the prestressing strand after losses (determined from the 

effective prestress force) and εpsPI is the strain in the strand determined from PI gauge readings 

at a specific load level.  Once the strain in the strand was determined for the upper and lower 
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fatigue loads for any given girder, the stress in the strands can be determined by applying the 

Ramberg-Osgood function (Equation 3.1) with the appropriate material constants A, B and C 

(see Chapter 3).  The stress ratio in the lower prestressing strand versus the number of cycles 

is shown in Figure 5.20. 
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Figure 5.20 Stress ratios in prestressing strands versus number of cycles for Type C1 girders 

At midspan, the stress ratio for the lower prestressing strand is typically higher because of the 

higher eccentricity with respect to the neutral axis.  However, since the lower prestressing 

strands are straight in this prestressing configuration, they may not rupture first.  At the hold 

down points at midspan, the inclined strands are subjected to high stress concentrations and 

therefore they may rupture first under the effect of the applied stress ratio, as observed for 

girder EB4F.  Since the stress ratio in the first inclined strand is typically the highest, this is the 

strand which was analyzed.  The stress ratios for the lowest prestressing strand and for the first 

inclined prestressing strand can be determined using the cracked section analysis program 

Response 2000© and are given in Table 5.6 for each of the Type C1 girders tested in fatigue.  

The stress ratios applied to many of the girders were accurately predicted using the Response 

2000© analysis.   The stress ratios given by the Response analysis for girder EB4F and SRPF 

were conservative.  For girder EB1F it can be seen that the applied stress ratio in the applied to 
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the third prestressing strand from the bottom was close to the limit of 3.5 percent 

recommended by Muller and Dux (1994) and could have caused a rupture event in the inclined 

strands. 

Table 5.6 Summarized test results for Type C2 girders tested under fatigue loading 

Stress Ratio 
In lower prestressing 

strand (%) 
In first inclined 

prestressing strand 

CF1 7.0 0.9 

EB1F 7.9 3.6 

NSM1F 7.6 3.2 

NSM2F 8.4 3.6 

EB4F (1st loading regime) 4.7 1.5 

EB4F (2nd loading regime) 10.4 3.0 

EB7F 4.0 1.9 

SRPS 4.2 1.9 

 

The stress ratios induced in lower prestressing strands for the Type C1 girders tested in fatigue 

versus the number of cycles achieved are shown in Figure 5.21 along with three S-N curves to 

predict fatigue life, as discussed in Chapter 2.  The five girders which survived 2 million cycles 

are shown with arrows.  The early rupture of girder EB5F was due to rupture of an inclined 

prestressing strand.  The early rupture of girders CF1 and EB1F was mainly due to corrosion of 

the straight prestressing strands.  The behavior shows that both Naaman (1991) and Collins 

(1991) provide good estimation of the fatigue life behavior of a prestressed member with 

straight prestressing strands, while Muller and Dux (1994) gives a lower bound estimation of 

the life of a prestressed member with inclined prestressing strands. 
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Figure 5.21 Stress ratios in lower prestressing strands versus number of cycles 

Compressive Stress Ratio in Concrete 

The compression stress ratio of concrete (SRconc) can be calculated from the experimental 

results from: 

 max min

'
c c

conc
c

f fSR
f
−

=  (5.46) 

where fcmax and fcmin are the experimental values for concrete stress in extreme compressive fiber 

corresponding to the upper and lower load levels.  The compression stress ratio versus the 

number of cycles is shown in Figure 5.22.  Due to the impact loading exerted on the girder 

CF1, the concrete stress ratio shown is artificially high.  Similarly for girder EB7F, the 

unexpected loading after 1.25 million cycles caused the rise in stress ratio shown. 
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Figure 5.22 Compressive stress ratios in concrete for Type C1 girders 

In order to determine the minimum and maximum range of the compressive stresses in the 

extreme compression zone of the concrete, the initial compressive stress in the concrete due to 

the dead load and the applied effective prestress force can be evaluated due to prestressed 

concrete theory.  For Type C1 girders strengthened to 20 percent, using average values for the 

effective prestress force, the maximum and minimum concrete stresses are 14.2 MPa and 2.50 

MPa.  For a value of concrete strength equal to the average for the Type C1 girders, the 

compressive stress ratio in the concrete is equal to 19.5 percent, which is similar to the 

measured values shown in Figure 5.22. 

 

Using the predicted values for fcmax and fcmin,  a prediction of the fatigue life of the concrete can 

be evaluated using Equation 2.1 (Aas-Jacobsen 1970).  For the girders strengthened to achieve 

a 20 percent increase in ultimate capacity, the fatigue life is 7.75 x 1012 cycles, and for the 

girder strengthened to achieve a 60 percent increase in ultimate capacity the fatigue life is 7.62 

x 109 cycles.  Based on the results, it was concluded that compression-compression concrete 

fatigue is not a concern, even at a loading 84.6 percent higher than HS-13 truck loading. 
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Tensile Stress Ratio in FRP 

The stress ratio in the extreme tensile fiber of the CFRP material at midspan (SRFRP) can be 

defined as: 

 max minFRP FRP
FRP

fu

f fSR
f
−

=  (5.47) 

where fFRPmax  and fFRPmin are the measured values for stress in the CFRP corresponding to the 

upper and lower fatigue loading values, and ffu is the ultimate tensile strength of CFRP as 

determined from material testing.  A recent study on the topic of fatigue of CFRP (Adimi et al 

2000) has shown that CFRP pre-cured laminates can withstand over 4 million cycles subjected 

to a stress ratio of 35 percent of their ultimate tensile strength.  From Figure 5.23, the stress 

ratio in the FRP for all strengthened girders is less than 35 percent and therefore the fatigue 

rupture of the FRP should not be a concern.  The degradation in the stress ratio of FRP for 

girder EB1F shown in Figure 5.23 is a result of ruptured prestressing strands which induce a 

larger demand on the FRP during the remaining fatigue cycles.  The degradation shown for 

girder EB7F is due to the unexpected load event which may have put a greater demand on the 

FRP system due to yielding of the prestressing strands. 
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Figure 5.23 Tensile stress ratios in FRP (or SRP) material for Type C1 girders 
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Residual Strength 

Of the Type C1 girders which failed due to ruptured prestressing strands (CF1 and EB1F) 

neither was brought to catastrophic failure.  A final static test to failure was performed on the 

other three strengthened Type C1 girders.  Compared with their counterparts tested under 

static loading conditions, the behavior of the fatigue cycled girders was nearly identical.  The 

greatest discrepancy in ultimate load was between girder NSM2F and its counterpart tested 

under static loading conditions, which varied by 10.2 percent.  The other girders varied in 

ultimate load by up to 4 percent.  The variation could be attributed to variations in the cross-

sectional dimensions, effective prestress forces or slight misalignment of the CFRP (or SRP) 

material in the externally bonded girders. 

Type C2 Girders 

Three girders with a Type C2 prestressing configuration were tested under fatigue loading 

conditions: one control girder and two girders strengthened with CFRP.  Summarized test 

results are presented in Table 5.7. 

Table 5.7 Summarized test results for Type C2 girders tested under fatigue loading  

Specimen Designation CF2 EB5F EB6F 

Strengthening - EB sheets EB HM sheets 

Cracking load, kN 55.6 60.0 63.2 

Prestress losses, % 13.8 19.4 14.7 

Effective prestress, kN 83.2 77.8 82.3 

Upper fatigue load, kN 49.0 72.7 57.8 

N, number of cycles 
achieved, thousands 2000 1075 2000 

Failure Mode* C RPS then IC R 

Ultimate load (residual), 
kN 142.3 138.3 133.4 

% change from virgin -- -43.8 -11 

Initial Stiffness**, kN/mm 5.34 5.76 6.34 

* R = rupture of CFRP near midspan, C = concrete crushing, RPS = rupture of prestressing strands, IC = 
Intermediate crack debonding. 
** defined from 9 kN to 45 kN 
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Load versus Displacement Hysteric Response 

The load versus displacement hysteric relationships for each of the Type C2 girders tested 

under fatigue loading are shown in Figures 5.24 through 5.26.  The control girder CF2 

survived 2 million cycles of fatigue loading equivalent to 15.3 percent higher than the original 

AASHTO HS-13 loading.  Very little degradation was observed after completion of 2 million 

fatigue cycles, as shown in Figure 5.24.   
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Figure 5.24 Load versus displacement for girder CF2 

Girder EB5F, strengthened with three layers of normal modulus externally bonded CFRP 

sheets, was subjected to a fatigue load equivalent to 84.6 percent higher than the original 

AASHTO HS13 type loading, as shown in Figure 5.25.  Failure was due to the rupture of a 

prestressing strand after completion of 1.1 million cycles.  After the final static test, a post 

mortem inspection was carried out which indicated that several of the inclined prestressing 

strands were also ruptured. 
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Figure 5.25 Load versus displacement for girder EB5F 

Girder EB6F, strengthened with five layers of high modulus externally bonded CFRP sheets, 

was cycled at a fatigue load 41 percent higher than AASHTO HS-13 type loading and survived 

2 million cycles with very little stiffness degradation, as shown in Figure 5.26. 
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Figure 5.26 Load versus displacement for girder EB6F 

Stress Ratio in Prestressing Strands 

The Type C2 girders had a prestressing strand configuration consisting of four 1862 MPa 

strands in each web, three inclined with hold down points at midspan.  The stress ratio in the 

lower prestressing strand was determined from Equation 5.33 and is shown versus the number 

of cycles in Figure 5.27.  The magnitude of the observed stress ratio for girder EB5F is high, 

and lead to the premature rupture of prestressing strands.  The stress ratios determined from a 

Response 2000© analysis of the Type C2 girders tested in fatigue are presented in Table 5.8.  

The predictions closely match the experimental values for girders EB5F and EB6F.  The 

observed stress ratio in lower prestressing strand for girder CF2 is slightly higher than the 

value predicted by Response 2000©.   
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Figure 5.27 Stress ratios in prestressing strands versus number of cycles for Type C2 girders 

Table 5.8 Summarized test results for Type C2 girders tested under fatigue loading 

Stress Ratio In lower prestressing 
strand (%) 

In first inclined 
prestressing strand 

CF2 2.7 1.6 

EB5F 6.7 3.1 

EB6F 2.5 1.3 

 

Compressive Stress Ratio in Concrete 

The stress ratio in the concrete for the Type C2 girders tested in fatigue was determined from 

Equation 5.35 and is plotted versus the number of cycles and shown in Figure 5.28.  After 

500,000 cycles, the stress ratio in the concrete for girder EB5F experienced a large increase, as 

shown in the figure.  This was likely due to the rupture of several wires of the inclined 

prestressing strand.  Due to the low value of stress ratio in concrete for this girder, fatigue 

failure of the concrete did not occur. 
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Figure 5.28 Compressive stress ratios in concrete for Type C2 girders 

Tensile Stress Ratio in FRP 

The stress ratio in the CFRP for the Type C2 girders tested in fatigue was determined from 

Equation 5.36 and is plotted versus the number of cycles in Figure 5.29.  The large increase in 

stress ratio for girder EB5F, corresponding to initiation of rupture of the inclined prestressing 

wires is evident in the figure.  The high modulus material in girder EB6F showed very little 

change in the applied FRP stress ratio over time. 
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Figure 5.29 Tensile stress ratios in FRP material for Type C2 girders 

Residual Strength 

After 2 million cycles of loading equivalent to a 15.4 percent increase in live load above 

AASHTO HS-13 type loading, the control girder (CF2) was tested statically to failure and used 

as a control girder for the Type C2 girders.  A final static test was performed on girder EB5F 

after rupture of a prestressing strand, and the catastrophic failure in this case was due to 

debonding of the CFRP sheets.  The loss of prestressing reinforcements in the web placed an 

increased load demand on the CFRP system and caused debonding rather than rupture of the 

CFRP sheets due to the increased curvature of the beam at high load levels.  Girder EB6F 

experienced little degradation after completion of 2 million cycles of fatigue loading.  Failure 

was due to rupture throughout the five layers of high modulus CFRP at the edge of a U-wrap 

provided near midspan.  The ultimate load achieved was 11.6 percent less than an equivalent 

girder tested under static loading conditions (EB5S).  The measured tensile strain at rupture 

for girder EB6F was 2400 με lower than the 2600 με observed in the static test.  This 

difference could be due to the effect of fatigue loading on the high modulus material; although 

misalignment of the fibers could also have caused this modest decrease. 
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5.3 Results and Discussion: Repair 
Five Type II AASHTO girders were tested as part of the repair phase of this research.  Three 

were damaged (either by impact or simulated impact) at or near midspan, and repaired using 

CFRP sheets (AASHTO1, AASHTO2, AASHTO3).  Two additional short span girders were 

tested under induced shear-critical loading, one as a control specimen (AASHTO2C), and one 

intentionally damaged near the support and repaired with CFRP sheets (AASHTO2R). 

Summarized test results for the AASHTO girders are provided in Table 5.9 for the flexural 

tests and Table 5.11 for the shear tests. 

Table 5.9 Summarized test results for AASHTO girders tested in flexure 

Specimen Designation AASHTO1 AASHTO2 AASHTO3 

Repair system 
CFRP 
sheets 

CFRP 
sheets 

CFRP 
sheets 

Initial cracking load*, kN -- 264.7 281.1 

Cracking load**, kN 186.8 262.0 289.1 

Prestress losses*, % -- 18.2 12.9 

Effective prestress*, kN -- 68.9 122.3 

Predicted ultimate load of 
undamaged girder, kN 

495.0 496.4 510.4 

Measured Ultimate load, 
kN 

604.6 596.3 646.5 

Maximum compressive 
strain in concrete, με 2600 2630 3090 

Maximum tensile strain in 
CFRP, με 4680 4620 5760 

Failure Mode 
Crushing of 
Concrete 

Crushing of 
Concrete 

Crushing of 
Concrete 

* For the girders which were tested prior to simulated impact damage 
** The cracking load of the repaired material 

Flexural Study 

AASHTO1 

Girder AASHTO1 was damaged due to an overheight vehicle, extracted from a bridge, 

repaired using CFRP sheets, and tested under fatigue loading conditions.  The damage included 

one ruptured prestressing strand, corresponding to a loss of prestressing force of 6.25 percent.  

A test description can be found in Chapter 4.   

 



Part 1: Repair/Strengthening  ▐   Chapter 5. Results and Modeling 

 

154 

Load versus Displacement Hysteric Response 

The applied load versus midspan displacement relationship for the fatigue loading ranging 

between the load values 83.2 kN to 201.1 kN for girder AASHTO1 is shown in Figure 5.30.  

The girder survived 2 million cycles with very little degradation or crack propagation in the 

repaired region after the initial cycles.  Fatigue creep of concrete (El-Tawil et al. 2001) caused 

small amounts of displacement degradation totaling 2.8 mm after 2 million cycles of loading.  

No stiffness degradation in the girder was observed after 2 million cycles of fatigue loading.   
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Figure 5.30 Load versus displacement for girder AASHTO1 

Stress Ratio in Prestressing Strands 

Due to the impact damage imparted girder AASHTO1, and the concrete restoration process, a 

good estimate of the effective prestress force in the prestressing strands was difficult to obtain.  

Using an estimate of prestress losses of 24.0 percent calculated using the AASHTO 

specification (2004) lump-sum method, the measured stress ratio in the lower prestressing 

strands at midspan during the initial cycles was found to be 1.7 percent.  The stress ratio in the 

lower prestressing strands was also determined using a Response 2000© analysis and was 

determined to be 2.6 percent, slightly higher than the measured value.  It should be noted that 

all of the prestressing strands were straight in girder AASHTO1.  Previous work demonstrates 
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that fatigue rupture of prestressing strands is rare at such low stress ratio values in straight 

prestressing strands (Naaman 1991, Collins & Mitchell 1991) therefore no degradation was 

observed after completion of 2 million cycles, as shown in Figure 5.31. 
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Figure 5.31 Stress ratios in prestressing strands versus number of cycles for AASHTO1 

Residual Strength 

A full description of the final static test on girder AASHTO1 is provided in Chapter 4.  

Flexure-shear cracks which initiated outside the termination point of longitudinal CFRP in the 

undamaged region propagated in an inclined fashion towards the compression zone and 

eventually caused failure of the girder near midspan.  Test results indicated that the presence of 

the main longitudinal CFRP significantly increased the flexural capacity of the damaged zone of 

the girder causing the failure outside this region.  The presence of the tension-strut CFRP 

reinforcement and transverse U-wraps controlled crack propagation within the damaged zone 

as well as enhancing the shear capacity of the strengthened section.  The overall behavior of the 

repaired girder far exceeded the predicted strength of the undamaged girder in both strength 

and ductility, as shown in Figure 5.32. 
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Figure 5.32 Final static test to failure of girder AASHTO1 

The tensile strains in girder AASHTO1 during the final static test measured from various PI 

gauges is shown in Figure 5.33.  Several items that should be noted in the figure include:  1) 

Residual tensile strains in the CFRP of 0.07 percent can be seen in the repaired region after the 

fatigue cycling due to crack opening and aggregate interlock in the restored concrete.  2) 

Flexural cracks first formed at the undamaged section at an applied load of 420 kN.  3) The 

stiffness of the damaged region and the undamaged region were almost the same after flexural 

cracking occurred in the undamaged region. 
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Figure 5.33 Load versus tensile strain during final static test of girder AASHTO1 

Predicted versus Experimental 

A prediction using Response 2000© was performed on the undamaged girder as well as the 

repaired girder, and is shown with the experimental results in Figure 5.32.  Due to the 

difficulties in assessing the cracking load of the girder, the value for effective prestress used was 

determined from calculations (AASHTO 2004).  In the analysis, the following scenarios were 

included: 1) All the longitudinal CFRP was modeled (including tension strut CFRP 

reinforcing), 2) A prestressing strand on the bottom layer was removed and considered to be 

ineffective throughout the length of the girder, and 3) One average value for the width of the 

composite deck (379 mm) was used in the analysis in spite of the fact that the width varied 

throughout the length of the girder.  Response 2000© predicted concrete crushing failure for 

the damaged and repaired girder at an applied load of 580 kN which corresponds well to the 

measured load at failure.  The measured ultimate load was 22.2 percent higher than the 

ultimate load predicted for the undamaged girder. 
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AASHTO2 

Girder AASHTO2 was intentionally damaged at midspan and four prestressing strands were 

ruptured corresponding to a loss of prestressing force of 14.3 percent.  The girder was 

repaired with CFRP sheets and tested in several stages to failure.  A description of the test and 

other set-up details can be found in Chapter 4. 

Behavior of Girder during Initial Loadings 

Girder AASHTO2 was subjected to four cycles of initial loading.  Two of those cycles were 

performed on the undamaged girder, with only minor repair of the composite deck performed 

prior to testing.  One of these initial cycles loaded the girder up to 90 percent of the predicted 

ultimate load value.  The flexural cracks during this loading stage were well spaced, a result of 

the numerous and well distributed prestressing strands.  The third and fourth cycles of loading 

that the girder was subjected to after the simulated impact damage was applied to the girder, as 

described in detail in Chapter 4.  The third cycle was after the concrete around midspan was 

damaged; and the fourth cycle was after four prestressing strands, representing a 14.3 loss of 

prestress force, were ruptured in the damaged zone.  A comparison of the stiffness of girder 

AASHTO2 in each of these cycles is provided in Table 5.11.  The largest drop in stiffness was a 

result of the severe initial loading combined with concrete damage, corresponding to a 

reduction of approximately 17 percent.  A further reduction was observed after the cutting of 

the prestressing strands.  The load versus deflection curve for girder AASHTO2 due to the 

initial loading scheme is shown in Figure 5.34. 

Table 5.10 Stiffness comparison of AASHTO girders tested in flexure (in N/mm) 

Specimen Designation AASHTO1 AASHTO2 AASHTO3 

Initial cycle 1* -- 13.8 13.6 

Initial cycle 2* -- 14.2 13.6 

Post concrete damage* -- 11.9 11.5 

Prior to CFRP 
repair 

Post cutting of 
prestressing strands* -- 11.0 10.6 

Final Cycle 1 11.5 12.1 11.9 
After CFRP 

repair 
Final Cycle 2 10.5 11.8 12.3 

* For the girders which were tested prior to simulated impact damage 
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Figure 5.34 Initial load versus deflection of girder AASHTO2 

In addition to stiffness loss, there was also increasing residual deflections following each of the 

loading cycles.  The largest residual deflection came as a result of the initial cycles on the 

undamaged girder, where a deflection of 6.5 mm was observed.  The residual deflection after 

the concrete damage, prestressing strand cutting, and subsequent cycles was 9.2 mm.  The 

stiffness change and the residual deflections in the girder through the various cycles can be seen 

in Figure 5.35 which plots a detail of the load versus deflection behavior of all loading cycles. 
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Figure 5.35 Close-up load versus deflection of girder AASHTO2 

Behavior at Ultimate 

After the section was restored with repair mortar and CFRP sheets were installed, girder 

AASHTO2 was subjected to two loading cycles up to failure.  A full description of the final 

static test is provided in Chapter 4.  Failure initiated in the concrete material around the 

loading plate, where localized crushing led to out-of-plane behavior rapidly causing failure.  

The maximum measured value of concrete compressive strain was 2630 με.  The relatively 

low value at crushing of concrete was likely a result of the poor condition of the concrete at 

midspan due to extant transverse cuts.  The damaged and repaired girder far exceeded the 

strength and ductility of the original undamaged girder, as shown in Figure 5.36.  The 

longitudinal CFRP system was able to adequately carry the tensile forces, and showed very 

little debonding or damage even after the failure event.   The transverse CFRP sheets were also 

virtually unaffected during the loading, with only the U-wraps positioned directly below the 

loading area becoming damaged at failure. 
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Figure 5.36 Load versus deflection of girder AASHTO2 

The maximum tensile strain in the CFRP system at failure was 4620 με, very close to the 

maximum tensile strain observed during the test of girder AASHTO1.  Due to the location of 

several wide transverse U-wraps used to encapsulate the damaged region, tensile strain gauges 

could only be located at a distance approximately 1.2 m from midspan.  Therefore the 

maximum strain in the longitudinal CFRP was likely larger than the maximum measured value.  

Multiple strain gauges were affixed to the longitudinal CFRP throughout the repaired area, and 

the measured tensile strain profile is shown in Figure 5.37.  Due to the thickness of the 

longitudinal CFRP, the presence of the transverse U-wraps, and the large distance between the 

gauges, the effect of stress concentrations at the toes of the flexural cracks is not manifested in 

the plot.   At failure the large increase in tensile strain which can be seen around 2000 mm 

from the end of the CFRP repair is likely due to the yielding of the prestressing strands at that 

location along the length of the girder. 
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Figure 5.37 CFRP tensile strain profile during final static test of girder AASHTO2 

Predicted versus Experimental 

In Figure 5.36 the load versus deflection predictions are shown for two scenarios: 1) the 

undamaged girder, and 2) for a repaired girder modeled with a similar amount of CFRP as the 

actual repaired girder.  Both of the predictions were made using cracked section analysis 

described earlier in this chapter and constituent properties taken from material testing.  The 

prediction of the undamaged girder matches closely the measured values from the initial static 

test, in both load and deflection, until the static test was terminated at around 90 percent of 

ultimate.  Based on experience gained from the testing of the C-Channel girders and their 

predictions using cracked section analysis, it is possible that the ultimate deflection of the 

undamaged AASHTO girder could have been greater than that of the prediction. If four 

prestressing strands are taken out of the cracked section analysis and the total amount of CFRP 

used in the repair of girder AASHTO2 is included, counting all CFRP tension struts on the 

girder flange and web, a prediction can be made which closely matches the observed behavior.  

The ultimate load of the repaired girder and the prediction are very similar, and the measured 

displacement at ultimate is 7 percent less than the prediction. 
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AASHTO3 

Girder AASHTO3 was intentionally damaged at midspan and three prestressing strands were 

ruptured corresponding to a loss of prestressing force of 18.8 percent.  The girder was 

repaired with CFRP sheets and tested in several stages to failure.  A description of the test and 

other set-up details can be found in Chapter 4. 

Behavior of Girder during Initial Loadings 

Similar to girder AASHTO2, AASHTO3 was subject to four cycles of initial loading: two on 

the undamaged girder up to 80 percent of the predicted ultimate load value, one cycle after 

concrete damage, and a cycle after three prestressing strands were cut.  As mentioned in 

Chapter 4, the original girder was delivered to the laboratory in poor condition, with 

numerous impact events and subsequent repairs evident on one side and significant permanent 

out of plane deflection.  A comparison of the stiffness of girder AASHTO3 in each of these 

cycles is provided in Table 5.11.  Due to the simulated impact damage, the stiffness of the 

girder was reduced by 22.1 percent.  The load versus deflection curve for girder AASHTO3 

due to the initial loading scheme is shown in Figure 5.38. 
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Figure 5.38 Initial load versus deflection of girder AASHTO3 
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Similar to girder AASHTO2, AASHTO3 also experienced residual deflections as a result of the 

simulated impact damage and initial cycling.  The largest residual deflection came as a result of 

the initial cycles on the undamaged girder, where a deflection of 6.0 mm was measured.  The 

residual deflection after the concrete damage, prestressing strand cutting, and subsequent 

cycles was 9.1 mm.  The stiffness change and the residual deflections in the girder through the 

various cycles can be seen in Figure 5.39 which plots a detail of the load versus deflection 

behavior of all loading cycles. 
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Figure 5.39 Close-up load versus deflection of girder AASHTO3 

Behavior at Ultimate 

After the section was restored with repair mortar and CFRP sheets were installed, girder 

AASHTO3 was subjected to two loading cycles up to failure.  A full description of the final 

static test is provided in Chapter 4.  Failure was due to concrete crushing in the compression 

region around the loading plate.  The maximum measured value of concrete compressive strain 

at failure was 3090 με, significantly larger than the measured value for the previous AASHTO 

flexural tests.  There was no evidence of debonding in the longitudinal CFRP at failure.  The 

transverse U-wraps buckled at failure but contained most of the concrete damage.  The load 

versus deflection behavior of girder AASHTO3 is shown in Figure 5.40. 
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Figure 5.40 Load versus deflection of girder AASHTO3 

The maximum measured tensile strain in the longitudinal CFRP at failure was 5760 με, 

significantly larger than the tensile strain measured in previous AASHTO flexural tests.  This 

could be a result of the overall better condition of girder AASHTO3 compared to the other 

AASHTO girders tested in flexure.  The higher compressive strain capacity in the concrete led 

to a greater demand placed on the CFRP system which in turn led to a large increase in 

ultimate load compared to the undamaged girder.  In this girder, tensile strain gauges were 

installed in the CFRP throughout the repaired area, and the measured tensile strain profile is 

shown in Figure 5.41.  Also shown in the figure is the location of the 1.22 m wide transverse 

U-wrap which encapsulates the area of simulated impact damage.  At a distance of 5500 mm 

from the end of the CFRP the profile shows a strain peak, most likely the result of the strain 

gauge location near the toe of a flexural crack.  The distance around midspan where the 

prestressing strands are yielding is also obvious in the figure, from approximately 2500 to 6000 

mm from end of the longitudinal CFRP.   
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Figure 5.41 CFRP tensile strain profile during final static test of girder AASHTO3 

Predicted versus Experimental 

Similar to girder AASHTO2, in Figure 5.40 the load versus deflection predictions from 

cracked section analysis are shown for two scenarios: 1) the undamaged girder, and 2) the 

repaired girder with all CFRP.  The undamaged girder prediction with the measured effective 

prestress force does not adequately reflect the measured load versus deflection behavior.  This 

is likely the result of the poor condition of this girder upon delivery to the laboratory, with 

numerous impact events evident on one side.  This internal damage and cracked nature of the 

beam could have resulted in the lower cracking load and stiffness compared to the prediction.  

The load versus deflection prediction for the repaired girder is significantly lower than the 

measured response of the girder.  The predicted ultimate load and deflection was 26.7 percent 

and 14.8 percent lower than the measured value, respectively.  It should be noted that both the 

predicted scenarios show crushing of concrete as the failure mode, the same as the observed 

mode. 
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Shear Study 

Two prestressed concrete girders were tested under shear-critical loading to determine the 

effectiveness of CFRP sheets to repair impact damage.  One was tested as a control girder 

(AASHTO2C) and another was damaged and repaired with CFRP sheets (AASHTO2R).  

Summarized test results are presented in Table 5.11. 

Table 5.11 Summarized test results for AASHTO girders tested in shear 

Specimen Designation AASHTO2C AASHTO2R 

Repair system None CFRP Sheets 

Cracking load, kN 1007 1140 

Average crack width at 
failure, mm 

3.8 0.48 

Predicted failure load, kN 1660 
2160*  

1600** 

Failure load, kN 1840 1990 

Maximum tensile strain in 
longitudinal CFRP, με  -- 802 

Maximum tensile strain in 
diagonal CFRP stirrup, με  -- 1917 

Maximum compressive 
strain in concrete, με 2150 2320 

Failure Mode Web shear failure 
Failure of transfer zone 

followed by flexural failure 
(on undamaged side) 

* Web-shear failure 
** Failure of transfer zone 

Cracking Behavior 

Girder AASHTO2C and AASHTO2R were loaded monotonically to failure.  During the 

loading process, several inclined shear cracks formed between the support and the loading 

plate on the shear critical side.  The number of cracks in the control specimen was visually 

obtained, however the cracks were not visible in the repaired girder as a result of the diagonal 

CFRP struts.  In order to compare the average crack widths of the two specimens, it was 

assumed that the same number of cracks formed in the repair specimen that was visible in the 

shear specimen.  The applied load versus the average crack width for both girders is shown in 

Figure 5.42.  The maximum observed crack width was 3.8 mm for AASHTO2C and 0.48 mm 

for AASHTO2R 



Part 1: Repair/Strengthening  ▐   Chapter 5. Results and Modeling 

 

168 

 
Figure 5.42 Load versus crack width for girders AASHTO2C and AASHTO2R 

Behavior of CFRP Repair System 

The tensile strain in the CFRP stirrups was measured through the use of strain gauges, which 

were placed in the center of the web on each strip at a 45 degree angle in the direction of the 

fiber.  The inclined strain profile along the length of the shear span is shown in Figure 5.43 for 

girder AASHTO2R at various load levels.  The maximum measured tensile strain was 1917 με 

at a location approximately halfway between the face of the support and the face of the loading 

plate.  From ACI Committee 440, the design value for CFRP tensile strain in stirrups is 4000 

με, higher than the maximum measured strain value, showing that the CFRP system still had 

significant reserve strength when the girder failed due to flexure. 
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Figure 5.43 Tensile strain profile in CFRP stirrups for girder AASHTO2R 

One additional strain gauge was affixed to the longitudinal CFRP near the plate curtailment 

point.  Although the strain demand on the CFRP at this location was low, the absence of a 

transverse U-wrap led to plate-end (PE) debonding at a strain of 802 με as shown in Figure 2.2 

in Part 2 of this dissertation.  Initial interfacial cracking and slippage can be seen in Figure 5.44 

at a strain value as low as 400 με.  The initial slippage was likely a vertical crack which 

propagated to the level of the lowest prestressing strand.  Further propagation along the level 

of the tensile steel reinforcement continued until the failed occurred before the crack 

intercepted the CFRP inclined stirrups.  As the PE debonding process did not lead to failure, 

additional load is taken by the structural system leading to the reverse behavior seen in the 

Figure.   
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Figure 5.44 Tensile strain profile in longitudinal CFRP of girder AASHTO2R 

Behavior at Ultimate 

The ultimate load versus deflection behavior of girders AASHTO2C and AASHTO2R is shown 

in Figure 5.45.  A description of the final static test on each girder is provided in Chapter 4.  

Catastrophic web-shear cracking lead to the failure of girder AASHTO2C; AASHTO2R failed 

by the propagation of flexure-shear cracks on the undamaged portion of the girder.  The initial 

stiffness of both girders is very similar, but at a midspan displacement of 5 mm the behavior of 

the girders diverges from each other.  The cracking load of the repaired specimen was greater 

than the control specimen as can be seen in the Figure.  At ultimate, the applied load of girder 

AASHTO2R was 7 percent higher than the load of girder AASHTO2C.  The ductility of the 

repaired specimen was also slightly higher than the control, mainly due to the change from a 

brittle to a ductile failure mode.   
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Figure 5.45 Load versus displacement for girders AASHTO2C and AASHTO2R 

Predicted versus Experimental 

The two girders tested as part of the shear study were analyzed using the shear modeling 

technique described earlier.  The predicted failure mode of girder AASHTO2C was web-shear 

failure in the shear critical region at a load of 1659 kN, slightly lower than the observed value.  

The prediction also showed that failure was possible on the far right hand side of the specimen 

in the transfer zone of the internal prestressing steel.  The presence of CFRP U-wraps in this 

location from a previous test helped prevent this type of failure.  The predicted nominal shear 

capacity along with the applied shear envelope at the predicted failure load is shown in Figure 

5.46.  
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Figure 5.46 Shear prediction for girder AASHTO2C 

Girder AASHTO2R was analyzed using the shear modeling technique described earlier.  The 

predicted mode of failure for this girder was failure of the transfer zone of the internal steel 

prestressing strands at the right hand-side of the girder.  The failure mode observed in the test 

was failure of the transfer zone followed by propagation of flexure-shear cracks to the 

compression zone.  The predicted load at failure in the transfer zone was 1600 kN and the 

predicted load at failure due to web-shear was 2160 kN.  The observed load at failure was 

1990 kN, which lies between these predicted failure load values.  The FRP configuration in the 

transfer zone region was most likely higher than the prediction made by ACI Committee 440 

(2002).  The predicted nominal shear envelope along with the applied envelope at failure due 

to web shear is shown in Figure 5.47. 
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Figure 5.47 Shear prediction for girder AASHTO2R 

 

 

 



Part 1: Repair/Strengthening  ▐   Chapter 6. Cost Effectiveness and Value Engineering 

 

174 

 

CHAPTER 6: 

COST EFFECTIVENESS AND VALUE ENGINEERING 

One of the goals of this research is to provide a complete evaluation including a cost-

effectiveness and value engineering analysis of different FRP repair and strengthening 

techniques.  Each FRP system was thoroughly analyzed to provide a comparison among the 

different techniques used in this study.  It shall be noted that since the research project has 

been granted an extension for one year for further study, the analysis presented in this chapter 

can be considered a full evaluation only alongside the future report.  In spite of the fact that the 

near surface mounted strengthening technique has proven to be the most structurally efficient 

(see Chapter 5), the preliminary findings show that the most cost-effective systems are the 

ones which use externally bonded CFRP sheets.  Aspects considered in the value engineering 

analysis corroborate these findings. 

6.1 C-Channel Strengthening 

Cost Analysis 

To closely resemble field conditions, the girders were placed side by side, as they would be on 

a bridge, on top of a steel substructure provided by the Department of Bridge Maintenance 

approximately 2.5 m off the ground.  The strengthening of the girders began in the winter of 

2004 when temperatures at night dropped below recommended values for curing of the epoxy 

by the manufacturer.  Therefore a plastic enclosure and a propane heater were provided to 

increase the surrounding temperature.  This cost was assumed to be similar for all types of 

bridges repaired under these conditions and was not included as a parameter in the analysis.   

 

To determine the cost-effectiveness of each strengthening technique, the following items were 

considered: 1) labor costs of the professional FRP applicators, 2) time taken to complete all 

tasks, 3) material costs, 4) equipment used for strengthening.  The material costs include all 

primers, adhesives and CFRP required for field application for each technique.  Equipment 

items include the rental of sandblasting pot, compressor, sand, and the special diamond bit saw 

blades used for cutting of the grooves for the NSM strengthened girders.  Also included in the 
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equipment cost are items such as latex gloves, Tyvek© suits and plastic mixing buckets.  For 

the externally bonded sheet systems, installation involved the use of paint rollers – so these are 

included.  All other equipment (such as grinders, mixers, safety equipment, etc) is either 

assumed to be provided by the contractor or used equally in each of the strengthening systems.  

A summary of the labor tasks and time required for the installation of each of the strengthening 

systems is provided in Table 6.1.  The results of the cost-effectiveness analysis are shown in 

Table 6.2.  The labor costs were determined using a wage of $45 per hour.  Consultation with 

several FRP installers produced this value which is commonly used for cost estimation in FRP 

strengthening work.  Although both strengthening systems using high modulus material (EB3 

and EB6) did not achieve the desired level of strengthening, the girder EB3S was not included 

in the cost-analysis because of a difficulty in determining the cost of the material, which 

changed substantially after the discrepancies were addressed in the manufacture of the 

laminate.   
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Table 6.1 Labor summary for C-Channel strengthening systems (in hours) 

System Designation NSM1 NSM2 EB1 EB2 EB4 EB5 EB6 EB7 SRP 

Strengthening NSM bars 
NSM 
strips 

EB strips EB sheets EB sheets EB sheets 
EB HM 
sheets 

EB sheets EB SRP 

Gluing Strips -- 1 -- -- -- -- -- -- -- 

Concrete Repair 0.95 0.95 0.95 0.95 0.95 1.5 1.5 0.95 0.95 

Groove cutting 5.5 5.5 -- -- -- -- -- -- -- 

Grinding / chipping  5.5 5.5 4 2 3.75 2 2 3 3 

Sandblasting 0.3 0.3 0.93 0.93 0.75 0.5 0.5 1 1 

Cutting of fiber -- -- 0.5 1 1.59 1.75 2.25 1.5 2 

CFRP lay-up 5.63 5.63 10 8.75 11.59 9.95 14.3 11.2 17.4 

Total hours / girder 17.88 18.38 13.88 13.63 18.63 15.7 20.55 17.65 24.35 

Total hours / m* 2.17 2.23 1.67 1.64 2.26 1.90 2.49 2.14 2.96 

* length of strengthening equals 8.23 m. 
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Table 6.2 Cost effectiveness analysis for C-Channel CFRP strengthening systems 

System Designation NSM1 NSM2 EB1 EB2 EB4 EB5 EB6 EB7 SRP 

Strengthening NSM bars 
NSM 
strips 

EB strips EB sheets EB sheets EB sheets 
EB HM 
sheets 

EB sheets EB SRP 

Main CFRP /m 27.7 21.1 214.7 11.2 20.1 26.8 53.0 14.9 6.56 

CFRP U-wraps /m -- -- 11.0 11.0 12.3 11.0 10.4 7.3 5.37 

Main adhesive /m 24.4 24.4 13.9 4.9 -- 11.7 24.5 11.9 8.20 

U-wrap adhesive /m -- -- 4.8 4.8 -- 4.8 4.8 5.8 6.71 

Equipment /m 11.6 11.6 11.1 12.6 12.6 12.6 12.6 12.6 12.60 

Labor /m 99.9 102.6 77.8 76.4 104.0 87.9 115.1 96.5 132.87 

Total cost /m 163.5 159.6 324.3 120.9 149.1 154.9 220.4 144.7 172.3 

% increase in strength* 22.9 22.6 19.3 10.5 60 72.8 5.3 30.2 46.3 

Cost-Effectiveness** 0.140 0.142 0.060 0.087 0.402 0.470 0.024 0.209 0.269 

* for girders tested under static loading conditions. 
** based upon (percent increase in strength) / (total cost per meter) 
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The cost analysis indicates that the most cost-effective system, when comparing the variables 

described previously and combined with the percent increase in strength, was the normal 

modulus CFRP system used to strengthen girders EB4, EB5 and EB7.  The NSM systems also 

performed well using these criteria.  The only system with poor cost-effectiveness was the 

externally bonded CFRP strips (system EB1), due to the high costs of the CFRP material.   

 

When CFRP was used to increase the ultimate flexural capacity by 20 percent (NSM1, NSM2 

and EB1), the labor required for installation of a NSM system was substantially higher than for 

installation of an externally bonded system at the same strengthening level.  If a NSM system 

was used to strengthen a girder by 60 percent, an appropriate increase in labor costs would be 

noted, most likely much higher than for the two systems strengthened to that level or higher 

with externally bonded CFRP sheets (EB4 and EB5).  The difference in labor costs between 

EB5 (EB Sheets) and EB6 (EB HM Sheets) should be noted.  Although the girders strengthened 

with system EB6 had more material, it wasn’t only the amount of material that caused in 

increased labor costs.  The contractors also said that the material itself was harder to work with 

and install than equivalent normal modulus CFRP sheets.    

 

The steel reinforced polymer (SRP) strengthening system performed well in the cost 

effectiveness analysis, mainly as a result of the economical price of the SRP material which is 

roughly half the cost of similar CFRP systems.  This reduction in cost was somewhat offset by 

the difficulty encountered in installation of the material, as the labor cost for installation of the 

system is the highest of all the girders strengthened.  The labor estimate does not include the 

time spent in the repair to correct sagging SRP in one of the girders (SRPF), which is discussed 

in detail in the next section.  If this repair is included in the analysis, the cost-effectiveness of 

the system is reduced by approximately 50 percent. 

Value Engineering Analysis 

Various items were considered in the strengthening of C-Channel girders from a value 

engineering perspective.  The cost analysis cannot be used in a stand alone manner in deciding 

which CFRP strengthening system to apply.  Many aspects particular to a certain project or 

design problem could lead to a decision making the use of certain systems unfeasible.  The 
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ability to provide guidance and forethought to the design problem from an engineering 

viewpoint is the goal of the value engineering analysis.  One of the most important items that 

need to be considered prior to strengthening a C-Channel bridge is the condition of the bridge.  

The research team visited four C-Channel bridge sites in the course of the research.  All 

bridges consisted of two simply supported spans with C-Channel girder superstructure 

systems.   

 
Figure 6.1 Corrosion of bearing plate (left) and typical timber substructure (right)1 

 
Figure 6.2 Concrete spalling repair (left) and corrosion of lower prestressing strand (right)2 

From limited observations and from information given in the literature it can be concluded that 

some common problems encountered at C-Channel bridge sites are: 1) corrosion of lower 

prestressing strands near midspan resulting in longitudinal cracking and spalling (shown in 

Figure 6.1d), 2) corrosion of the bearing plate at the support, resulting in spalling of concrete 

                                                 
1 Corrosion of bearing plate is from Bridge 70 in Catawba County, NC.  Timber substructure shown is from Bridge 
43 in Carteret County, NC 
2 Concrete spalling repair is from Bridge 43 in Carteret County, NC.  Corrosion of prestressing strand is from 
Bridge 14 in Pamlico County, NC. 
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around bearing region (shown in Figure 6.1a), 3) shear cracks extending from area near 

support into the deck and 4) cracking of deck near midspan as a result of incorrect lifting 

maneuvers during original girder installation.  In addition to these items observed with the 

superstructure elements, various other poor conditions can be found in the timber 

substructure (Figure 6.1b).  Since strengthening may increase the posted capacity of the 

bridge, the timber substructure must be carefully evaluated to ensure that these increased loads 

do not lead to poor performance or deterioration.  Therefore it is highly recommended to 

monitor the structural performance of any bridge strengthened using CFRP systems, especially 

the timber substructure.  It is also essential to evaluate the efficiency of the timber substructure 

prior to installation of any strengthening technique. 

 

 The condition of the C-Channel girders may also lead to the use of particular systems which 

may be more effective.  If the soffits, or webs, of a girder span have spalled concrete over a 

substantial length on either side of midspan, the use of NSM systems could be problematic.  If 

the concrete is damaged in the cover concrete below the lower prestressing strand, corrosion 

treatment of the strands and careful restoration of the concrete section should be performed 

prior to installation of the CFRP system.  In the case of significant concrete damage, NSM 

systems may not be the best systems because of a danger of debonding failures despite their 

structural efficiency.  An externally bonded system, with sufficient transverse CFRP U-wrap 

reinforcements would be the most effective choice. 

 

It should be noted for C-Channel girders: even if the condition of the soffits is good, spalling of 

concrete may occur during the groove cutting process.  If the two-bladed saw typically used 

for this purpose becomes slightly off-center, the groove could extend towards the edge of the 

soffit and spall off the concrete.  This incident occurred numerous times during the installation 

process, since the width of the C-Channel soffit was only 63.5 mm and the width of the groove 

is 19 mm.  One of the reasons the concrete saw bounced off the groove line was because of the 

presence of regular steel reinforcing stirrups which extended farther down than was specified 

on the plans.  In some cases these stirrups were exposed at the bottom of the C-Channel 

girder, which had lead to corrosion in the stirrups and in the lower prestressing strand.  
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Installation of a NSM system would be much more difficult if the bridge had many of these 

exposed stirrups which are in the region reserved for the NSM groove.  

 

The width of the soffit may also control the configuration and level of strengthening since the 

geometry of the groove and width of the soffit often dictates the amount of NSM strengthening 

– whereas with externally bonded sheets an increase in ultimate load capacity of 73 percent 

was reached by increasing the number of sheet layers.  The 20 percent increase in ultimate 

capacity was achieved using the NSM configurations; strengthening beyond this level was not 

feasible because of the width of the soffit.  Strengthening using NSM systems could be 

extremely useful and effective for increasing the negative moment capacity for continuous span 

bridge decks located over the supports since many grooves can be cut efficiently in the 

concrete deck and the CFRP bars or strips inserted inside.  For similar reasons, the 

strengthening of one-way slabs using NSM systems can be very effective (Hassan and Rizkalla 

2002a). 

 

Since all the strengthening work was performed under simulated field conditions, an evaluation 

of the difficulty of overhead installation can be made.  Cutting of the NSM with the saw 

overhead can be a challenging task.  If large numbers of girders are being strengthened using a 

NSM system, a guidance system should be constructed to locate the groove cutting in the 

correct position and to alleviate the weight burden on the installer.  The easiest and simplest 

system to install overhead was the externally bonded strips.  The installation of externally 

bonded sheets systems was slightly more challenging due to the need to apply pressure to the 

saturated sheets to ensure good adhesion. 

 

Installation of the systems using externally bonded strips were the most straightforward among 

the various systems considered in this investigation.  In light of the possible debonding 

problems that could be encountered in this system, as well as the high cost of the material, it 

might not be the most effective solution to strengthening girders of this type.  In addition, in 

order to control debonding of the CFRP plates, transverse CFRP U-wrap sheets are highly 

recommended. 
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The high modulus (HM) CFRP material, installed as either strips or sheets, are not the most 

effective material due to their limited ultimate strain capacity.  Due to their brittle 

characteristics, handling and installation of the material requires careful attention to 

transportation and handling which increases the overall cost associated with this strengthening 

system. 

 

Two C-Channels were strengthened with externally bonded steel reinforced polymer (SRP) 

material.  During the strengthening operation several difficulties were encountered with SRP 

material with 0.90 wires per mm, mainly in SRP material that was bent, or meant to be 

rounded.  For the longitudinal SRP, it was envisioned that the material would conform to the 

rounded soffit edge and bond to the concrete without leaving voids.  For one of the soffits in 

girder SRPF, the SRP material was cut in the longitudinal direction in two places to relieve 

pressure that was present due to the wrapping.  On the other soffit the SRP was left in one 

piece per layer, a configuration which resulting in sagging that was observed post-

strengthening.  To provide transverse strengthening to mitigate debonding SRP L-clips were 

provided, one on each side of the beam soffit at the required location.  The L-clips were bent 

by the manufacturer to a specified angle of 90 degrees with a radius of 3 mm.  Due to the stiff 

nature of the SRP material with 0.90 wires per mm in both the in-plane and out-of-plane 

directions, it was difficult to install the L-clips without using large amounts of epoxy material 

to fill voids.  It is recommended that the SRP material not be used in situations where the 

material must be bent to conform to a particular surface.  

 

Due to the fact that C-Channel type bridges typically span small streams and estuaries, the 

impact of a repair using CFRP must take into account its effect on the environment.  It is 

recommended that the mixing of all the materials used in the repair be performed at a flat 

location away from streams and other environmentally sensitive areas due to the undesirable 

environmental problem which could occur due to a possible spill.  Each of the strengthening 

systems in this investigation has their own set of drawbacks for the environment that may need 

to be considered in the selection process.  The NSM systems use the least amount of adhesive 

during installation and therefore may be the safest option.  However, it is recommended to 

isolate the superstructure of the bridge during cutting of the grooves required for the NSM 
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system to prevent large quantities of concrete dust being released into the surrounding areas.  

Special precaution should be taken when mixing and applying the various primers, bonding 

agents and adhesives used in a wet lay-up type repair to prevent site contamination and health 

concerns.  Safety precautions and environmental guidelines published in the recent NCHRP 

document (Mirmiran et al 2004) should be followed. 

6.2 AASHTO Repair 

Cost Analysis 

The cost analysis of the CFRP repairs preformed on the AASHTO girders was similar to the C-

Channel cost analysis since the installation of the CFRP repair system was carried out in a 

similar manner.  All materials involved in the concrete repair and restoration were included: 

the concrete repair mortar, rust inhibitors, epoxy injection cost and the cost of the materials 

involved in the building of formwork. 

 

At the site, a plastic enclosure was used and heated to provide comfort for the contractors and 

providing adequate curing temperatures for the adhesive.  An equipment charge that was 

believed to be relevant for inclusion in the cost analysis was the rental of the sandblaster, 

sandblasting pot, compressor and sand.  In addition, items such as Tyvek© suits, plastic gloves, 

mixing buckets and plastic rollers were also included.  Items such as grinders, safety equipment 

and mixers were not included as it is assumed that their cost is covered by the contractors.  

Since the goal of the research in the repair scenario was to restore the original capacity of an 

undamaged girder, the cost-effectiveness cannot be evaluated as defined earlier.  However, 

since all the CFRP repairs were successful in achieving their goals, the labor summary shown in 

Table 6.3 and the cost analysis shown in Table 6.4 could be of use and beneficial as an estimate 

of the expenses involved in a repair of this type.  Since the only girder which was damaged by 

an overheight vehicle was AASHTO1, several repair items such as epoxy injection have been 

included in the other girders even if the task was not performed.  This was done in order to 

compare a baseline amount of damage.  It should be noted that the labor cost per meter and 

total cost per meter should be used carefully because the actual length of repair depends on 

many different factors including the amount of concrete damage and number of ruptured 
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prestressing strands.  The length of the CFRP system for the girders repaired in flexure was 

taken as 8.82 m, and for the girder repaired in shear the length was taken as 3.05 m. 

Table 6.3 Labor summary of CFRP repair of AASHTO girders 

Task Description AASHTO1 AASHTO2 AASHTO3 AASHTO2R 

Chipping damaged 
concrete 

4 4 4 4 

Applying rust inhibitors 2.5 2.5 2.5 2.5 

Constructing and 
installing formwork 

3.2 3.2 3.2 3.2 

Pouring concrete 19.83 8 8 8 

Epoxy injection 5 5 5 5 

Grinding 20 20 20 20 

Sandblasting 9 8 8 6 

Cutting fiber 3 5 5 8 

Installing longitudinal 
CFRP reinforcement 

15 15 15 10 

Installing U-wrap CFRP 
reinforcement 

12 13 13 22 

Total hours / girder 93.53 83.7 83.7 88.7 

Total hours / m* 10.6* 9.47* 9.47* 29.10** 

* length of repair = 8.84 m. 
** length of repair = 3.05 m 
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Table 6.4 Cost analysis of CFRP repair of AASHTO girders 

System Designation AASHTO1 AASHTO2 AASHTO3 AASHTO2R 

Repair system 
EB CFRP 

sheets 
EB CFRP 

sheets 
EB CFRP 

sheets 
EB CFRP 

sheets 

Repair Mortar 500 500 500 500 

Rust Inhibitors 60 60 60 60 

Epoxy Injection 100 100 100 100 

Formwork Materials 700 700 700 700 

Main Longitudinal CFRP 456 67.5 67.5 45 

Tension strut CFRP 391.5 58.5 58.5 99 

CFRP U-wraps 564 376.65 376.65 399.15 

Equipment 265.5 265.5 265.5 265.5 

Labor total ($45/hour) 4208.85 3762.2 3762.2 3987.0 

Total cost 7245.85 5890.4 5890.4 6155.6 

Total cost / m 819.9* 666.3* 666.3* 4505.23** 

* length of repair = 8.84 m. 
** length of repair = 3.05 m. 
 

For the repair of the AASHTO girders in flexure (AASHTO1, AASHTO2, AASHTO3), the 

total cost per meter was similar for each.  This is a result of the similar type of repair 

configuration, and the length of the CFRP repair, which was identical in each instance for 

structural comparison purposes.  For each of these girders the time required to restore the 

concrete section was substantially less than the time required to install the CFRP repair 

system.  In addition, the amount of longitudinal CFRP was only around 30 percent of the total 

cost of CFRP, the remaining material being used for transverse U-wraps and tension struts.  

This represents the importance of proper detailing in a flexural repair. 

 

For the girder repaired in shear (AASHTO2R), the amount of time required to install the 

CFRP system was substantially longer than the flexurally repaired girders, mainly a result of 

the precision needed for installation of the transverse CFRP at an angle of 45 degrees. 
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Value Engineering Analysis 

Most of the findings presented in the value engineering analysis for the C-Channel girders 

strengthened with externally bonded CFRP wet lay-up systems are applicable for the repair of 

the AASHTO girder.  Some other items specific to the AASHTO girder repair are discussed 

below. 

In some cases, where the impact damage occurs near the supports, the desired length of 

development of CFRP sheets beyond the damaged region may not be possible.  It would be 

recommended to provide for additional anchorage systems in this instance.  Barnes and Mays 

(1999) have described a mechanical anchorage detail for CFRP plates which could be adapted 

for this purpose.  The research team will study this problem as part of the project extension 

where one AASHTO Type II girder will be damaged near the supports and repaired using 

CFRP sheets. 

 

 In order to restore the original serviceability after an impact event resulting in a loss of 

prestress, the girder may have to have additional prestressing added – either in the form of 

external post-tensioning, splicing of the ruptured strands or application of prestressed CFRP 

sheets.  The original ultimate capacity of the girder can be restored by repair using CFRP 

sheets. 

 

Although the examination of different types of CFRP repair for impact-damaged AASHTO 

girders is not being explored in the project extension, with a greater number of CFRP repair 

systems under field conditions, a better understanding of aspects related to value engineering 

can be obtained. 
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CHAPTER 7: 

INTRODUCTION 

The application of a strengthening plate to the tension side of a flexural member results in 

bond stresses between the adherents during applied loading to the member.  The transfer of 

required forces for equilibrium results in stresses that are a function of the applied loading 

conditions, as well as the geometry, configuration, and stiffness of the adherents and the 

adhesive.  For reinforced/prestressed concrete, the distribution of bond stresses is more 

complex as a result of flexural and shear cracking disrupting the continuity of the FRP system.  

Bond stresses are a result of a change of the internal moments along the length of the beam and 

by transfer of forces across cracks and at plate-end (Neubauer and Rostásy 1999).  Bond 

failure, or debonding, usually occurs rapidly and can be initiated in several locations along the 

strengthened member.  At the plate curtailment point, cracks due to stress concentrations may 

form as a result of the abrupt termination of the strengthening plate, or the influence of beam 

curvature on the material stiffness mismatch.  This type of debonding is called plate-end (PE) 

debonding.  For long-span flexural members, the stress concentrations due to the opening of 

flexural cracks are typically larger than the concentrations at the plate-end, and debonding 

advances from intermediate cracks (IC debonding).  The bond behavior of CFRP strengthening 

systems for reinforced/prestressed concrete will be examined in this second part of the 

dissertation, which is divided into six chapters.   

 

Chapter 8 describes the relevant literature of the bond behavior of FRP flexural strengthening 

systems for concrete structures.  The bond behavior is a heavily researched topic, but no 

studies to date have examined prestressed concrete structures.  The section is divided into 

several sections reviewing the experimental work and the existing analytical models proposed 

to predict debonding. 

 

Chapter 9 presents an experimental study specially conducted to study the IC debonding 

mechanisms.  Four full-scale prestressed concrete C-Channel bridge girders were strengthened 

with CFRP and tested to failure.  Two failure modes were observed: debonding propagating 

from midspan region (IC debonding) and rupture of FRP.   
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Chapter 10 provides an assessment of the existing analytical models to predict IC debonding.  

It is in this section that an experimental database of IC debonding failures reported by others 

was assembled.  Most of the models reviewed did not show good correlation with the database 

and highlights the need for a new analytical model. 

 

Chapter 11 presents the proposed analytical model which characterizes the shear stress along 

the FRP-concrete interface as coming from two distinct sources: the applied loading and stress 

concentrations at the toes of the flexural cracks.  The model includes a failure criteria based on 

the shear strength of plain concrete, rupture of the FRP material.  The proposed bond model 

was calibrated with the experimental database presented in Chapter 4.   

 

Chapter 12 discusses the various parameters considered in the analytical model described in 

Chapter 11.  Two types of concrete systems were examined: reinforced concrete beams, and 

prestressed concrete bridge girders. 
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CHAPTER 8: 

BACKGROUND 

The relevant literature on the bond of strengthening systems for concrete structures is 

examined in this section.  The bond behavior is a heavily researched topic, but no studies to 

date have examined prestressed concrete structures.  The first material to be adhesively 

bonded to a concrete structure was mild steel plates, and many of the early experimental and 

analytical investigations relate to steel plating.  The literature has been divided into several 

categories: Plate-end debonding, intermediate crack debonding, experimental studies, and 

failure criteria.  Within the first two areas, a detailed description of the failure mechanism is 

provided along with the literature divided to represent the type of analytical model described.   

An extensive review of the experimental work was also performed, which is used in the 

construction of an experimental database outlined in Chapter 10.  A major component of the 

analytical model described in Chapter 11 is related to the prescribed failure criteria, which is 

described in the last section in this chapter. 

8.1 Plate-End (PE) Debonding 
Many of the experimental and analytical investigations into the bond characteristics of FRP 

strengthened structures have dealt with bond failure propagating from the plate curtailment 

point, commonly known as plate-end (PE) debonding.  Due to stress concentrations resulting 

from the abrupt termination of the plate, as well as from beam curvature, a crack may form at 

the plate-end.  Due to the beam and strengthening geometry the crack either propagates in the 

cement paste layer along the plate interface, at the level of the lowest longitudinal 

reinforcement, or angling upwards as a shear crack (El-Mihilmy and Tedesco, 2001).  When 

the failure plane is at the level of the longitudinal reinforcement, the concrete cover attached 

to the strengthening plate peels away and typically is called concrete cover delamination.  A 

schematic of PE debonding is shown in Figure 8.1.  PE debonding was observed in one of the 

tested AASHTO girders tested in Part 1 of this research as shown in Figure 8.2.  In this case, 

debonding did not lead to overall failure due to the constraint provided by the FRP shear 

strengthening scheme located a short distance away from the end of the plate.  A layer of 

concrete (approximately 25 mm thick) debonded from the girder as shown in Figure 8.2.  
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Figure 8.1 Debonding propagating from plate-end  

 
Figure 8.2 Plate-end debonding in one of AASHTO girders 

Plate-end debonding depends on many factors.  The ones which exhibit the most influence are:  

(1) the location of the plate curtailment, (2) the stiffness of the plate, (3) the shear span-to-

depth ratio.  In general, if reasonable levels of strengthening are desired (therefore the plate 

stiffness is not high) and the plate is terminated in a region of low moment in a structural 

member dominated by flexural behavior, then PE debonding is not likely to occur.   

 

Plate-end debonding 
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Since the vast majority of prestressed concrete bridge girders have a high shear span-to-depth 

ratio, the occurrence of PE debonding for these structures has not been noted in the literature 

but could occur if the strengthening plates were terminated well before the supports or if 

plates of high stiffness were used. 

 

There are three main types of analytical models that attempt to predict the PE debonding 

mechanism.  Interfacial stress models provide equations estimating the interfacial shear and 

normal stresses acting along the plated section, especially near the plate curtailment point 

where the maximum values will occur.  Stress transformation equations are then usually 

prescribed resulting in a stress value which is compared with a failure criterion, usually the 

tensile strength of concrete.  Concrete tooth models suggest that failures occur when a concrete 

“tooth” between the flexural cracks peels away from the longitudinal reinforcement.  Shear 

strength models equate the PE debonding resistance to the shear strength of the concrete, or the 

beam section.  The experimental work on plate-end debonding is extensive and not included 

entirely in this thesis.  Several references are given in the appropriate part of this section, but 

for a more detailed examination of the existing models and comparisons to experimental 

databases the reader is pointed to several other studies (El-Milhilmy and Tedesco, 2001; Smith 

and Teng, 2002a, 2002b).  

Interfacial Stress Models 

The partial interaction theory of Roberts and Haji-Kazemi (1989) was the first analytical model 

to determine the interfacial displacements, strains and stresses in a plated reinforced concrete 

beam.  Assuming that the stiffness of the concrete is much greater than the plating material, 

equilibrium and compatibility equations can be used to produce a second order differential 

equation in terms of the interface slip.  The problem then is like a beam on an elastic 

foundation.  The solution to the differential equation was then substituted back into the 

original equations to determine the displacement and strain profile along the beam.  It is shown 

that the shear and normal stresses in the adhesive layer increase rapidly near the plate-end, a 

location where experimental researchers have noted that failure in the adhesive layer or 

concrete usually occurs.  Failure in the interface was deemed to occur when the shear and 

normal stresses reached certain values.   
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The rigorous calculations involved to calculate the shear and normal stresses from the partial 

interaction theory led to the development of an approximate analysis, where the maximum 

stresses could easily be found from closed-form expressions (Roberts, 1989).  From an applied 

shear and moment at plate-end equal to V0 and M0, the maximum shear (τmax) and normal (σmax) 

stresses can be approximated as: 
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where Ks is the shear stiffness per unit length, equal to Gaba/da, and Kn is the normal stiffness 

per unit length equal to Eaba/da; the subscript a and p denote the properties of the adhesive and 

the plate.  It denotes the second moment of area of the transformed equivalent plated section 

about the neutral axis.  b is the width of the flange, d is the depth to centroid of either the plate 

or the longitudinal steel, E is the modulus of elasticity.  By the author’s own admission, the 

maximum values obtained from the above approximate analysis are around 30 percent less than 

the rigorous solution. 

 

The partial interaction theory was expanded by Täljsten (1994, 1997) to neglect the bending 

stiffness of the plate and to consider different boundary and loading conditions.  Täljsten 

concluded that the parameter exerting the most influence on the stresses at the plate-end was 

the distance from the plate-end to the support.  No failure criterion was specified.   

 

There have been several attempts to define failure criteria to evaluate the equations of Roberts 

and  Haji-Kazemi  (1989).  Ziraba et al. (1994) used the straight-line failure envelope of Mohr-

Coulomb: 

 tancτ σ φ= −  (8.3) 

where τ is the shear stress, φ is the angle of internal friction (assumed as 28 degrees), and c is 

the coefficient of cohesion (assumed as 2.68 MPa).  El-Milhilmy and Tedesco (2001) used a 
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biaxial state-of-stress condition where the maximum shear and normal stresses were 

transformed to principle stresses (σ1 and σ2) and compared to the tension-tension state-of-

stress [ft=0.53(f ′c)0.5] or tension-compression state-of-stress [ftc=ft(1+σ2/ f ′c)]. 

 

A rigorous re-examination of the Roberts and Haji-Kazemi (1989) equations was performed by 

Smith & Teng (2001).  The authors found the existing equations deficient mainly because of 

their applicability only to beams with a uniform distributed load, and lack of consideration of 

shear and bending deformations in the beam element.  The effect of including these terms is 

minute, but they provide solutions for three different load cases that are closed-form.  No 

failure criterion is given to estimate failure based on the calculated stresses. 

 

Using equilibrium conditions and assuming full composite action, Malek et al. (1998) solved 

for the shear and normal stresses at the plate termination point of a FRP strengthened beam.  

Since the plate-end was at a location of low applied moment, linear elastic behavior was 

assumed for the concrete, FRP and adhesive materials.  The governing second-order 

differential equation for the axial stress in the plate (fp) was shown to be: 
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where Ga is the shear stiffness of the adhesive, εp and εc are the strain in the FRP plate and 

concrete, ta and tp are the thicknesses of the adhesive layer and FRP plate, M is the applied 

moment, Ec is the elastic modulus of concrete, and Itr is the transformed moment of inertia of 

the plated section.  A closed-form solution was found to determine the maximum shear and 

normal stresses at the plate-end which were then transformed to find the principle stresses.  

Applying a biaxial state-of-stress condition, the results are then compared to the tensile 

strength of concrete and then verified with finite element and experimental results. 

 

Rabinovich and Frostig (2000) examine the interfacial stress concentrations at the plate-end of 

FRP strengthened members through a rigorous exercise focused on trying to solve two 

problems: 1) the lack of fulfillment of point equilibrium within the adhesive layer, and 2) the 

inability to control the continuity of the equations at the edge of the strip.  The solved 
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equations consist of third order polynomials and eight exponential functions which aren’t 

included in Rabinovich and Frostig (2000) due to space constraints. 

 

Shen et al. (2002) extend the analysis of Rabinovich and Frostig (2000) and highlighted possible 

deficiencies due to two reasons: 1) the adhesive layer is treated as an elastic medium with 

constant shear stresses, and 2) the solution does not generate explicit equations.  From a 

parametric study conducted using the solved equations, the authors find that the adhesive-to-

concrete interface is the most critical interface for debonding failures.   

Shear Strength Models 

The first analytical models to study plate-end debonding failures were developed for steel 

plated structures.  They were based on the assumption that plate-end debonding occurs as a 

function of the shear strength of the concrete.  Oehlers and Moran (1990) theorized that the 

possible causes for debonding were stresses induced from axial peeling and curvature peeling.  

When the summation of these terms equals the concrete tensile strength, then debonding will 

occur.  An equation was developed which predicts the failure moment (Mp) of a plated beam: 
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where (EI)cp is the cracked plated section, f ′t is the tensile strength of concrete, Es is the 

modulus of elasticity of steel, h is the height of the section, t is the thickness of the plate and kc 

and ka are constants which determine the shape of the curvature and peeling stresses.  The 

following design equation was proposed: 
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which has a 5 percent probability of exceedance based on test results from 57 reinforced 

concrete beams strengthened with mild steel plates and a finite element analysis of the plate-

end region.     

 

Teng and Yao (2005) revised the strength design equation of Oehlers and Moran (1990) to fit 

their experimental results and a database of failures, but the predictive model is valid only 

when the plate-end is terminated within the constant moment region.  Mukhopadhyaya and 
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Swamy (2001) demonstrated that the elastic interface shear stress at the plate-end can easily be 

calculated for each of the beams tested in the literature, and with experience it could be useful 

as a design parameter.   

 

An experimental study which found strong correlations between the shear strength of a plated 

section and plate-end debonding failures was introduced by So and Harmon (200X).  Twelve 

beams were strengthened with one layer of CFRP wet lay-up laminates, with test variables of 

the concrete strength, adhesive stiffness and the distance between the FRP curtailment and the 

support.  The failure loads were found to be proportional to ( f ′c)0.5, or the tensile strength of 

the concrete.  After gathering a database of 59 beams from the literature which failed due to 

cover delamination, a relationship was found that directly follows from the detailed equation 

to predict shear failure from ACI 318 (2005).  Adding an additional factor to account for the 

stiffness of the FRP, the following equation was derived, which provides a correlation 

coefficient of 91 percent to their database of failures: 
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where b is the width of the member, d is the total depth of the member, Lt is the distance from 

the center of the supports to the FRP curtailment point, and A and E are the area and elastic 

modulus of the FRP and steel. 

Concrete Tooth Models 

Zhang et al. (1995) and Raoof and Zhang (1997) detailed development of a model for 

reinforced concrete beams strengthened with externally bonded steel plates which considers a 

“concrete tooth” formed between two flexural cracks at the plate termination point as shown 

in Figure 8.3.  The model is highly dependent on the minimum stabilized flexural crack 

spacing, which was calculated as: 

 
( )

'
min e t
p

s bars p

A fl
u O b

=
Σ +

 (8.8) 



Part 2: Bond  ▐   Chapter 8. Background 

197 

where f ′t is the tensile strength of concrete, bp is the width of the plate, ΣObars is the total 

perimeter of the longitudinal reinforcing steel, us is the steel/concrete average bond strength, 

and Ae is the assumed area of concrete in tension as illustrated in Figure 8.3.  The maximum 

stabilized crack spacing was taken as 2lp
min.  

 
Figure 8.3 The behavior of a concrete tooth (from Raoof and Zhang, 1997) 

In the model, failure of the concrete tooth leading to peeling of the concrete cover will occur 

when the stress at point A in the figure reaches a value of f ′t.  Assuming elastic behavior of the 

concrete in tension, the minimum force in the plate at failure (Ps), corresponding to the 

minimum crack spacing is equal to: 
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where Ls is the distance between the plate curtailment and the point load, bc is the width of the 

concrete soffit, and h’ is the amount of concrete cover.  When the maximum force in the plate 

at failure was taken to be 0.5Psmin, the derived equations created upper and lower bounds of an 

experimental database of beams strengthened with externally bonded steel plates. 

 

Wang and Ling (1998) modified the concrete tooth model for application to reinforced 

concrete beams strengthened with externally bonded FRP plates.  Instead of a single value for 
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steel to concrete bond strength (us), an additional term (uf) was added to the crack spacing 

equation to represent the FRP/concrete bond strength: 
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uf was taken as 1.96 MPa in their study, and us was estimated to be 0.313(f ′c )0.5.   

Experimental Studies on Plate-End Debonding 

There are many experimental studies in the literature on plate-end debonding failures, where 

debonding propagates from the FRP termination point to the midspan region. For future 

researchers, the studies will be listed here and properly referenced: Jones et al. (1988), Ritchie 

et al. (1991), Sharif et al. (1994), Ahmed & Van Gemert (2001), Fanning and Kelly (2001), 

Nguyen et al. (2001), and Valcuende et al. (2003).  For further references regarding 

experimental work on the PE debonding failure mechanism, see El-Mihilmy & Tedesco (2001) 

and So & Harmon (200X). 

Recommendations from Code Agencies 

Many of the code agencies charged with presenting design guidelines for strengthening 

structures with externally bonded FRP plates do not present equations by which plate-end 

debonding can be designed for, but they tackle the issue by issuing design rules.  The American 

Concrete Institute (ACI Committee 440, 2002) recommends staggering the plate curtailment 

points for each layer of FRP at a distance 250 mm towards the support from the inflection 

point (for continuous beams) or the cracking moment location at ultimate (for simply 

supported beams).  Additionally, designing using the bond reduction factor (κm) is 

recommended to prevent plate-end debonding.  This factor is reviewed in the next section and 

provided in Equations 8.80 through 8.82. 

 

The Japan Society of Civil Engineers (2001) acknowledges that a failure mode due to plate-end 

debonding exists, but provides no design guidance.  The Concrete Society (2004) recommends 

that to prevent a “shear-crack induced FRP separation failure” that the applied shear force be 

limited to 67 percent of the ultimate shear capacity of the section.  The Canadian Standards 

Association (2000) identifies anchorage failure as a possible failure mode and specifies that the 
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bond stress at the interface not exceed 0.75(f ′t), yet provides no explicit method for 

calculating bond stress. 

  

The Chinese code [as presented in Ye et al. (2005)] deals with plate-end debonding by applying 

two design rules aimed at controlling the stress concentrations at FRP termination point: 1) 

the FRP must be extended as close to the supports as possible, and 2) FRP U-wraps should be 

provided at the ends of the FRP laminates.  It is recognized that there are still large 

discrepancies between the available analytical models and the experimental behavior. 

 

The Fédération Internationale du Béton (fib) (2001) employs the fictitious shear span concept 

to compute the shear resistance of beams strengthened with externally bonded FRP plates.  

The nominal shear resistance of a strengthened section to resist plate-end debonding (Vd) is 

given by: 

 d d c sV b dτ=  (8.11) 
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where τd is the design shear stress, ds is the depth to the longitudinal steel, ρs is the 

reinforcement ratio, and a is the distance from the support to the plate termination point.  No 

specific detailing rules are specified. 

 

The draft Standards Australia Guideline (2006) reports that PE debonding is caused by the 

discontinuity present at the plate termination point.  They also report that termination of the 

plate in an uncracked region of the beam, or in a region of contraflexure, can prevent PE 

debonding.  Terminating a plate of low flexural rigidity, such as a pultruded FRP plate, in the 

uncracked region should prevent PE debonding.  In the code commentary, a design equation is 

provided which follows from Oehlers and Seracino (2004) for the moment at the plate end to 

cause PE debonding (MPE): 
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where (EI)cr is the stiffness of the cracked section.  This equation is nearly identical to the 

equation presented in Oehlers and Moran (1990), shown in Equation 8.9. 

 

The National Research Council of Italy (2004) provide some design guidance for FRP 

strengthened beams against PE debonding.  They specify the maximum strain in the anchorage 

section to be: 
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where f ′c and fct are the compressive cylinder strength of concrete and the mean value for the 

tensile strength of concrete respectively, nEftf is the axial stiffness per unit width of FRP 

material and kb is a width factor equal to: 
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where bf and bc is the width of the FRP laminate and concrete respectively. 

 

AC125 from ICC Evaluation Service (2003) in their interim guidelines propose a limit for the 

bond stress between the FRP composite and the concrete (uu): 
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where f ′t is the tensile strength of concrete.  This equation should be evaluated at sections 

where the rate of change in fiber net force (tjfj) is at a maximum, usually in regions of high 

shear force. 

 

8.3 Intermediate Crack (IC) Debonding 
The presence of a FRP strengthening material bonded to the tension face of a reinforced 

concrete beam will restrict but not prevent the opening of intermediate flexural or shear 

cracks due to applied loading.  At the cracking load, displacements at the toe of the flexural 
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cracks create stress concentrations at the interface of the plate and the beam, developing 

localized interface cracking.  At higher loads the interface cracks propagate and join between 

the flexural cracks and move towards the supports.  This type of FRP delamination is 

commonly termed intermediate crack (IC) debonding whether the propagation is from 

intermediate flexural cracks or intermediate shear cracks.  This type of failure mode is 

common in structures with: 1) high shear span-to-depth ratio, 2) FRP with low axial stiffness 

per unit width, 3) plate termination in a region near the support, or 4) longitudinal FRP 

anchorage details.  A schematic illustration of the intermediate crack debonding process is 

shown in Figure 8.4.  Several girders tested in this study failed due to IC debonding and are 

discussed in detail in Chapter 9.  IC debonding is only one of several failure modes which must 

be considered in design, the others being discussed in Chapter 2 of this dissertation.   

 
Figure 8.4 Debonding propagating from intermediate cracks 

Debonding from intermediate flexural cracks can be a brittle process, with interface cracking 

between flexural cracks giving little warning prior to failure.  Intermediate crack debonding is 

not a failure mode specific to reinforced concrete structures.  FRP plated steel structures may 

experience this type of failure as a result of interface cracking induced from a fatigue crack.  

Prestressed concrete long span structures experience IC debonding more than other types of 

debonding mainly as a result of their high shear span-to-depth ratio (s/d).  Besides this, other 

factors which significantly affect the IC debonding mechanism are: (1) the fracture energy of 

the concrete, (2) the stiffness of the plate, (3) the spacing of the flexural cracks. 

 

The first analytical models to describe the IC debonding process resulted from observations of 

the behavior of single lap-shear and double lap-shear specimens, which isolates a portion of a 

plated concrete beam with one flexural crack as shown in Figure 8.5.  The simple setups, 

subjecting the bonded joint to forward shear (mode II) type loading, gave researchers insight 
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into the shear stress distribution along a FRP-concrete bonded joint, and lead to empirical 

relationships that could also predict the effective bonded length (Leff), the length beyond which 

no increase in strength is gained.  Construction of the experimental shear stress v. slip curves 

for the FRP-bonded joint can be easily measured from adjacent strain gauges placed on the 

CFRP material during testing.  The shear stress (τ) and the slip (δ) between two adjacent 

gauges (1 and 2) can be calculated as (Pham and Al-Mahaidi, 2004): 
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where Ef and tp are the elastic modulus and thickness of the FRP plate, ΔL is the distance 

between the strain gauges, and εf2 and εf1 are the FRP strains.    

 
Figure 8.5 Lap-shear tests 

A possible source of variation in the experimental work using lap shear tests is the formation of 

a concrete tooth at failure due to short bearing distances (shown as lb in Figure 8.5).  Chen et 

al. (2001) conducted a finite element analysis of lap-shear and beam-end tests in the literature 

and found that the test results vary significantly with varying bearing distances and whether the 

test is a shear type test (lap-shear) or a bending type test (beam-end).  The bending tests give 
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shear stress distributions which are the upper bound, while the shear tests give distributions 

which are the lower bound.  The Australian Draft Guidelines for strengthening concrete with 

FRP (Oehlers et al. 2006) recommend that when conducting single lap-shear tests the bearing 

area be maximized to minimize the gap. 

 

Analysis of the lap-shear and beam-end tests lead to analytical models which used empirical 

relationships to describe the interface shear stress versus slip relationship, and provided failure 

criteria based on test observations.  Further work used a fracture mechanics framework and 

simplified bond stress versus slip relationships to estimate crack propagation mechanisms.  In 

addition to these models, several mechanics based theories also surfaced, using beam theory 

and simple assumptions to predict interface shear stress distributions along the beam’s length.  

The latest model developments come recognizing the effect that multiple flexural cracks have 

on the IC debonding process.  In the next sections, each of these analytical modeling methods 

will be described, followed by the recommendations made for IC debonding from code 

agencies. Lastly, the effect of the ratio of FRP to concrete surface width on the intermediate 

crack debonding resistance is also reviewed.    

Empirical Models 

Maeda et al. (1997) conducted experimental testing and finite element simulations on single 

lap-shear joints to find the effective bonded length, ultimate bond strength, and shear stress 

distribution.  The effective bond length was calculated assuming the relationship: 

 maxeff
dL
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εε ⎛ ⎞= ⎜ ⎟

⎝ ⎠
 (8.20) 

where εmax is the ultimate strain achieved in the test, and dε/dx is the gradient of the strain 

distribution.  From curve-fitting of the experimental results, the maximum force in the plate at 

failure (Pmax) was found to follow the relationship: 

 
6.134 0.58ln( )6
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where tp is the thickness of the plate, Ap is the area of the plate and Ep is the elastic modulus of 

the plate. 
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In an analytical study of double lap-shear specimens, Yoshizawa and Wu (1997) developed a 

design procedure based on a fracture approach which relied on regression of test results.  They 

proposed a shear stress at failure (τmax) equal to: 

 0.6691
max 5.88Lτ −=  (8.22) 

where L is the bonded length in millimeters. 

 

Bizindavyi and Neale (1999) tested CFRP and GFRP-to-concrete single lap-shear specimens 

with bonded widths equal to 25.4 mm.  The goal was to develop a test procedure which could 

be used to determine bond strengths and effective bond lengths for specific FRP systems that 

could be used in design.  Empirical relationships were derived from test results to predict shear 

stress distributions along the interface. 

Mechanics Based Models 

Wang and Ling (1998) proposed a discontinuous interfacial shear stress model using elastic 

properties for the concrete, and FRP and a bi-linear relationship for longitudinal steel 

reinforcement.  The interface shear stress (τi) was found using the following equations: 
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where V is the applied shear force, bp is the width of the plate and S1 and S2 are the slopes of 

the relationship between the tensile force in the FRP and the applied sectional moment before 

and after yielding as illustrated in Figure 8.6.  In the figure Ty represents the force in the 

internal tensile steel at yielding.  Failure was deemed to occur when the interface shear stress 

exceeded the shear strength of concrete, taken as a function of the compressive strength of 

concrete (f ′c): 

 '
max 0.53c cfτ =  (8.25) 
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Figure 8.6 Internal force variations before and after the yielding of tensile steel 

A similar approach was introduced by Matthys (2000), where a bond failure mode identified 

was due to the “transfer of forces”.  Equilibrium of the forces along a length of the beam (Δx) 

leads to the following expression for interface shear stress (τi): 
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where ΔFp is the incremental change in the force in the plate over the length Δx, and bf is the 

width of the plate.  Using several assumptions including an estimate of the internal lever arm, 

and assuming that the strain in the FRP is equal to the strain in the tensile steel (εs= εf), the 

following design equations were derived: 

 

( )

'
s y1.8    for 

0.95 1

u
t

s s
f

p p

V
f

A E
b d

A E

ε ε≤ <

+
⎛ ⎞
⎜ ⎟
⎝ ⎠

 (8.27) 

 
( )

'
s y1.8    for 

0.95
d

t
f

V
f

b d
ε ε≤ >  (8.28) 

where Vd represents the design applied shear force at any location, 1.8 f ′t is the shear strength 

of the concrete based on the Mohr-Coulomb failure criterion.  f ′t is the characteristic tensile 

strength of concrete, taken as 0.21 f ′c 2/3.   
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By the author’s admission, the force transfer mechanism does not control failure in many 

instances, but the limit can be reached in cases where the internal steel reinforcement has 

yielded or from loading resulting in high shear forces.  An additional failure mode due to shear 

stress concentrations at the toes of flexural cracks was deemed not to be critical as 

microcracking in the concrete paste layer equilibrated the stresses to prevent unzipping of the 

FRP.  Equations were presented to predict similar concentrations at the toes of shear cracks 

whose vertical crack displacement leads to a peeling effect that can initiate debonding. 

 

The significance of intermediate crack debonding (or, midspan debond) was pointed out by 

Sebastian (2001) who wrote that, “although much research effort to date has been invested in 

[plate-end debonding], in practice midspan debond may be critical in many single-span simply 

supported FRP-plated concrete bridges,” due to the high shear span-to-depth ratio, the use of 

thin FRP plates, and the extension of the plates as close as possible to the supports.  Sebastian 

describes two phases of midspan debond: one during which debonding is initiated at the toes of 

the flexural cracks, and a subsequent phase at which the debonding propagates rapidly towards 

the supports.  The interface shear stresses (τi) generating the debonding phenomenon at 

midspan can be expressed using the fundamental equation: 

 p
i p p

d
t E

dx

ε
τ =  (8.29) 

where tp and Ep are the thickness and modulus of elasticity of the FRP plate, and εp is the strain 

in the plate along the length of the beam, x.  From this equation it is obvious that the plate 

strain differential throughout the length of the beam is affecting the interface shear stress.  

From several tests on FRP-plated concrete specimens Sebastian found non-zero plate strain in 

the constant moment region, and it was theorized that bending of the plate due to dowel-

action or post-debond interlocking behavior could cause the strain differentials he observed. 

To predict intermediate crack debonding failure, analytical methods using discreet crack 

modeling are recommended. 

 

Sebastian (2002b) provides an in-depth exploration of the interface shear stresses for a plated 

reinforced concrete member.  Local equilibrium and compatibility conditions showed that the 

interface shear stress was directly related to the axial strain gradient in the plate.  While the 
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longitudinal reinforcing steel remains elastic, very small strain gradient are present in the plate.  

Once the internal steel yields there is a dramatic increase in strain gradient in this 

“elastoplastic” region.  The analytical model which is proposed derives the interface shear stress 

using the fundamental Equation 8.29 with the axial strain gradient in the plate estimated using 

compatibility and equilibrium equations for a cracked reinforced concrete section.  The final 

expression for interface shear stress (τi) is: 
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where tp and Ep are the thickness and modulus of elasticity of the FRP plate, εc is the 

compressive strain in the concrete, h is the height of the section, c is the neutral axis depth, and 

φ is a factor which changes with varying strain profiles along the section. Predicted and 

measured axial strain and interface shear stress for a plated reinforced concrete beam are 

shown in Figure 8.7.   

 
Figure 8.7 Comparison of predicted and measured data at an advanced stage of 

elastoplastic behavior; a) axial strain in composite plate, b) interface shear stress (from 

Sebastian, 2002). 
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Using a parametric study, Sebastian (2002b) predicted the influence of loading scenario on the 

interface shear stress distribution.  Since the axial strain gradient in the FRP varies markedly 

with loading scenario, a condition with symmetric point loads applied near the supports (4-

point bending) shows the highest interface shear stress.  In one case examined, the predicted 

interface shear stresses due to this loading type were over 250 percent greater than the shear 

stresses incurred due to a single point load at midspan.  No failure criterion was explicitly 

recommended, but it was recognized that the interface shear strength of concrete is between 

3-5 MPa.  In an additional paper, Sebastian (2002a) used a similar analytical technique to 

account for pre-existing strains in plated reinforced concrete members.  

 

Kotynia and Kaminska (2002) recommended an intermediate crack and plate-end debonding 

philosophy based on simple design rules observed from experimental tests: 1) Midspan debond 

would occur when the axial strain in the FRP plate reaches 6 percent, and 2) Plate-end 

debonding would occur if the longitudinal steel reinforcing at the plate-termination point was 

yielding when the axial strain in the FRP plate was 6 percent at midspan. 

 

By observing debonding failures of Aramid FRP (AFRP) sheets, Kishi et al. (2001) proposed a 

design rule based on the length along the span of the yielded tensile reinforcement, Ly.  

Normalized to the depth of the section (d), the authors observed that the failures clearly 

followed the pattern: 

 0.35  for debonding failureyL s
d d

>  (8.31) 

 0.30  for flexural failureyL s
d d

<  (8.32) 

where s/d is the shear span to depth ratio.  Although the equations above are specific to the 

cross section examined (250 mm x 150 mm), the authors show clearly that the failure type 

depends on the ratio of My/Mn, where My and Mn are the bending moment capacity at yielding 

of the tensile steel and ultimate moment capacity of the strengthened RC beam. 

 

Teng et al. (2004) through the use of a smeared-crack finite element model developed several 

design equations based on mechanics and fracture theories.  The uniqueness of the finite 
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element model was not only in the implementation of smeared-crack methodology, but 

through the use of a modified bond stress versus slip relationship which varied depending on 

the distance from the major flexural cracking region.  For the design equations, it was 

recognized that development of the FRP tensile strains occurs in two stages: once, before 

yielding of the steel reinforcement where the strain distribution in the plate is mainly caused by 

the shear force in the beam, and second, after yielding of the steel reinforcement where the 

local bond slips near the point of loading are very large.  Based on two idealized stress blocks, 

the total axial force in the FRP plate is given by: 

 ,max ,max
max 2 2

c ee s d
f

L L
P b

τ τ
= +

⎛ ⎞
⎜ ⎟
⎝ ⎠

 (8.33) 

where τc,max is the maximum bond stress of the stress block due to crack slips, τs,max is the 

maximum bond stress of the stress block due to shear force slips, Lee is the distance of the crack 

slip zone, and Ld is the distance from the applied load to the uncracked region.  A schematic of 

the two stress block regions is shown in Figure 8.8.  After comparison to a finite element 

analysis of 45 beams taken from the literature, the following equation was derived that matches 

the experimental results: 

 ( )max max0.114 4.32 t f f fP b E tα τ= −  (8.34) 

where τmax= 1.5kb f ′t  and αt=3.32 Lee/Ld.  The effective bond length (Lee) is given by the 

following equation Lee=0.288(Eftf)
0.5.  kb is a width factor given by: 

 
2.25

1.25

f

c

f

c

b
b

b b
b

k
−

=
+

 (8.35) 

where bf/bc is the ratio of FRP to concrete surface width.  By their finite element analysis, the 

authors found that replacing the value of the αt  factor with a constant factor did not result in a 

significant loss of accuracy.  A recommended design equation was then given as: 

 
'

0.54 t
db

f f

b
f

nE t
kε =  (8.36) 
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Figure 8.8 Interfacial bond stress blocks (from Teng et al. 2004) 

Width Factor 

Many researchers have found that the ratio of FRP to concrete surface width has an effect on 

the shear stress distribution, and that with increases in laminate width proportional increases in 

failure load are not always seen (Brosens, 2001; Chen and Teng, 2001).  There are two 

possible sources for the width effect: the size effect theory from fracture mechanics (kb1) and 

the spreading out of forces in the concrete (kb2) (Brosens, 2001).  The size effect phenomenon 

on the maximum shear stress can be defined as: 

 

0

1 1 p

f

b b
b

kk =
+

 (8.37) 

where the width of the FRP plate is bp, and k and bf0 are empirical constants.  The spreading out 

of the interface shear stress on the concrete can be defined as: 

 2 2 f
b

c

b
k

b
= −  (8.38) 

where bc is the width of the concrete.  bc for T-beams is the width of the soffit.  It can be seen 

that with a smaller ratio of bf/bc the larger the maximum shear stress.  The total width factor is 

the product of kb1 and kb2 and is equal to: 
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( )
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1

f
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f
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b

b
b

b
b

k
k

−
=

+
 (8.39) 

 

Chen and Teng (2001) suggest the use of a width effect factor that closely resembles the above 

equation that was calibrated with single and double lap-shear specimens: 
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f

c

f

c

b
b

b b
b

k
−

=
+

 (8.40) 

Width factors from several other analytical models were assessed in Chapter 10: Model 

Comparison. 

Fracture Based Models 

Several researchers have derived expressions to predict the ultimate load of single lap-shear 

concrete specimens bonded with FRP based on the fracture energy of the concrete (Brosens, 

2001; Yuan et al. 2001; Täljsten 1994).  The materials are usually assumed to be homogeneous 

and linear-elastic, the adhesive layer is assumed to be of negligible thickness and acts only as a 

medium to transfer the mode II shearing loading, and the FRP plate and adhesive are assumed 

to be of uniform thickness.  From the differential element shown in Figure 8.9, the equations 

of equilibrium for the adhesive layer can be written as: 

 0p

p

d

dx t

σ τ
− =  (8.41) 

 0f f f c c ct b t bnσ σ+ =  (8.42) 

where τ is the shear stress in the adhesive layer, and n is the number of FRP layers.  There are 

three constitutive equations for the adhesive layer, the concrete and the FRP material: 

 ( )fτ δ=  (8.43) 

 f
p f

du
E

dx
σ =  (8.44) 

 c
c c

du
E

dx
σ =  (8.45) 
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where δ is the slip between the concrete and the FRP, up-uc.  Substituting equations 8.42 

through 8.45 into 8.41 gives, with the introduction of the parameters local bond strength, τf 

and interfacial fracture energy, Gf: 

 ( )
2

2
2 2

2
0f

f

Gd
f

dx
δ

λ δ
τ

− =  (8.46) 
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22
f

p
f f

d
G t dxn

τ δ
σ

λ
=  (8.47) 

where 

 
2

2 1
2

f f

f f f f c c

b

G nE t b E t

τ
λ = +

⎛ ⎞
⎜ ⎟⎜ ⎟
⎝ ⎠

 (8.48) 

 
Figure 8.9. Concrete-FRP bonded joint (from Yuan, et al. 2001) 

The solution to the differential equation in Equation 8.46 depends on the relationship of 

interfacial shear stress to slip.  There are several models which have been proposed to 

represent the shear stress versus slip relationship of a concrete-FRP bonded joint which are 

shown schematically in Figure 8.10.  The energy required to bring a bonded joint to failure is 

called the fracture energy.  It is equal to the area under the stress versus slip curve and can be 

defined by (Brosens, 2001): 

 if dG τ δ= ∫  (8.49) 

where τi is the interface shear stress.  Täljsten (1994) provided a solution to the linearly 

ascending relationship shown in the figure, and Yuan et al. (2001) provided solutions to all of 
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the models shown.  Brosens (2001) solved several of the models shown along with a model 

based on the power function.  The interface shear stress distributions during micro and macro 

crack propagation through a bonded joint are also shown for each of the three models in Figure 

8.10. 

 
Figure 8.10. Simplified interfacial shear stress versus slip relationships and shear stress 

propagations during loading (from Yuan et al. 2001) 

Chen et al. (2001) concluded from experimental results that the linearly ascending and then 

descending relationship (shown as (b) in Figure 8.10) most accurately represented the behavior 

of a FRP-concrete bonded joint, but since the value of slip at peak stress (δ1) was small in 

comparison to the maximum slip (δf), the relationship shown as (a) was useful in design due to 

its straightforward solution.  This relationship can be substituted into Equation 8.46 to obtain: 

 
2

2 2
2

2 f

f

Gd
dx

δ λ δ λ
τ

+ =  (8.50) 

  

After boundary conditions are applied, the differential equation can be solved for the slip (δ), 

the interface shear stress (τi), and the normal stress in the FRP plate (σp) along the length of the 

bonded joint (x): 
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 ( )[ ]{ }2
1 cosf

f

G
x L aδ λ

τ
= − − −  (8.51) 

 ( )cosi f x L aτ τ λ ⎡ ⎤= − −⎣ ⎦  (8.52) 

 ( )[ ]sinf
p

f

x L a
nt

τ
σ λ

λ
= − −  (8.53) 

where L is the length of the bonded plate and a is the length of the softening or microcracking 

zone, also known as the fictitious crack length (Täljsten, 1994).  The value of a can be 

determined from the load (P) at the free end recognizing that σp=P/ntfbf when x=L.  The load 

can now be expressed as: 

 ( )sinf fb
aP

τ
λ

λ
=  (8.54) 

The load reaches a maximum value when L ≥ π/2λ.  This value is called the effective bond 

length (Leff), or the length beyond which no more increase in load is possible.  This is also the 

area over which the majority of the bond stresses are concentrated.  The maximum load to 

cause failure can now be expressed as: 

 max
f fb

P
τ

λ
=  (8.55) 

For completeness, one can also derive the following expression if L<Leff, but for long-span 

flexural members the bonded length will always be greater than the effective bonded length.  

When L<Leff, 

 
( )max sin

f fb
P

L

τ

λ λ
=  (8.56) 

One simplification (Yuan and Wu, 2001) of Equation 8.55 is to rearrange the parameter λ such 

that: 

 ( )2 1f

f f fnE t
τ

λ α
δ

= +  (8.57) 

where α=bfnEftf/bcEctc.  As the value of tc (thickness of the concrete block) becomes much larger 

than the thickness of the plate the value of α becomes small, and Pmax can be expressed as : 
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 max p f f f fP b nE tτ δ=  (8.58) 

when L≥ Leff.   

 

A similar approach was used by Neubauer and Rostásy (1999) who used fracture mechanics to 

derive expressions for the bond strength of CFRP bonded to concrete.  An engineering model 

was presented for which the maximum force in the plate at failure, Pmax, is: 

 '
max 0.64 b f f f tP k b nE t fα=  (8.59) 

where kb is a bond width factor, bf, n, tf, Ef are the width, number of layers, thickness and 

modulus of elasticity of the plate, and f ′t is the tensile strength of concrete.  The effect of 

vertical displacement at inclined shear cracks was also considered through the use of a factor 

(α) multiplied to the above equation, which accounts for the mixed-mode behavior occurring 

due to shear and peeling stresses.  Through an analytical approach and from fracture tests on 

concrete, they recommend that α be set equal to 0.90. 

 

The tensile force envelope method by Niedermeier (2000) is a rational approach based on the 

assumption that the amount and spacing of the intermediate flexural cracks will influence the 

debonding mechanism.  At the FRP anchorage a certain force in the FRP plate can be 

developed equal to the resistance available in a characteristic lap-shear test, and at each 

intermediate flexural crack this force is increased in a manner also related to the lap-shear test 

resistance.  In this way, an envelope line of the resisting tensile forces in the FRP can be 

developed and compared to the tensile demand on the FRP from the applied loading.  The 

maximum crack spacing (lpmax) will control the provided equation and is equal to twice the 

transmission length: 

 
( )

max 12 cr
p

m s f f s

Ml
z u b u d π

=
Σ + Σ

 (8.60) 

where 

 
20.82

6cr
kbhM =  (8.61) 
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E A E A

+
=

+
 (8.62) 

uf and us are the bond strength of concrete to FRP and steel respectively.  k is a constant 

accounting for the higher tensile strength of concrete surface and is taken equal to 2.0.  Once 

the crack spacing has been calculated, a graph can be constructed which determines the 

increase  in FRP tensile force allowed at each crack. 

 

Chen and Teng (2001) provided a review of the available models derived from the single and 

double lap-shear tests.  They assembled a database of the lap shear tests and proposed a model 

based on Yuan et al. (2001) from regression of the test data: 

 
'

db b
c

f f

k
f

nE t
ε α=  (8.63) 

using a kb factor of: 

 
2

1

p

c

p

c

b
b

b b
b

k
−

=
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 (8.64) 

α in the above equation equals 0.427 for the mean value and 0.315 for the 95th percentile 

characteristic value. 

 

De Lorenzis et al. (2001) proposed an equation for the bond reduction factor (κm) of FRP 

laminates of different lengths bonded to concrete.  An equation from Täljsten (1994) was 

derived using equilibrium of the bonded joint for the case of linear-elastic materials and a 

calibration factor added from regression of test results from experimental studies of bond 

length.  The equation for debonding strain can be written as: 

 db m uε κ ε=  (8.65) 

 

 
0.51

db u
f fnE t

ε ε=  (8.66) 
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where nEftf represents the axial stiffness per unit width of FRP laminate, and εu is the FRP 

ultimate tensile strain.  No difference in the fracture energy of the bonded joint was observed 

for different debonding failure modes or different concrete strengths. 

 

Leung and Tung (2001) proposed a model using fracture parameters and an interface shear 

stress versus slip curve allowing for localized debonding around the main flexural crack.  The 

model gives solutions for the tensile stress in the FRP plate and the corresponding interface 

shear stress, but does not specify failure criterion.  The maximum strain at the flexural crack 

when debonding occurs is equal to: 

 
( )

( )
max sinh1

coshdb
f f db

s
E t s a l

ατε
α α

=
⎡ ⎤− −⎣ ⎦

 (8.67) 

where tf is the thickness of the FRP laminate, Ef is the modulus of elasticity of the FRP 

laminate, s is the shear span, a is the FRP plated distance within the shear span, ldb is the 

debonded length around the main flexural crack, τmax is the maximum interface shear stress, and 

α is a constant equal to: 

 
11 f f

a
c c f a f

E A
G

E A t t E
α

⎛ ⎞
= +⎜ ⎟

⎝ ⎠
 (8.68) 

where Ec and Ac are the modulus of elasticity and area of concrete, and ta and Ga are the 

thickness and shear modulus of the adhesive.  As the value of ldb increases, the maximum 

developed strain in the FRP increases, but since no failure criterion is given it is difficult to 

assess what value of ldb can be called a limiting value without experimental validation. 

 

Ulaga et al. (2003) derive a solution to a double lap-shear FRP-concrete specimen using a bi-

linear stress versus slip relationship.  At low levels of load there is a hardening branch only in 

the stress-slip curve, which turns into a softening branch once micro-cracking occurs.  From 

regression of test results the following mean relationship was found for the area under the 

stress-slip curve, or fracture energy, Gf: 

 '2 / 30.045f cG f=  (8.69) 

The bond capacity of the FRP-concrete joint can be determined from the following equation 

for sufficiently long bond lengths: 
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ε
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+
 (8.70) 

where nf is the modular ratio of FRP to concrete (Ef/Ec) and ρf is the FRP reinforcing ratio.  

The authors compare their equation to several studies in the literature for double lap-shear 

tests and find reasonable agreement with the experimental results. 

 

Oehlers and Seracino (2004) calibrated the model of Chen and Teng (2001) with their 

experimental results from lap shear tests, beams and slabs.  For design they recommend an α 

value of 0.54 and 0.48, while the mean value was 0.72 and 1.10 for beams and slabs 

respectively. 

 

In an attempt to standardize the design procedure for externally bonded (EB) and near surface 

mounted (NSM) FRP strengthening systems, Seracino et al. (2005) gives design equations 

calibrated with single lap-shear tests for both systems.  The strain resistance provided by a 

single lap-shear test can be estimated as: 

 
f f per

db
f f f

L

nE t b

τ δ
ε =  (8.71) 

where Lper is the perimeter length of the cross-section of the failure plane as shown in Figure 

8.11.  The quantity x is equal to the thickness of the concrete paste layer during IC debonding 

failure which separates from the concrete surface, and can be taken equal to 1 mm.  nEftfbf is 

the axial stiffness of the FRP material. 

 
Figure 8.11 Perimeter length of idealized failure plane (from Oehlers et al. 2006) 
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τfδf is the maximum interface shear stress multiplied by the maximum interface slip, or half the 

fracture energy.  It can be determined from material testing, or may be taken equal to the 

following equation given in the code commentary for beams strengthened with externally 

bonded sheets or strips: 

 ( )
0.5

0.67'1
0.73

2f f
f

cb
fτ δ =

+

⎛ ⎞
⎜ ⎟⎜ ⎟
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 (8.72) 

Multiple Crack Models 

Many reinforced/prestressed concrete beams at high load levels will experience a large 

gradient of cracking behavior over much of the member’s length, in contrast to the single 

flexural crack assumed in the fracture based models described above.  The multiple flexural 

cracks will induce crack-opening displacements which relieve stress concentrations at the toes 

of cracks near midspan.  Several early researchers identified the importance of considering 

multiple flexural cracks, and the latest model developments come recognizing the effect that 

they have on the IC debonding process.   

 

Malek et al. (1998) recognized the effect that flexural and shear cracking had on the concrete 

shear stress distribution in an FRP plated section and how it affected the plate-end debonding 

failure mode.  He re-solved the constants of integration in the governing differential equation 

and determined a solution for the maximum shear stress at a crack.   

 

Schilde and Seim (2004) introduced a modified double lap-shear test, which was designed to 

explain the distribution of shear stresses between two adjacent cracks in a CFRP strengthened 

concrete member.  A concrete block with two CFRP strips externally bonded to the surface on 

two sides was placed in a fixture in which tension force could be applied to both of the strips.  

After applying a force up to a certain point which corresponded to yielding of the internal 

tensile steel, the force on one side was kept constant while the other was increased up to 

failure.  The normal stress in the laminate and the shear stress in the concrete could be 

determined from strain gages mounted along the bonded length.  The authors concluded that if 

the forces applied on either end remained constant that there would be a combination of 

“equilibration and compatibility” bond acting in the interface between the concrete and FRP.  
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As one would expect, as the tension force is increased on one side, the shear stress distribution 

along the bonded length is no longer symmetric and becomes more asymmetric as the load is 

increased.  Near debonding failure, the shear stress distribution on the side remaining under 

constant load is zero.  Although a finite element procedure was carried out that predicts the 

load versus deformation response of the test specimens, no other analytical methods were 

described. 

 

Harmon et al. (2003) examined the bond behavior of FRP to concrete joints through analytical 

modeling with verification through bond tests.  They defined an equation for the effective bond 

length (Le) as a function of the FRP stiffness (Ef) the shear modulus of the adhesive (Ga) and the 

thickness of the FRP (tf) and the bond layer (tb): 

 f f b
e

a

nE t t
L

G
=  (8.73) 

Two equations are presented to find the force in the FRP at ultimate (Pmax) based on whether 

the section can be assumed to have one main flexural crack, or multiple cracks along the length 

of the beam.  For a section with multiple cracks, 
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 (8.74) 

where τmax is the bond shear stress at failure, and s is the spacing of flexural cracks (an estimate 

of d/2 is used).  Two values should be determined from the moment diagram, T and Ts, which 

correspond to the tensile force in the FRP at ultimate at the main flexural crack, and at the 

secondary crack.  As a failure criterion, the value of T0 should be compared to T.  The value of 

effective bond length and consequently the value for T0, is highly dependent on the ratio of 

Ef/Ga.  Similarly since equation 8.74 is highly dependent on the value of Ts it is not clear what is 

to be done if the value for T0 is less than that of Ts. 

 

The effect of multiple flexural cracks on the debonding resistance was noted by Pan and Leung 

(2005): “the relative slip between the FRP and the concrete will be reduced by the presence of 

multiple cracks and reduce the rate of softening along the interface”.  The interface shear stress 

versus slip relationship used in the derivation accounts for localized debonding around the 
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flexural crack and was defined in Leung and Tung (2001).  Two assumptions were made about 

the secondary cracks, 1) if the crack is in the elastic stress transfer zone its effect is negligible, 

and 2) the crack opening displacement for the secondary cracks will only be significant if the 

internal tensile steel has yielded.  With these two assumptions, a detailed procedure is outlined 

for which the interface shear stress and tensile stress in the FRP laminate can be determined 

under the presence of multiple cracks.  Comparing the model to experimental results from 

several beams tested which failed due to the presence of either one major flexural crack or 

multiple flexural cracks, it is clear that the tensile strains in the FRP prior to debonding are 

higher for the beams which had multiple cracks, a finding which validates the model.  

 

In Teng et al. (2006) it was recognized that between the major flexural or flexural-shear crack 

where debonding propagates in an FRP strengthened member there are a series of flexural 

cracks which will have an influence on the maximum tensile strain in the FRP laminate at 

failure.  The authors recognize that this type of failure is fundamentally different from 

debonding initiating from one major flexural crack, a failure type which is closely mimicked in 

the single lap-shear test.  In order to account for this fundamental difference, a single lap-shear 

test specimen was invented which can create a tensile force in the FRP on either side of the 

concrete block.  The boundary conditions in this type of specimen resemble conditions that a 

FRP laminate would experience in the concrete tooth between flexural cracks in regions of 

high moment.  Assuming that the shear stress across the thickness of the laminate is constant, 

and ignoring the bending deformations of both adherents, equations are derived which can 

predict the full range behavior of a bonded joint between two cracks.  The interface shear 

stress versus slip relationship which has been employed is triangular: linearly ascending 

followed by a descending branch.  The analytical results show that when the ratio between the 

loads applied to the FRP laminate at each end (β) is increased, the corresponding debonding 

load also increases; i.e., when β=0 (one major flexural crack) the applied load to cause 

debonding is the smallest.  Alternatively, the effective bonded length (Leff) was found not to 

change significantly as β was increased.  When β=0 in the analytical model, i.e. within a 

region of constant moment, the load required to initiate debonding is infinite.  This confirms 

experimentally observed results that debonding initiation rarely occurs between flexural cracks 

within the constant moment region. 
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Simplified equations for the interface shear stress and tensile stress in FRP laminate between 

two cracks were developed by Chen et al. (2005).  The linearly ascending and then descending 

triangular shear stress versus slip curve employed in Teng et al. (2006) was simplified with a 

triangular descending branch only with the parameters of maximum interface shear stress (τmax) 

and maximum interface slip (δmax).  The effective bonded length (Leff) was found to be: 
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where 

 max max
1 f

f f c c c

b
E nt b E t

λ τ δ
⎛ ⎞

= +⎜ ⎟⎜ ⎟
⎝ ⎠

 (8.76) 

where β is the ratio of applied load on the FRP on either side of the concrete block.  The 

maximum tensile strain in the FRP laminate to cause debonding can be found from the 

following equation if the bonded length of the FRP is greater than π/λ-Leff : 
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 (8.77) 

If the deformation in the concrete is neglected (which can be assumed for large structural 

members) then bcEctc→∞ and the effective bonded length can be found to be: 

 ( )1 arccoseffL π β
λ λ

= −  (8.78) 

If the bonded length is larger than π/λ-Leff , then the tensile strain in FRP laminate to cause 

debonding can be found to be: 

 ( ) 0.521 2 1db f f f
f f

G E t
nt E

ε β
−

= −  (8.79) 

where Gf represents the fracture energy and is equal to τmaxδmax/2 for the interface shear stress 

versus slip relationship considered.  The predictions of debonding strain derived using the 

simplified shear stress versus slip relationship compare well to predictions made using the bi-

linear model in Teng et al. (2006). 
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Recommendations from Code Agencies 

ACI Committee 440 (2002) recognizes two different types of delamination for externally 

bonded FRP laminates: concrete cover delamination (PE debonding) or FRP debonding (IC 

debonding).  They propose the use of a bond reduction factor (κm) which is multiplied by the 

ultimate rupture strain (εfu) of the material to give the design rupture strain of the material: 

 db m fuε κ ε=  (8.80) 

The value of  κm depends on the axial stiffness (nEftf) of the FRP material per unit width and the 

ultimate rupture strain of the material(εfu).  When nEftf ≤ 180,000 then 
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The document admits that the relationship of κm is based on general trends and experience of 

practicing engineers and is in need of refinement.  From correspondence with the ACI 440 

Committee, it is believed that a future document will be based upon the analytical model of 

Teng et al. (2004) modified with a calibration factor determined from experimental results.  

Zhao and Toutanji (2004) found that the model proposed by ACI Committee 440 (2002) using 

the bond reduction coefficient κm was less scattered and more conservative than the Smith and 

Teng (2002) model.   

 

The Fédération Internationale du Béton (fib) (2001) has three approaches for determining the 

IC debonding resistance of an FRP strengthened member in an appendix to the code 

document.  The first method is a modified approach from Neubauer and Rostásy (1999), 

where the IC debonding stain can be calculated according to3: 

 1 c b
ctm

db
f

c k k
f

nEt
αε =  (8.83) 

                                                 
3 Note that in the document from 2001 there is a typographical error in equation A1-1: b should be bf. 
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where α is a reduction factor to account for the influence of inclined cracks on the bond 

strength (α=1.0 for beams with sufficient shear reinforcing and for slabs, else α=0.9).  kc is a 

factor accounting for the state of compaction of concrete (kc=0.67 for FRP bonded to concrete 

with low compaction, e.g. faces not in contact with formwork during casting, else kc=1.0).  kb 

is a width factor equal to: 
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Where bf/bc ≥ 0.33.  c1 can be obtained through test results; for CFRP strips they recommend 

c1=0.64.   fctm is the mean value of the concrete tensile strength.  The second approach follows 

the tensile force envelope method by Niedermeier (2000) and the third approach follows the 

force transfer approach by Matthys (2000).  Both of these methods are described earlier in this 

section. 

 

The Concrete Society (2004) from the United Kingdom has specified design procedures to 

prevent debonding by limiting the maximum strain in the FRP and designing for appropriate 

anchorage lengths.  An equation similar to the fib code is presented which calculates the 

debonding strain of externally bonded FRP systems (εdb) following a procedure based on 

Neubauer and Rostásy (1999): 

 0.5 ctm
db b

f f

fk
nE t

ε =  (8.85) 

where kb is a bond factor identical to the one used in the fib code.  fctm is the tensile strength of 

concrete either from fctm=0.18fcu
2/3 or ideally from pull-off tests of the concrete. 

 

The National Research Council of Italy (2004) gives a simplified procedure for calculating the 

IC debonding resistance of a FRP strengthened beam.  At the ultimate limit state the maximum 

strain in the FRP should be no greater than 3 times the value found in Equation 8.15 for PE 

debonding.  
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There exists a Chinese code document for the strengthening of concrete structures with FRP 

(CECS-146), which was reviewed recently in Ye et al. (2005).    The effective FRP strain at IC 

debonding failure was calculated as: 
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where kb is a width factor equal to: 

 
2.25

1.25

f

c

f

c

b
b

b b
b

k
−

=
+

 (8.87) 

Ld is the distance from the plate end to the section where the FRP plate is fully used, which is 

assumed to be the shear span minus the distance from the plate end to the support.  λ is a factor 

to account for the effect of FRP U-wrap anchors.  When U-wraps are used throughout the 

length of the beam this factor can be set equal to 1.3.  If the designer has sufficient experience 

then λ can be set equal to 1.5, else it is 1.0. 

 

The Japan Society of Civil Engineers (2001) recommends the following equation to prevent 

peeling in regions of maximum bending moment: 
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where nEftf is the axial stiffness of the FRP material and Gf is the interfacial fracture energy 

between FRP and concrete.  It is recommended that a bond strength test (a single or double 

lap shear FRP-concrete test) be performed to determine the quantity Gf for any given concrete-

FRP configuration.  In the absence of test data, a value of Gf=0.5 N/mm can be used. 

 

The design philosophies for the Draft Australian Guidelines (Oehlers et al. 2006) are similar to 

philosophies presented in Oehlers and Seracino (2004) and follow two distinct paths.  The first 

specifies that the resistance be equal to the resistance from a single lap-shear test if the FRP is 

terminated in a region of positive moment.  The second specifies that the resistance can be set 

equal to the resistance from a single lap-shear test plus the resistance offered by concrete teeth 
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formed between the flexural cracks.  The debonding strain resistance due to single lap-shear 

tests can be calculated using Equation 8.71 from Seracino et al. (2005). 

8.4 Experimental Studies 

IC Debonding Database 

An experimental database of intermediate crack (IC) debonding failures was constructed as 

part of this research.  The database was used for model comparisons and calibration described 

in Chapters 10 and 11.  Descriptions of the experimental studies are found here, organized by 

whether they were included in the database or not.  The rules for database inclusion are given 

here, but are described in more detail in Chapter 10.  Beams or slabs were not included if they 

had any of the following characteristics: 

 

1. Other types of debonding – the database is concerned only with intermediate 

crack (IC) debonding and rupture of FRP as described in Chapter 8. 

2. Beams less than 150 mm in depth  

3. Beams with a shear span-to-depth ratio of less than 2.5  

4. Beams with anchorage details –i.e. transverse CFRP U-wraps, anchorage bolts, 

or longitudinal CFRP which has been either extended under supports or anchored 

with “shear keys”. 

5. Studies where no debonding strains were provided  

6. Cantilever beams/slabs, beam-end, or other specimens  

Experimental Studies Included in Database 

Saadatmanesh & Ehsani, 1991 

An early study of the feasibility of using FRP composites for reinforced concrete strengthening 

was conducted by Saadatmanesh and Ehsani (1991) through the monotonic load to failure of six 

beams, five strengthened with Glass FRP (GFRP) plates.  The authors showed the effect of the 

steel reinforcement ratio on the failure mode of the strengthened beams.  In general, for beams 

with same shear span-to-depth ratio, beams with lower reinforcement ratio failed due to 

concrete cover separation and beams with higher reinforcement ratio by IC debonding.  One 

beam failed due to IC debonding at a GFRP strain of 5200 millistrain and was included in the 

database. 
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Spadea et al., 1998 

Four 300 mm x 140 mm beams were tested in Spadea et al. (1998), three strengthened with 

externally bonded CFRP wet lay-up sheets.  Two of the beams had adhesively bonded steel 

plates configured as either intermediate anchorage or confinement plates to be used as 

debonding mitigation.  One beam without mitigation failed due to IC debonding at a strain of 

7000 με and was included in the database 

Kaminska & Kotynia, 2000 

Eight reinforced concrete beams 300 mm deep and 150 mm wide were strengthened with 

various configurations of CFRP strips and tested monotonically to failure in Kaminska & 

Kotynia (2000).  The main variable of the test program was the axial stiffness of the FRP 

material, which were extended to a point near the supports for each beam.  Exhaustive 

experimental results are supplied for several of the beams, providing strain profiles along the 

length of the CFRP strips at various stages of loading.  Two predominant types of debonding 

failure were noted in the experiments, mainly depending on the shear span-to-depth ratio of 

the tested beams: for lower ratios concrete cover delamination propagating from the supports 

occurred, and for higher ratios failure was due to IC debonding.  Four strengthened beams 

failed due to IC debonding and were included in the database. 

Matthys, 2000 

Seven 450 mm x 200 mm reinforced concrete beams were strengthened with CFRP and tested 

under four point bending in Matthys (2000).  There were two series of beams, with the main 

variables being the tensile steel reinforcement ratio, the amount of damage prior to 

strengthening, and the load applied during strengthening.  One of the beams was strengthened 

with CFRP wet lay-up sheets and the rest were strengthened with CFRP precured strips.  All 

of the strengthened beams failed due to IC debonding failure at strains varying from 5700 to 

10000 με.  One of the beams with precured strips had end anchorage provided and this beam 

was not included in the database.  For another beam, the one strengthened with externally 

bonded sheets, it is unclear whether the elastic modulus provided was calculated using the dry 

fiber properties or the laminate properties.  For this reason, the beam was not included in the 

database.  Therefore, a total of five beams were included in the database. 
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Rahimi & Hutchinson 2001 

GFRP, CFRP and steel plates were used to strengthen 150 mm x 200 mm rectangular beams 

in Rahimi and Hutchinson (2001).  All of the beams were sandblasted prior to strengthening to 

expose the aggregates.  Numerous beams failed due to IC debonding either from concrete 

cover separation or failure in cement paste.  One series of beams had a transverse steel stirrup 

spacing of 150 mm and the failure mode was predominately IC debonding in the cement paste 

layer.  Another series of nearly identical beams with a stirrup spacing of 75 mm had a mode of 

failure of IC debonding due to concrete cover separation.  Only three beams had ultimate 

debonding strains provided and could be included in the database.  

Grace et al. 2002 

Twelve rectangular RC beams with the dimensions 254 mm x 152 mm x 2744 mm were 

tested in Grace et al. (2002) in an experimental study aimed at testing the viability of using a 

ductile hybrid CFRP-GFRP strengthening system.  In addition to the hybrid system, several 

other beams strengthened with CFRP wet lay-up sheets and precured laminates were tested for 

comparison.  Two beams were included in the database: one which failed due to FRP rupture 

(C1) and another which failed due to IC debonding (C3).  Another beam strengthened with a 

CFRP precured strip failed due to plate-end debonding and was not included in the database. 

Fang 2002 

In Fang (2002) three beams 200 mm by 150 mm with a span of 1500 mm failed due to IC 

debonding.  The experimentally measured debonding strains varied from 5900 to 8600 με for 

the three identical beams.  The thesis was written in Chinese, and the data used in the database 

was provided by other Chinese researchers. 

Breña et al., 2003 

Eighteen 406 mm x 203 mm reinforced concrete beams strengthened with CFRP were tested 

under four point bending in Breña et al. 2003.  In the first series of beams tested the main 

variable was the length of the bonded FRP on either side of the loading point, mainly for 

development length concerns.  They observed that as the bonded length increased, the failure 

load increased.  In the second series of tests, four different FRP strengthening configurations 

were studied to determine the most effective debonding mitigation technique.  In one set, 

CFRP transverse U-wraps were bonded around the longitudinal CFRP throughout the shear 
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span, and in another the CFRP plates were bonded to the sides of the beam instead of the 

bottom surface.  Four beams were included in the database that did not have any debonding 

mitigation, side plating, or short bonded lengths. 

Kotynia & Kaminska, 2003 

In an extension of Kaminska and Kotynia (2000) was reported in Kotynia & Kaminska (2003) 

principally concerned with analyzing detailing methods to prevent debonding.  Ten beams 

were tested, all failing due to IC debonding.  Three of these beams were used in the database; 

the other beams had various U-wrap type anchorages and were not included. 

Zhang et al., 2003 

Seven reinforced concrete beams strengthened with FRP were tested under static loading 

conditions in Zhang et al. (2003).  The beams had two different cross sections, 400 mm x 150 

mm or 250 mm x 150 mm and were strengthened with four different systems utilizing either 

aramid FRP or carbon FRP sheets.  Two of the beams failed due to localized rupture near the 

location of maximum moment, and the other five beams failed due to intermediate crack 

debonding.  All of the tested beams were included in the database. 

Dias et al., 2004 

An experimental program for RC beams and slabs strengthened with CFRP wet lay-up sheets 

and precured laminates was completed in Dias et al. (2004).  The depth of the slab specimens 

tested were small (80 mm x 450 mm x 1.8 m) and were not included in the database, but two 

of the beams (180 mm x 120 mm x 1.8 m) without end anchorage were included.  Most of the 

beams failed due to IC debonding, whether end anchorage was provided or not, at around 50 

percent of the tensile strength of the laminate.  One beam failed due to rupture due to 

localized stress concentrations.   

Khomwan et al., 2004 

The experimental results of four 700 mm by 350 mm beams strengthened with CFRP strips 

are presented in Khomwan et al. (2004).  All of the strengthened beams failed by IC 

debonding, with the test variables being concrete strength and amount of pre-test damage.  

The surface of the concrete was grinded prior to strengthening to remove the cement paste 

layer and expose the aggregates.  The ultimate IC debonding strain was only provided for one 

of the beams (B3), so the other beams were not included in the database. 
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Pan and Leung, 2005 

Six beams with four different FRP configurations were tested in Pan and Leung (2005).  The 

rectangular 2 m long beams with a cross section of 200 mm x 150 mm were all strengthened 

with the same amount of longitudinal CFRP and the main variables examined were different 

FRP anchorage configurations and amount of damage prior to strengthening.  Two beams 

failed due to intermediate crack debonding and did not have anchorage or tensile steel saw cuts 

at midspan and were included in the database.  The debonding strain for each identical beam 

was 9400 and 10500 με with and without precracking prior to strengthening. 

Reeve, 2005 

Reeve (2005) tested nine reinforced concrete beam specimens to failure; eight were 

strengthened with precured CFRP strips.  The specimens were 254 mm deep, 152 mm wide 

and had a span of 4724 mm.  The loading configuration gives a shear-span-to-depth ratio of 

9.07.  The beams were reinforced with three D13 bars in tension and two D10 bars in 

compression.  No shear steel was provided per requirement 11.5.6.1c in ACI 318 (2005), 

which states that minimum shear reinforcement does not have to be provided if the beam 

depth is greater than 254 mm.  All of the beams failed due to intermediate crack debonding 

extending from a single intermediate crack from experimentally determined initial debonding 

strains between 2850 to 7878 microstrain.  Four of the beams that were strengthened using 

Sikadur23 epoxy were included in the database.  Four others were not included because the 

observed debonding strains were very low, which could be from poor surface preparation or 

substandard epoxy material.  The experimental debonding strains were also reported at the 

onset of debonding, not the highest value of recorded strain (which is recommended for beams 

under three-point loading, see Chapter 10).  The low reported values could also be showing 

localized interface cracking near the toe of the major flexural crack, not global debonding 

failure. 

Yao et al., 2005 

A large experimental study on cantilever and simply supported slabs was completed by Yao et 

al. (2005), summarizing earlier work done in Teng et al. (2003).  Eighteen cantilever slabs 

were tested, with the main variables being the width of the rectangular slab, depth of the 

section, and the FRP configuration.  All of the cantilever slabs failed due to debonding 
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propagating from the fixed end of the specimen towards the end of the strip.  The width ratio, 

kb, as discussed in Chapter 8 was found not to correlate well with the experimental data.  Due 

to the significant difference in test specimen configuration between the cantilever slabs tested 

as part of this study and the other beams found in the literature, these slabs were not included 

in the database.  Four simply supported slabs were also tested as part of the experimental 

examination, and were strengthened with externally bonded wet lay-up CFRP sheets.  The 

beams were 150 mm deep, and were either 150 mm or 200 mm wide and had a span of 2000 

mm.  Two longitudinal tensile bars of diameter 10 mm were provided, and transverse steel.  

One of the slabs failed due to concrete crushing, and three of the slabs failed due to 

intermediate crack debonding and were included in the database. 

Aidoo et al., 2006 

Aidoo et al. (2006) examined the experimental behavior of eight reinforced concrete bridge 

girders which were taken from a decommissioned bridge and strengthened with three different 

FRP systems: externally bonded CFRP strips, near surface mounted strips, and a hybrid 

GFRP/CFRP strip which was fastened with powder actuators to the beam.  Half of the beams 

were tested under static loading conditions, and half under fatigue loading conditions.  The 

beams tested under fatigue loading conditions are discussed in Chapter 2.  The girder 

strengthened with two 102 mm externally bonded CFRP strips failed due to intermediate 

crack debonding at a FRP strain of 9400 microstrain. 

Quattlebaum et al., 2005 

The same three FRP retrofit systems in Aidoo et al. (2006) namely EB strips, NSM, and 

powder actuated fasteners, were applied to the small scale beams tested by Reeve (2005) in 

Quattlebaum et al. (2005).  A beam strengthened with one 51 mm CFRP precured strip failed 

due to intermediate crack debonding during a monotonic test to failure, and this beam is 

included in the database. 

Experimental Studies not Included in Database 

Triantafillou & Plevris, 1992 

Eight reinforced concrete beams were strengthened with increasing amounts of CFRP 

precured laminates and tested monotonically to failure in Triantafillou & Plevris (1992).  For 

beams with small areas of FRP, failure was due to rupture of FRP.  When the area of FRP was 
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increased, the failure mode shifted to IC debonding.  The beams are not reported in the 

database due to the fact that no debonding strains were provided and the small scale of the 

beams (76 mm x 127 mm). 

Takeda et al., 1996 

Five medium size reinforced concrete beams strengthened with CFRP wet lay-up sheets were 

tested under three or four point bending in Takeda et al. (1996).  The authors found that by 

applying an increasing amount of CFRP, the cracking load remained constant and the yielding 

load increased slightly, but the ultimate load increased significantly.  With an increasing 

number of layers, however, the effect became less pronounced because of sheet delamination.  

All five beams failed due to IC debonding, with several of the beams experiencing FRP rupture 

after debonding.  The beams were not included because experimental debonding strains were 

not provided. 

Arduini et al., 1997 

A review of this paper is provided in Part 1 of this dissertation.  One beam failed due to IC 

debonding, but was not included because of the provided U-wrap anchorage. 

Gao et al., 2001 

The effect of different adhesive properties on the behavior of FRP-strengthened RC beams was 

examined in Gao et al. (2001).  FRP strips were bonded to the concrete beams using epoxies 

containing rubber modifiers in an attempt to increase the ductility of the strengthened beams.  

The beams were of the dimensions 200 mm x 150 mm x 1300 mm and were tested in four 

point bending.  Using an adhesive modified with a rubber content of 10 or 20 percent the 

ultimate load and ultimate deflection of the strengthened beams was increased by 5-10 

percent.  The beams were not included in the database because no experimental debonding 

strains were provided. 

White et al. 2001 

Nine reinforced concrete beams, eight strengthened with two different types of FRP 

strengthening systems were tested to failure in White et al. (2001).  The main variable of the 

examination was the effect of the rate of loading on the behavior of the strengthened beams.  

The beams were 300 mm x 150 mm x 3 m reinforced with two 19.5 mm steel reinforcing 

bars.  The strengthening systems examined included CFRP pre-preg sheets and CFRP precured 
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laminates.  The researchers found that the energy absorption of the strengthened beams was 

less than an unstrengthened specimen, and that by increasing the rate of loading the flexural 

capacity of the strengthened beams was increased.  Two beams which were loaded slowly to 

failure could have been included in the database, but no data on the span length of the FRP was 

included and there was no description of the surface preparation - which may have lead to the 

low debonding strains observed. 

Garden et al., 1998 

Numerous experiments were performed on CFRP strengthened cantilever beams, and four-

point bending beams in Garden et al. (1998).  The authors found that the ultimate capacities 

and failure modes were highly dependent on the shear span-to-depth ratio.  They found that 

for low s/d ratios, debonding occurred either in a plate-end separation or by concrete cover 

delamination from midspan, whereas for large s/d ratios debonding propagated from midspan 

in the cement paste layer.  One of the four point bending specimens strengthened with one 

precured CFRP strip failed due to IC debonding but was not included because the 

experimental debonding strain was not provided. 

Garden & Hollaway, 1998 

The main purpose of Garden and Hollaway (1998) was to explore different anchorage schemes 

for CFRP strengthened reinforced concrete beams, including anchoring under the supports and 

plate-end anchor bolts.  In order to test their theory they tested control specimens with no end 

anchorage, and several of these beams failed by IC debonding.  Similar to conclusions drawn in 

Garden et al. (1998), they found that with increasing shear span-to-depth ratios, the failure 

mode was IC debonding and that the failure plane occurred in the cement paste layer.  These 

beams were not included in the database due to their small size (100 mm x 100 mm). 

Juvandes et al., 1998 

Juvandes et al. (1998) tested eight small-scale reinforced concrete beams strengthened with 

CFRP laminates.  Many of the beams had the CFRP extended under the supports, but two of 

the beams may have failed due to IC debonding.  The beams were not included because the 

debonding strains provided are very low (1/10 of commonly reported values), and the beams 

may not have been correctly reinforced for shear. 

 



Part 2: Bond  ▐   Chapter 8. Background 

234 

Tumialan et al.,  1999 

CFRP sheets were used to strengthen sixteen 300mm by 150 mm reinforced concrete beams 

to examine the effect of beam span, bonded area and U-wrap schemes in Tumialan et al. 

(1999).  Two modes of debonding failure were recognized, namely concrete cover separation 

and IC debonding.  For three of the testes beams with longer span (3.96 m), debonding did not 

control and failure was due to rupture of laminates or concrete crushing.  The beams which 

failed due to IC debonding were not included in the database because the experimental 

debonding strains and strength of the concrete were not provided. 

Tan & Mathivoli 1999 

Nine under-reinforced concrete beams, eight reinforced with CFRP sheets, were tested under 

3-point bending to failure in Tan and Mathivoli (1999).  The main variable examined in the 

experimental program was the effect of pre-loading of the beams prior to strengthening.  Since 

the CFRP prepreg sheets used in the investigation were extended under the supports the 

beams were not included in the database. 

Bonacci & Maalej, 2000 

The effects of steel corrosion damage and CFRP strengthening under load were examined in 

Bonacci and Maalej (2000).  Seven beams 400 mm deep, 270 mm wide with a shear span of 

1300 mm were tested under a variety of loading schemes.  One of the beams strengthened 

with one layer of CFRP wet lay-up sheets failed due to IC debonding, but was not included in 

the database because the area of FRP was not included in the paper. 

Hearing, 2000 

Hearing (2000) tested several beams retrofitted with two types of composite materials: glass 

FRP and carbon FRP.  A number of failure modes were observed including concrete crushing, 

shear failure of the beam, delamination of the FRP, and debonding of a layer of concrete at the 

level of longitudinal tensile steel.  The beams were not included in the database because their 

height was only 130 mm.   

Kishi et al., 2001 

Sixteen beams were strengthened with Aramid FRP (AFRP) sheets in Kishi et al. (2001) with 

the main experimental variables being the shear span to depth ratio and the amount of AFRP 

strengthening.  The beams examined were 250 mm x 150 mm and the shear spans were 2450 
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mm, 1050 mm and 650 mm.  Two failure modes were observed: crushing of the concrete and 

intermediate crack debonding.  At least eight beams failed due to IC debonding, but were not 

included because experimental debonding strains were not provided. 

Sebastian, 2001 

Sebastian (2001) tested two 4200 mm long beams strengthened with a precured CFRP plates 

that failed due to IC debonding.  The shear span-to-depth ratio of the beams was 4.09, and the 

debonding strains achieved were between 4000 to 8000 με.  In order to understand the 

midspan debonding phenomena the author reduced the area of longitudinal steel at midspan to 

simulate corrosion damage, and provided a crack former.  These beams were not included in 

the database for this reason. 

Hassan, 2002 

As part of an extensive study on the bond behavior of reinforced and prestressed concrete 

strengthened with near surface mounted (NSM) and externally bonded FRP, six reinforced 

concrete beams strengthened with CFRP wet lay-up sheets were tested in three-point bending 

to failure.  Five of these beams failed due to peeling of the sheets, where the main 

experimental variable was the bonded length of the CFRP.  The beams were not included in 

the database because the CFRP bonded lengths were very small and because there was non-

continuity of the longitudinal tensile steel at midspan. 

Maeda et al., 2002 

Various CFRP strengthening details were examined in Maeda et al. (2002) on rectangular 200 

mm beams.  Two beams with one and two layers of normal longitudinal CFRP wet lay-up 

sheets failed due to IC debonding, but were not included in the database because the thickness 

of the FRP sheets was not provided. 

Pornpongsaroj & Pimanmas, 2003 

Seven RC beams strengthened with FRP were tested in Pornpongsaroj & Pimanmas (2003).  

The main experimental variables were the type of loading (three and four point loading), the 

CFRP bonded length, and the end wrapping scheme.  The authors found that the most 

effective anchorage scheme was one which orients the fiber at 90 degrees to possible shear 

cracking.  The change in failure mode between PE and IC debonding was very noticeable in 

several of the beams without end anchorage: When the longitudinal CFRP was extended to 
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close to the support, the IC debonding mechanism controls.  If the CFRP was terminated well 

before the support, or when the shear span to depth ratio was low, PE debonding occurred.  

One beam without end anchorage which failed due to IC debonding was not included because 

no experimental debonding strain was provided. 

Shin & Lee, 2003 

Six beams 250 mm x 150 mm were strengthened with CFRP laminates and monotonically 

tested to failure in Shin and Lee (2003).  Each beam was strengthened with two layers of CFRP 

precured strips and the main test variables were the sustained load at the time of strengthening 

and the tensile steel reinforcement ratio.  All of the strengthened beams failed due to IC 

debonding, but were not included in the database because no experimental debonding strains 

were provided. 

Takahashi & Sato, 2003 

Nine 300 mm x 200 mm reinforced concrete beams were strengthened with CFRP sheets in 

Takahashi & Sato (2003).  The main test variables were the number of layers of FRP, and the 

type of debonding mitigation: either a flexible bond layer or U-wrap anchorage provided 

throughout the span.  There were three beams which did not have any debonding mitigation 

and failed due to debonding, but these beams were not included because of two reasons: 1) the 

shear span-to-depth ratio was only 2.33, and 2) the direction which the debonding propagated 

was not noted. 

Reed and Peterman, 2004 

Reed and Peterman (2004) tested two prestressed concrete T-beams strengthened with CFRP 

sheets.  One of the beams failed due to IC debonding at the level of the lower prestressing 

strand, and the other beams failed due to rupture of CFRP.  Neither of these beams were 

included in the database because the longitudinal CFRP was wrapped around the beam soffit 

(which lead to the horizontal shear type failure) and because there was CFRP U-wrap 

anchorage provided either at the end of the longitudinal layers or throughout the length of the 

beam. 

Zarnic & Bosiljkov, 2004 

Three rectangular beams and three slabs strengthened with CFRP precured laminates were 

tested in four point bending to failure in Zarnic & Bosiljkov (2004).  All of the beams failed 
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due to IC debonding, propagating from under the point load.  The beams were not included 

because no experimental debonding strains were provided. 

Pham & Al-Mahaidi, 2004 

Twenty-one reinforced concrete beams (260 mm x 140 mm) strengthened with CFRP wet 

lay-up sheets were tested with under three-point or four-point bending in Pham and Al-

Mahaidi (2004).  Details examined in the investigation included the CFRP bond length, the 

amount of concrete cover, the amount of CFRP, the amount of shear reinforcement, and the 

amount of CFRP or clamped anchorage provided.  The authors noted two types of debonding 

failures, either propagating from the end of the FRP, or from a flexure-shear crack.  FRP U-

wrap anchorages are recommended throughout the length of the beam.  At least ten beams 

failed due to IC debonding, but none of the beams were included in the database because the 

experimental debonding strains were not provided. 

8.5 Failure Criteria 
An essential part of the analytical model developed in Chapter 11 is the prescription of a failure 

criterion for plain concrete under forward shear (Mode II) type loading.  In the literature, two 

distinct categories were identified: criteria which follow Mohr-Coulomb criterion, and criteria 

found through empirical relationships. 

Mohr-Coulomb Criteria 

The ability of concrete to resist higher loads with increasing compressive stress has lead to the 

application of the Mohr-Coulomb failure criterion which considers the shear stress (τ) to be a 

function of the normal stress (σ) (Chen 1988): 

 tancτ σ φ= −  (8.89) 

where c is the cohesion of the material and φ  is the angle of internal friction.  If a straight-line 

envelope is adopted, for concrete materials, the cohesion and angle of internal friction can be 

expressed as:  
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For concrete in pure shear, the maximum shear stress (τcmax) can be expressed as: 
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f f
f

τ =  (8.92) 

 

Ziraba et al. (1994) specified a value of concrete cohesion of 2.68 MPa, which is the concrete 

shear strength if the applied normal stress is zero in Equation 8.89. 

 

After simplification, Equation 8.92 resolves nearly to the equation presented in Matthys 

(2000), where the shear strength is determined from the compressive strength of concrete and 

is equal to: 1.8(f ′t). 

 

A different linear failure envelope of the Mohr-Coulomb criterion was proposed by Brosens 

(2001) and Hassan (2002), where the maximum shear stress was determined from two Mohr’s 

circles representing the tensile and compressive strength of concrete.  The pure shear mode 

leads to the following expression for maximum shear strength of concrete: 

 
' '

max ' '
c t

c
c t

f f
f f

τ =
+

 (8.93) 

Empirical Criteria 

Several researchers have applied empirical relationships to describe the shear strength of plain 

concrete.  Early experimental work on concrete under bi-axial stress was conducted by Bresler 

and Pister (1958), who found that concrete under pure shear loading followed the relationship 

τmax=0.08(f ′c).   

 

Roberts and Haji-Kazemi (1989) and later Sebastian (2002b) recognized that the shear strength 

of plain concrete was between 3 and 5 MPa, and recommended this value for design. 
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Nilson (1991) gives guidance on the bi-axial state of stress of concrete through use of a failure 

envelope plot where τmax≈0.10(f ′c) for pure shear case.  This envelope is used in Malek et al. 

(1998) for bi-axial stresses due to stress concentrations at the plate end.   

 

El-Milhilmy and Tedesco (2001) used a biaxial state-of-stress condition where the maximum 

shear and normal stresses were transformed to principle stresses and compared to the tension-

tension state-of-stress [ft=0.53(f ′c)0.5] or tension-compression state-of-stress [ftc=ft(1+σ2/ f ′c)]. 

 

The Fédération Internationale du Béton (fib) (2001) recommends that the maximum shear 

strength of concrete to be used to calculate the fracture energy be set equal to: 

 ' '
max 0.285c c tf fτ =  (8.94) 

8.6 Mitigation of Debonding 
The strain in the longitudinal CFRP at failure can be increased by providing various details to a 

CFRP flexural strengthening system.  The various National Code Documents reviewed in this 

Chapter provide recommendations on longitudinal CFRP detailing that are not summarized 

here.  In general, they recommend that the FRP be extended to near the supports, into regions 

of contraflexure, or into uncracked regions (ACI Committee 440 2002).  Other mitigation 

techniques have been explored in the literature, and several are reviewed in this section.  The 

techniques mainly aim to enhance the FRP-to-concrete bond through the use of mechanical 

fasteners, FRP transverse U-wrap anchorage, or the use of a flexible layer, as shown in Figure 

8.12. 
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Figure 8.12 Several types of debonding mitigation 

Transverse CFRP U-wraps 

In beam strengthening it is often possible to wrap wet lay-up CFRP sheets around the soffit of a 

beam after application of the longitudinal strengthening.  In many cases this anchorage 

technique can increase the performance of the longitudinal CFRP system.  Several studies are 

highlighted in this section regarding the use and performance of transverse U-wraps. 

 

In Spadea et al. (1998) several reinforced concrete beams were tested with anchorages to 

prevent debonding.  The researchers saw ultimate loads 30 percent higher using a combination 

of CFRP sheets and confinement anchorages due to the extension of composite action.  The 

strain in the longitudinal CFRP at failure increased from 50 percent of the rupture strain 

without anchorages to 73 percent and 8 percent with anchorages. 

 

Tumialan et al. (1999) found that by installing U-wrap anchorage at the plate termination 

points they could prevent PE debonding.  The ultimate load values of the longitudinal CFRP 

were increased slightly by using U-wraps, but the major benefit of the wrapping was the 

increase in displacement ductility. 
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Bonacci & Maalej (2000) tested seven beams to assess the effect of steel corrosion and fatigue 

loading, one of the beams tested had CFRP U-wraps at several locations along the beam.  

Besides the stabilization of splitting cracks due to concrete cover delamination, the U-wraps 

lead to rupture of the CFRP.  The rupture could have occurred without the U-wraps, though, 

as there was not a similar specimen tested without them. 

 

Maeda et al. (2002) tested several beams optimized to control debonding including beams with 

U-wraps and with a low modulus of elasticity flexible layer.  The results show a marked 

increase in tensile strain when U-wraps are used and a change in failure mode from debonding 

to rupture.  Increases in tensile strain as much as 100 percent were seen with U-wraps and the 

presence of a flexible layer. 

 

Takahashi & Sato (2003) saw increased load capacity and delayed debonding from application 

of transverse U-wraps and a buffer layer.  The U-wraps were placed along the length of the 

beam and installed on top of the longitudinal CFRP.  The low modulus of elasticity buffer layer 

was installed between the epoxy of longitudinal CFRP and the concrete.  The combination of 

U-wraps and a buffer layer could increase the ultimate deflection by 2.8 times compared to the 

beam with only longitudinal CFRP, and increase the debonding strain of the longitudinal cFRP 

by as much as 50 percent. 

 

Kotynia & Kaminska (2003) tested four reinforced concrete beams strengthened with two 

different kinds of longitudinal CFRP, two with CFRP U-wraps.  The U-wraps were located in 

the midspan region of the beam only, and consisted of two precured L-clips.  The increase in 

longitudinal tensile strain at debonding due to the presence of U-wraps was 11 percent for the 

stiffer CFRP system and 40 percent for the other CFRP system. 

 

Pham & Al-Mahaidi (2004) tested several reinforced concrete beams strengthened with CFRP 

with and without debonding mitigation.  Prestressed and non-prestressed U-wraps were 

provided on several specimens in an attempt to delay debonding failures.  PE debonding failure 
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could be prevented by the installation of the U-wraps, and IC debonding was delayed.  The 

authors saw a slight increase in effectiveness when prestressed straps were used. 

 

In a study by Teng et al. (2004) it is mentioned that the IC debonding mechanism is likely to 

control the debonding process in beams due to the fact that PE debonding can be suppressed by 

the application of appropriate anchorage techniques such as U-wraps. 

 

Reed and Peterman (2004) tested several prestressed concrete T-beams strengthened with 

CFRP which had CFRP U-wrap anchorages.  The first beam tested with U-wraps provided 

only at the longitudinal termination points failed by horizontal shear after the CFRP wrapped 

around the soffit detached from the web.  To prevent this horizontal shear type failure, a 

second beam was tested and the U-wraps were placed along the length of the beam.  The 

design of the U-wraps was based on shear friction model.  The nominal shear force per unit 

length to be carried by the U-wraps (Vn) was found by: 

 n vf FRPV A fφ φ μ=  (8.95) 

where Avf is the area of CFRP stirrups per meter, fFRP is the stress in the CFRP stirrups, φ is the 

reduction factor equal to 0.85, and μ is the friction coefficient set equal to 1.4 for monolithic 

concrete.  The recommended value for fFRP was 590 GPa, which corresponds to a strain level in 

the CFRP of 0.003 mm/mm, which is slightly more conservative than the value recommended 

in ACI Committee 440 (2002) for CFRP stirrups. 

 

The only national code document which gives recommendations on mitigation of debonding is 

the Chinese code reviewed in Ye et al. (2005).  To prevent PE debonding, the code 

recommends that the FRP be extended to the supports and U-wrap anchorage be provided at 

the termination points with a width and thickness not less than half the width and thickness of 

the longitudinal CFRP.  To mitigate IC debonding, U-wraps can be provided to increase the 

debonding strain by 30 percent.  If the designer has sufficient experience, the code specifies 

that the debonding strain can be increased by as much as 50 percent.  They recommend that 

the U-wraps extend the full length of the web to the compression zone. 
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Other Anchorage Details 

In situations where transverse FRP U-wraps and/or proper anchorage into uncracked regions 

cannot be provided, it may be necessary to provide alternative anchoring details.  Whereas the 

previously discussed mitigations involve relying on FRP-to-concrete bond, many of the 

alternative details which have been explored rely mainly on mechanical resistance.   

 

Garden & Hollaway (1998) tested several small beams (100 mm x 100 mm) with different 

plate-end anchorage schemes.  Beams with the longitudinal CFRP extended under the supports 

and beams with anchorage bolts failed at higher loads than unanchored specimens.  The 

prevention of PE debonding was shown possible with longitudinal anchorage. 

 

Sallam et al. (2004) observed that the failure mode of CFRP strengthened beams was a result of 

shear failure of the concrete cover, so he replaced the concrete cover with a stronger material 

and saw increased debonding loads. 

 

Chahrour and Soudki (2005) tested six reinforced concrete beams 150 x 250 x 2400 mm, four 

strengthened with CFRP pre-cured laminate plates.  The first strengthened beam had the 

CFRP strip bonded throughout its length while the others were mechanically fixed at either 

end with varying unbonded lengths.  The control beam failed due to concrete crushing and all 

of the CFRP strengthened beams failed due to flexural shear crack induced interfacial 

debonding.  Results showed that the beams with a short unbonded length at midspan, along 

with the mechanical anchorage system, were able to achieve the highest strains in the CFRP 

and therefore the highest load capacity.  The mechanical anchorage system used consisted of a 

plate on top and bottom of the beam fastened using two bolts on either side.  This type of 

anchorage is in most cases impractical in the field as a result of a possible concrete slab on top 

of the beam.  An analysis procedure is presented which can predict the tri-linear response of 

the member using measured compressive and tensile strain values. 

 

So & Harmon (200X) studied the effect of adhesive stiffness on the debonding mechanism.  So 

& Harmon found that the bond layer flexibility has very little influence on concrete cover 

delamination.  Reeve (2005) recommended more study on the effect of adhesive stiffness. 
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8.7 Conclusions 
In this section an extensive literature review was performed, focusing on the bond behavior of 

FRP strengthening systems especially the existing analytical models for plate end (PE) 

debonding and intermediate crack (IC) debonding.  Through a critical review of the literature 

several conclusions can be drawn.  For PE debonding seventeen models were reviewed: ten 

interfacial stress models, four shear strength models and three concrete tooth models.  In 

addition, the documents from eight national code agencies were examined.  Although an in-

depth review of the analytical models for PE debonding can be found elsewhere (El-Mihilmy & 

Tedesco 2001, So & Harmon 200X) it seems that the model of So and Harmon (200X) is the 

most predictive model available to date, and the one most suited to design.  Many of the other 

analytical models developed do not provide rational failure criteria and are focused mainly on 

the calculation of biaxial stresses at the plate-termination point. 

 

A total of 28 analytical models to predict IC debonding were reviewed from the literature.  

Three of the models were based on strictly empirical relationships, eight were based on 

mechanics, eleven were fracture based, and seven considered the effect of multiple flexural 

cracks.  In addition, seven models from the national code documents were reviewed.  The vast 

majority of the models were either derived, or based on test results, from single or double lap-

shear specimens.  As a result, it is believed that many of the models do not accurately 

represent the behavior of a FRP flexurally strengthened reinforced concrete beam.  The 

models which have been developed assuming the presence of multiple flexural cracks are still 

inexorably tied to the lap-shear specimen and need considerable work in order for them to be 

applied towards the design of an FRP strengthening system.  Many of the models reviewed do 

not consider important variables such as the beam dimensions, the shear span-to-depth ratio, 

or the yield strength, configuration, or effective prestressing force of the internal tensile steel.  

An rational and easy-to-use model is required, which considers these additional variables and 

correctly predicts the IC debonding strain.  In Chapter 10, the analytical models for IC 

debonding described in this Chapter are compared to each other, and is Chapter 11 a new 

analytical model is proposed for IC debonding. 
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CHAPTER 9: 

EXPERIMENTAL PROGRAM: BOND 

An experimental study was initiated after the repair/strengthening phase to determine the 

bond characteristics of CFRP strengthening systems for prestressed concrete.  Four prestressed 

concrete C-Channel girders were strengthened with CFRP and tested to failure.  Two failure 

modes were observed: debonding propagating from midspan region (IC debonding) and 

rupture of FRP.  Two types of CFRP strengthening systems were examined (wet lay-up sheets 

and precured strips) as well as two different CFRP axial stiffnesses.  A summary of the 

experimental program is provided in Table 9.1. 

Table 9.1 Experimental summary of Bond Study 
Specimen 
Designation 

Loading 
Condition FRP Type FRP dimensions 

EB1SB Static CFRP precured strips 1-51 mm by 1.2 mm 

EB1SB2 Static CFRP precured strips 1-51 mm by 1.2 mm 

EB8SB Static CFRP wet lay-up sheets 2-51 mm by 1 mm 

EB9SB Static CFRP wet lay-up sheets 4-51 mm by 1 mm 

 

Additional examination of a girder tested in Part 1 of this research leads to an assessment of the 

effect of anchorage wraps (U-wraps) as debonding mitigation.  The control girder tested under 

static loading conditions in Part 1 (girder CS) is also utilized for comparison purposes.  An 

analysis of the test results is presented in this chapter examining the crack widths, ultimate 

behavior, and the interface shear stress profiles of the tested girders.  And lastly, the flexural 

model developed in Part 1 has been implemented to predict the load versus deformation 

response of the bond girders.  

9.1 Test Girders 
The four prestressed concrete C-Channel girders that were tested as part of the bond study 

were similar to the Type C1 girders tested for the strengthening phase of the research.  

Comprehensive details regarding the girders can be found in Part 1.  Constitutive testing of all 

materials were performed following ASTM standards and the results are shown in Tables 9.2-

9.4. 



Part 2: Bond  ▐   Chapter 9. Experimental Program 

246 

Table 9.2 Prestressing steel properties for bond girders 

System Designation 
Yield 

Strength 
(MPa) 

Ult. Strength 
(MPa) 

Rupture strain 
Modulus of 

Elasticity (MPa) 

EB1SB2 – strand 1 1468 1789 9.1 193300 
EB1SB2 – strand 2 1460 1835 9.1 196500 
EB8SB – strand 3 1445 1834 8.9 195800 
EB8SB – strand 4 1458 1791 9.2 194300 

Table 9.3 Results from concrete compression tests for bond girders 
Compressive Strength (MPa) 

Girder Type 
Girder 
Designation Core 1 Core 2 Core 3 Mean 

EB1SB  -- 43.5 31.2 37.3 
EB1SB2  32.1 40.3 34.7 35.7 
EB8SB  58.6 50.7 54.8 54.7 

Type C1 

EB9SB  43.8 48.3 46.6 46.3 

Table 9.4 CFRP Tension test results – bond girders 

System 
Designation Epoxy Girders 

Strengthened 
Thickness 
(mm) 

Tensile 
Strength 
(MPa) 

Modulus 
of 
Elasticity 
(GPa) 

Ult 
Strain 
(%) 

EB1SB, EB1SB2 1.27 2640 163 1.58 Sika 
CarboDur 
pre-cured 
laminate 

SikaDur 
30 Manufacturer 1.3 3100 165 1.69 

EB8SB, EB9SB 1.07 758 74.4 1.11 
Fyfe SCH-41 Tyfo S 

Manufacturer 1.0 986 95.8 1.0 
 

The main variables to be examined in the bond study were the effectiveness of debonding 

mitigation, the type of FRP system, and the axial stiffness of the FRP material.  Girder EB1S, 

strengthened with one precured CFRP strip (50 mm wide) per web, was tested as part of the 

earlier study, when the focus was on determining the flexural behavioral characteristics.  

Transverse CFRP wet lay-up sheets were provided in a U-wrap shape along the length of the 

girder on both sides of midspan as shown in Figure 9.1.  The effect of the U-wraps was not 

fully understood at the time, but it was believed that their addition could help prevent 

debonding failures.  Four additional girders were tested as part of the bond study, all of which 

had transverse CFRP wet lay-up U-wraps provided on one side of the girder only in order to 

force failure to occur on the side without U-wrap anchorage.  Two of the girders were 

strengthened with the same configuration of longitudinal CFRP as girder EB1S: one precured 

CFRP strip (50 mm wide) per soffit.  Two additional girders were strengthened with CFRP 



Part 2: Bond  ▐   Chapter 9. Experimental Program 

247 

wet lay-up sheets as longitudinal strengthening.  The first girder, EB8SB, was strengthened 

with two 51 mm wide sheets per web: a configuration which gives approximately the same 

axial stiffness (or EfAf) as the girders strengthened with one precured CFRP strip per web.  The 

last girder tested, EB9SB, was strengthened with four 51 mm wide CFRP sheets per web: a 

configuration with double the axial stiffness of the other girders.  The elevation, cross-section 

and strengthening details of the girders tested as part of the bond study are shown in Figure 

9.1. 
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Figure 9.1 Elevation, cross section and strengthening details of bond girders 

9.2 Girder Strengthening, Test Setup, Procedure and Instrumentation 
The FRP installation, test setup and procedure used for the testing of the bond girders was 

similar to the methodology described in Chapter 3, where a more detailed explanation is 

provided.  The strengthening was carried out using the document of Mirmiran et al. (2004) and 

the guidelines presented in Appendix A of this document.  Each girder was loaded by a 



Part 2: Bond  ▐   Chapter 9. Experimental Program 

249 

hydraulic actuator attached to a loading frame placed around the member at midspan.  The 

girders were first loaded up to the level of flexural cracking and then unloaded to determine 

the effective prestressing force.  They were then loaded at a rate of 2.5 mm per minute up to 

failure.  The instrumentation used was similar to the instrumentation used for the 

strengthening experimental program.  Displacement was measured through the use of 

potentiometers at midspan and at the support sections.  Strain gauges were used to measure 

concrete compressive strain and were also applied to the longitudinal CFRP along the length of 

the girder to measure FRP tensile strains.   

9.3 Test Descriptions: Externally Bonded Precured Strips 
Three girders were strengthened with externally bonded precured CFRP strips and tested as 

part of the study examining the bond characteristics of CFRP systems for prestressed concrete: 

EB1S, EB1SB, and EB1SB2.  A description of the test of girder EB1S (with full debonding 

mitigation) can be found in Chapter 3. 

 

The cracking load of girder EB1SB, with debonding mitigation on one side only, was 57.8 kN.  

From the crack re-opening load, the effective prestress force was determined to be 71.2 kN.  

The behavior of this girder was similar to girder EB1S before and after cracking and yielding of 

the prestressing strands, which indicates that the presence of the U-wraps did not influence 

flexural cracking.  The girder failed due to intermediate crack debonding at a load level of 

161.9 kN as shown in Figure 9.2, with an experimentally measured debonding strain of 9960 

με, which is 59 percent of the tensile strength of the CFRP.  The debonding initiated near 

midspan on the side without U-wraps and propagated towards the support.  The failure 

interface initially was the concrete paste layer at the bottom of the web and then shifted to the 

CFRP-adhesive interface towards the supports.  Compared to girder EB1S, which was identical 

but with full debonding mitigation, the FRP strain at debonding was 22 percent less which 

indicates that the presence of the U-wraps delayed intermediate crack debonding failure in 

girder EB1S.   
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Figure 9.2 Intermediate crack debonding of girder EB1SB 

EB1SB2 was identical to girder EB1SB and was tested to verify the results of the first test and 

to provide more carefully placed instrumentation.  As will be discussed in the next section, the 

tensile strain gauges placed on the side with the debonding mitigation measured similar strains 

to those placed on the side without mitigation in the test on girder EB1SB.  Therefore for 

girder EB1SB2, the placement of the tensile strain gages was shifted so that the majority of the 

gages were placed on the side without debonding mitigation.  The cracking load of girder 

EB1SB2 was similar to that of girder EB1SB: 57.6 kN.  In one of the webs prior to failure a 

large interface crack was observed which lead to debonding of the first strip.  The crack began 

at a flexural crack whose angle was directed towards the loading point and extended into the 

concrete paste layer above the adhesive layer.  The failure was due to intermediate crack 

debonding at a load level of 161 kN.  The maximum measured strain in the longitudinal CFRP 

strips prior to debonding was 1070 με.  Similar to girder EB1SB, the failure surface was 

initially just above the CFRP strip in the concrete paste layer at midspan and then shifted across 

the adhesive layer and propagated along the strip-adhesive interface to the supports. 



Part 2: Bond  ▐   Chapter 9. Experimental Program 

251 

9.4 Test Descriptions: Externally Bonded Wet Lay-up Sheets 
Two girders were strengthened with externally bonded wet lay-up CFRP sheets and tested as 

part of the study examining the bond characteristics of CFRP systems for prestressed concrete.  

The cracking load of girder EB8SB, strengthened with two 51 mm wide CFRP sheets per web, 

was 55.6 kN.  From the crack re-opening load the effective prestressing force was determined 

to be 67.6 kN per strand.  The behavior of girder EB8SB before and after the yielding of the 

prestressing strands was similar to the other girders tested with the same axial stiffness of 

CFRP.  Near failure, cracking at the FRP-concrete interface could be heard coming from the 

midspan region, but failure was due to rupture of CFRP at a load level of 153.5 as shown in 

Figure 9.3.  The rupture occurred in the CFRP placed on the web on one side first, near the 

location of the first provided U-wrap.  After the loading resumed, rupture occurred in the 

CFRP on the other web directly at midspan.  Inspection after the test revealed that the 

interface failure plane prior to rupture was in the concrete paste layer, or in concrete teeth 

formed between the flexural cracks at midspan.   

 
Figure 9.3 CFRP rupture of girder EB8SB 

Girder EB9SB was strengthened with four 51 mm wide layers of CFRP sheets per web, an 

amount of FRP approximately double the axial stiffness (EfAf) of girders EB1S, EB1SB, 

EB1SB2, and EB8SB.  During the initial loading cycle, the cracking load was 57.8 kN.  From 
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the crack re-opening load, the effective prestress force was found to be 69.8 kN per strand.  

The stiffness of girder EB9SB was greater than the girders strengthened with half the axial 

stiffness of FRP both before and after yielding of the prestressing strands.  The failure was due 

to intermediate crack (IC) debonding of the FRP laminates at a load of 178.2 kN.  Immediately 

following the debonding, the four layers of CFRP on each soffit ruptured away from the U-

wraps on the uninstrumented side of the girder as shown in Figure 9.4.  The displacement at 

failure was 140.2 mm, significantly lower than the displacement for girder EB1S.  Inspection 

after the test revealed that the failure plane was in the concrete paste layer throughout the 

debonded length, except for near midspan where concrete teeth had formed.  

 
Figure 9.4 IC debonding failure of girder EB9SB 

During the strengthening of this girder, the CFRP had been extended past the required 

termination point.  As a result, prior to testing, a cut in the CFRP was made at 457 mm from 

the end of the beam to match the termination points used in the previous girders.   After 

failure, it was noticed that at the FRP termination point on one side where debonding had 

occurred there was a crack which had formed due to peeling stresses as shown in Figure 9.5.  It 

is believed that the cut in the CFRP caused an abrupt stress concentration which lead to the 



Part 2: Bond  ▐   Chapter 9. Experimental Program 

253 

formation of this crack.  It is recommended that the longitudinal layers of CFRP be staggered 

to prevent such cracks. 

  
Figure 9.5 Crack observed after debonding at FRP laminate termination point 

9.5 Results and Discussion 
The experimental results of four of the prestressed concrete bridge girders tested as part of the 

bond study are discussed in this section, a discussion of the behavior of girder EB1S is discussed 

in Part I of this dissertation.  The structural behavior of the bond girders up to debonding 

failure was similar to the girders tested in Part I, and a less rigorous examination of the 

cracking and stiffness behavior is provided here.  In addition, definitions of the terminology 

described here can be found in Part I.  Since the emphasis in this study was the bond behavior 

of the girders, this is discussed in detail.  A summary of the test results of the bond girders is 

shown in Table 9.5. 
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Table 9.5 Summarized test results for bond girders 

Specimen Designation EB1SB EB1SB2 EB8SB EB9SB 

Cracking load, kN 57.8 57.6 55.6 57.8 

Ultimate load, kN 161.9 161 153.5 178.2 

Prestress losses, % 15.4 16.6 19.3 17.0 

Effective prestress, kN 71.2 70.6 67.8 69.8 

% Increase in capacity 9.2 8.6 3.6 20.2 

Ultimate concrete 
compressive strain, με 1186 1301 1262 1163 

Ultimate CFRP tensile 
strain, με 9956 10665 9491 8680 

Exp/Matl test tensile 
strain in CFRP 

0.63 0.68 0.86 0.79 

Failure Mode* IC IC Rupture 
IC then 
Rupture 

Initial Stiffness, kN/mm 4.92 5.67 5.84 5.94 

Secondary Stiffness, 
kN/mm 0.591 0.550 0.516 0.804 

* Rupture = rupture of CFRP near midspan, IC = Intermediate crack debonding 

Crack Width 

The average crack width at midspan for each of the girders tested as part of the bond study is 

shown in Figure 9.6 along with the control girder from Part I (CS).  This quantity was 

calculated using Equation 5.29 from PI gauges placed on the tension side of each girder near 

midspan.  The figure shows that the presence of the CFRP strengthening system restrained 

crack opening and growth compared to the control girder.  The axial stiffness of the CFRP 

strengthening system does not significantly affect the crack width, as the girders EB1SB and 

EB9SB have approximately the same measured crack width at failure. 
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Figure 9.6 Applied load versus average crack width at midspan for bond girders 

Ultimate Load and Displacement 

The girders strengthened in Part 1 of this research all had debonding mitigation placed along 

the length of the girder, which reduced the propensity for debonding failures and increased the 

ultimate load and displacement at ultimate.  For the girders tested in this phase of the research, 

the loads and ultimate displacements were lower due to premature debonding failures, which 

was intentional in order to study the failure mechanism.  The applied load versus midspan 

displacement is shown in Figure 9.7 for the girders tested as part of the bond study, along with 

the control girder.  All of the girders strengthened with CFRP failed due to intermediate crack 

(IC) debonding except girder EB8SB which failed due to rupture of FRP.  Another girder, 

EB9SB failed due to IC debonding followed by rupture of FRP.  The only girder with 

debonding mitigation (EB1S) showed considerably more ductility than the other strengthened 

girders.  The girder with the largest axial stiffness of FRP (EB9SB) achieved the highest 

measured load value of 178.2 kN, an increase of 20.2 percent over the control girder. 
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Figure 9.7 Applied load versus midspan displacement for bond study girders 

Interface Shear Stress 

The girders tested as part of the bond study were instrumented with numerous electrical 

resistance strain gauges affixed to the CFRP material.  From continuous monitoring of the 

output of the strain gauges a strain profile was created along the length of the girder for various 

load levels.  The strain profile for girder EB1SB, which failed due to intermediate crack 

debonding, is shown in Figure 9.8, where the dark lines represent the load of flexural cracking 

and debonding failure.  The figure indicates that the tensile strain in the CFRP material at 

service load levels are far below strains to cause debonding failure.  Debonding mitigation was 

provided for girder EB1SB on one side (the right side of the figure), but the effect of the 

transverse U-wraps on the tensile strain profile of the longitudinal CFRP is unclear.  Girders 

EB1SB2, and EB8SB had similar axial stiffnesses of longitudinal CFRP resulting in similar strain 

distributions. 
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Figure 9.8 Tensile strain in CFRP material versus length along girder for girder EB1SB 

For several of the girders tested as part of the bond study, tensile strain gauges affixed to the 

longitudinal CFRP were provided only on the side without debonding mitigation.  The strain 

profile of girder EB9SB, which had double the axial stiffness of the other girders tested is 

shown in Figure 9.9.  Comparing the strain profiles of girders EB1SB and EB9SB it can be 

shown that externally bonded wet lay-up type systems have a more uneven distribution of 

strain due to the conformation of the strengthening material to the soffit of the beam.   
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Figure 9.9 Tensile strain in CFRP material versus length along girder for girder EB9SB 

A FRP plated reinforced concrete section will have an interface shear stress along its length 

[τ(x)] equal to: 

 ( ) ( ) ( )p px x x
d K
dx

τ ε= ⎡ ⎤⎣ ⎦  (9.1) 

where d/dx[εp(x)] is the change in plate strain along the length of the beam x and Kp is the axial 

stiffness of the plating material per unit width.  From the strain profile plots of each of the 

girders, the slope of the tensile strain can be easily calculated between the values of measured 

strain.  This quantity multiplied by the axial stiffness of the material will give the interface 

shear stress along the length of the beam.  The interface shear stress versus the length along the 

girder for girders EB1SB and EB9SB is shown in Figures 9.10 and 9.11.  The more uniform 

distribution of strain for the externally bonded FRP precured strips results in an interface shear 

stress distribution which is positive over half the girder with a maximum value of 1.0 MPa as 

shown in Figure 9.10.  The interface shear stress plot shown in Figure 9.11 has a much more 

variable distribution with a maximum positive value of around 3 MPa and a negative value of -

0.9 MPa.  The variability in these plots is due to the complex cracking behavior of 

reinforced/prestressed concrete and the resulting stress concentrations which occur around 
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the toes of the flexural cracks, and is discussed further in Chapter 11: Modeling.  From these 

plots, especially Figure 9.10, a general trend can be shown where the maximum interface 

shear stress at debonding failure will likely occur at the point along the girder at which first 

yielding of the prestressing strands is occurring (approximately 3000-4000 mm from support). 
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Figure 9.10 Interface shear stress versus length along girder for girder EB1SB  
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Figure 9.11 Interface shear stress versus length along girder for girder EB9SB  

Predicted v. Experimental 

A model was presented in Part I which can predict the flexural behavior of an FRP 

strengthened prestressed concrete girder.  The behavior of the girders tested as part of the 

bond study was predicted using the flexural model and the appropriate measured value for 

CFRP strain at failure.  The average value for measured debonding strain for girders EB1SB, 

EB1SB2, EB1S (which all had the same axial stiffness of FRP) was 10000 με.  When this strain 

value is used as the ultimate strain possible in the CFRP material, a prediction of the behavior 

using the model can be obtained and is shown in Figure 9.12.  The figure indicates that the 

prediction compares favorably with the experimental load versus displacement behavior.  
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Figure 9.12 Analysis versus experimental for girders EB1SB, EB1SB2 and EB8SB 
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CHAPTER 10: 

MODEL COMPARISON 

An assessment of the existing models to predict intermediate crack debonding was performed 

using a database assembled from the literature.  A literature review of the relevant 

experimental studies, along with a determination of whether they were included in the 

database or not, is provided in Chapter 8.  In this section the assembly of the database will be 

discussed in detail, and a comparison of the analytical models from the literature and from 

national code documents will be provided.  All of the models reviewed are shown to not 

correlate well with the database and therefore the need for a new analytical model is 

highlighted. 

10.1 Intermediate Crack Debonding Database 
In order to assess the intermediate crack (IC) debonding analytical models available in the 

literature, a database of IC debonding failures was constructed and is shown in Appendix C.  

The database is also used in the verification and calibration of the proposed model described in 

the following chapter.  The bond experiments performed as part of this research and described 

in Chapter 9 had the longest span of any of the beams or slabs encountered in the literature that 

failed by IC debonding.  In this section the requirements of the database will be discussed in 

detail.  Brief synopses of the experimental studies are provided in Chapter 8 divided into two 

sections representing whether or not they were included in the database. 

Database Requirements 

There have been numerous experimental studies examining the intermediate crack debonding 

phenomenon.  Some of these studies involve concrete members which are not suitable, for 

comparison purposes, to the majority of concrete structures that are found in the field.  Other 

studies examined specimens which are very small, or whose strengthening included debonding 

mitigation practices.  In construction of the IC debonding database, beams or slabs were not 

included if they had any of the following characteristics: 

 

1. Other types of debonding – the database is concerned only with intermediate 

crack (IC) debonding and rupture of FRP as discussed below.  Beams which failed due 
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to plate-end (PE) debonding, or debonding resulting from excessive shear crack 

deformations were not included.  When the direction of the debonding propagation 

was not mentioned, the study was not included. 

2. Beams less than 150 mm in depth – size effect considerations have an effect on 

the structural behavior of concrete structures (Bažant & Planas 1997).  One of the 

sources of this effect is in the boundary layer, where the concrete layer adjacent to the 

formwork wall has a smaller content of aggregate and a larger content of cement.  

Since the failure interface for the majority of IC debonding failures is the cement paste 

layer adjacent to the CFRP laminate, size effect considerations could have a 

substantial effect on the IC debonding behavior  Therefore, no beams under 150 mm 

were included in the database.   

3. Beams with a shear span-to-depth ratio of less than 2.5 – beams in this 

category may fail due to IC debonding, especially if there are anchorage details 

provided or if the longitudinal CFRP extends into a region of contraflexure.  More 

than likely the mode of failure which will dominate for these types of beams is PE 

debonding, a mechanism described in detail in Chapter 8.  

4. Beams with anchorage details – in order to examine the fundamental IC 

debonding failure mechanisms of long span members, beams with anchorage details 

(i.e. transverse CFRP U-wraps, anchorage bolts, or longitudinal CFRP which has 

been either extended under supports or anchored with “shear keys”) were not 

included. 

5. Studies where no debonding strains were provided – in many cases the 

authors did not report experimental debonding strains.  These studies were not 

included.  The source of the experimental debonding strain is discussed in detail 

below. 

6. Cantilever beams/slabs, beam-end, or other specimens – Other novel ways 

have been exploited to gain a better understanding of the IC debonding phenomenon 

in the laboratory besides simply supported beams.  Several studies have been 

conducted with cantilever beams and slabs having a T-shape.  The CFRP is anchored 

into the T-joint while the load is applied at the free end.  Other studies have had 

beams with joints at midspan under the point load to simulate flexural cracking.  
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Several studies have had beams which terminate the longitudinal tensile steel at 

midspan to provide the dominance of one wide flexural crack.  None of these types of 

specimens was included in the database. 

 

If the specimens satisfied all the requirements above but failed due to rupture of FRP it was 

included in the database.  For several commercially available CFRP wet lay-up systems, as long 

as modest amounts of CFRP are used for the strengthening and the CFRP is extended into 

uncracked regions of the beam, rupture is a common failure mode.  If the strain due to applied 

load is high due to low material stiffness (or EfAf), then rupture will occur due to stress 

concentrations at a flexural crack location prior to IC debonding. 

 

The ACI 318 (2005) code allows for no shear reinforcement in certain cases (e.g. rectangular 

beams when the depth is less than 254 mm ).  The formation of multiple flexural cracks at 

failure will be hindered when there is no shear reinforcement provided (Rizkalla and Hwang 

1984), a result that should reduce the effectiveness of the strengthening because of dominance 

of one flexural crack.  It has been shown that the failure loads of FRP strengthened beams with 

one flexural crack at failure can be approximated using the fracture-based models described in 

Chapter 8 (e.g., Chen and Teng 2001).  However, for completeness, beams with no shear 

steel were included in the database. 

 

The source of experimentally determined debonding strains is also an issue.  Most of the 

reported strains came from electrical resistance strain gauges placed on the outside surface of 

the CFRP after strengthening within the constant moment region, or in a region of high 

moment.  Due to stress concentrations induced on the externally bonded plates due to flexural 

cracking, these reported strains can vary significantly, even when placed very close together.  

For an experiment in four-point bending, the best experimentally reported debonding strains 

are those which are averaged over the constant moment region.  Conversely for experiments 

with concentrated loads, the highest recorded value at midspan is the best value due to the 

large drop-off in strain which occurs just away from the CFRP directly below the point load.  

This can lead to overestimates of the strain when a stress concentration is present directly 

above the gauge or to underestimates of the strain if bridging of cracks leads to unbonded 
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lengths of CFRP near failure.  Another source of scatter in the experimental debonding strains 

can result if the reported strain is at the initiation of debonding.  This value may be interpreted 

as global debonding failure while it is only the strain at localized interface cracks at the toes of 

the flexural cracks.  In one study that had carefully monitored strains at the onset of debonding 

and at the ultimate load (Yao et al. 2005) it was shown that an increase of strain as much as 230 

percent could occur after the initial onset of debonding or interface cracking.  Due to the wide 

variation in debonding strain reportage, some have tried back-calculation of the debonding 

strains using strain compatibility and equilibrium using measured values for applied load (Yao 

et al., 2005), but the results of this exercise are inconclusive.   

 

Thirty-eight experimental studies resulting in intermediate crack debonding were found in the 

literature and are summarized in the next two sections.  Seventeen of the studies had one or 

more specimens satisfying the requirements above, resulting in a total of 47 beams or slabs 

included in the database.  Including the four prestressed concrete C-Channels tested as part of 

this research which satisfy the requirements, there are a total of 51 beams or slabs in the 

database.   

 

The beams or slabs represent a wide cross-section of shapes and sizes, with depths varying from 

the lower limit of 150 mm up to 825 mm.  There are five T-beam sections, and spans ranging 

from 1500 mm to 8928 mm.  The shear span-to-depth ratio of the tested beams varies from 

2.65 (near the lower prescribed limit) to 10.04.  The reinforcement ratio varies from 0.34% 

to 2.7%.  There are beams with heavy shear reinforcement, and some with no shear 

reinforcement at all.  Three different FRP materials are found in the database: Carbon FRP 

(CFRP), Aramid FRP (AFRP), and Glass FRP (GFRP) which have been installed using both the 

wet lay-up method and through externally bonding a precured laminate using structural 

adhesive.  The properties of the FRP vary significantly and represent both the laminate and 

fiber properties for wet lay-up systems. 

 

Several assumptions were made in the construction of the database: 1) if the depth to the 

tensile steel (d) was not given, then it was assumed to be 0.9h, and 2) if the shear modulus of 
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the adhesive was not provided it was assumed to be 1000 MPa.  The IC debonding database is 

shown in Appendix C. 

10.2 Assessment of Existing IC Debonding Models 
An assessment of the existing models was performed against the IC debonding database.  This 

includes analytical models present in national design code documents and from the literature.  

Not every model was assessed, and only those models with clear failure criteria were 

examined.  A description and synopsis of each of the analytical models described is provided in 

Chapter 8.  In this section a brief assessment of each model is provided including an analysis of 

the predicted results against the IC debonding database.  Further statistical analysis of each 

analytical model is described in the next section, where the existing models are compared to 

the proposed model.  The existing models are divided into two categories: analytical models 

from national code documents, and models from the literature.  All of the models reviewed 

are shown to not correlate well with the experimental data, and the need for a new analytical 

model is highlighted. 

 

The models were followed exactly as described in the relevant literature except the following: 

a FRP rupture check was performed whether the model explicitly called for one or not.  A 

calculation was performed of the initial strain on the beam soffit due to the effect of dead load 

for the beams in the experimental database.  The initial strain varied from 170 με in tension to 

230 με in compression.  This value was not included in the assessment due to its small 

magnitude.  The width factor (kb) was included where advised by the model, and is discussed at 

the end of this section.  It should be noted that when there were several FRP laminates bonded 

to the soffit of a beam (as in this research), the widths were lumped together.  This 

simplification does not affect the width factor. 

Models from National Codes 

Committee 440 of the American Concrete Institute has produced a document which gives 

guidance on the design of concrete structures strengthened with FRP (ACI Committee 440 

2002).  Their design equation was compared to the IC debonding database.  The model does 

not include the effect of concrete strength, only the axial stiffness and rupture strain of the FRP 

material.  As a result, the predicted debonding strain has poor correlation with the observed 
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experimental debonding strain.  In addition, the predicted values are unconservative over a 

wide range of FRP axial stiffnesses.  The general trend is that the equation is unconservative for 

high FRP stiffnesses and becomes more conservative as the FRP stiffness decreases.  The 

experimental versus predicted debonding strains are shown in Figure 10.1.  An item which 

should be noted is the reduction factor ψ.  This reduction factor is applied to the FRP 

contribution to the flexural strength during computation of the nominal moment strength.  

Although no reasoning is provided for its inclusion, it is postulated that this factor is included 

mainly due to uncertainty in the bond characteristics of externally bonded FRP systems.  The 

unconservative nature of the κm factor shown in Figure 4.1 could be a result of the reduction 

factor ψ not being included in this plot. 
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Figure 10.1 Experimental versus predicted debonding strains using ACI 440 model 

The Concrete Society (2004) and the Fédération Internationale du Béton (fib) (2001) have 

similar analytical models for IC debonding based on the fracture based model of Neubauer and 

Rostásy (1999).  The difference between the models is several constants which are present in 

the fib code which are included in one constant in the Concrete Society code.  These include 

factors for FRP bonded to concrete faces with low compaction, a factor related to the 
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interfacial fracture energy which can be calculated from single lap shear tests, and a factor 

accounting for the amount of shear reinforcing.  For all of the beams in the experimental 

database, the first two of these factors were taken as the same value in the fib approach, and 

several beams without shear reinforcement were penalized following the model’s instructions.  

For both of the methods the overall trend is that the debonding prediction gets less 

conservative as the axial stiffness of the FRP decreases.  Also, it was observed that as the shear 

span-to-depth ratio increases, the model becomes more conservative.  This holds true 

especially for the fib code as shown in Figure 10.2.   
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Figure 10.2 Predicted / Experimental debonding strains versus shear span-to-depth ratio for 

fib code 

The experimental versus predicted debonding strains for the analytical model in the fib code 

are shown in Figure 10.3.  The predicted versus experimental debonding strains for the 

Concrete Society’s model are similar yet slightly more conservative. 
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 Figure 10.3 Experimental versus predicted debonding strains using fib model 

The tensile force envelope method by Niedermeier (2000) is a detailed approach available for 

use in the Fédération Internationale du Béton (2001) code.  It is an approach based on the 

assumption that the amount and spacing of the intermediate flexural cracks will influence the 

debonding mechanism.  In construction of the tensile envelope, one must first construct a 

diagram of the maximum possible increase in tensile stress between flexural cracks, where a 

main variable is the value of  σf
B: 

 3( ) ' '
4 4

fB rm
f c t

rm f

c E sc f f
s t

σ = −  (10.1) 

where f ′c is the concrete compressive strength,  f ′t is the mean value for concrete tensile 

strength, Ef and tf are the elastic modulus and thickness of the FRP material, srm is the maximum 

possible crack spacing,  and c3 and c4 are constants to be constructed from the interface shear 

stress versus slip relationship (recommended to be taken as 0.185 and 0.285 respectively).  For 

a typical concrete compressive and tensile strength of 33 MPa and 3.62 MPa respectively, a 

plot of the value of σf
B is plotted in Figure 10.4 versus the crack spacing for different values of 

FRP stiffness (EA in plot).   
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Figure 10.4 Crack spacing versus σf

B in Niedermeier model (2000). 

For a typical beam of depth 300 mm, strengthened with a small amount of FRP having an axial 

stiffness of 60 kN/mm, the model predicts a value of σf
B  ≈ -75 MPa.  The negative value for 

σf
B is not anticipated in the model and occurs for well over half of the specimens in the 

database, including the beams tested as part of this research.  Therefore the model is not 

recommended as a rigorous method for calculating the debonding resistance of an FRP 

strengthened beam. 

 

The Japan Society of Civil Engineers (JSCE) (2001) has an equation to predict the IC 

debonding strains in an FRP strengthened reinforced concrete beam.  The value for interfacial 

fracture energy (Gf) is the only place in the model that the effect of concrete strength would be 

found, but was set equal to 0.5 N/mm per the model’s recommendation for all the beams.  If 

one was to increase the value of Gf, the model gives predictions which are less conservative.  

Even without the significant variable of concrete strength, the model provides predicted 

debonding strains which are similar to those found using the fib and Concrete Society approach 

of Neubauer and Rostásy (1999).  The experimental versus predicted debonding strains are 

shown in Figure 10.5. 
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Figure 10.5 Experimental versus predicted debonding strains using JSCE model 

Australian researchers have submitted a document for publication as the code standard for the 

retrofitting of reinforced concrete with FRP (Oehlers et al., 2006).  An equation is provided to 

predict the IC debonding strain based on a fracture approach, where a unique variable is the 

perimeter length of the idealized fracture plane as shown in Figure 8.11.  In the code 

commentary an additional equation is provided which predicts the interfacial fracture energy 

based on the concrete strength and the FRP width.  The predicted values for debonding strain 

are similar to those found using the approach by Neubauer and Rostásy (1999), but are more 

conservative as shown in Figure 10.6. 
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Figure 10.6 Predicted versus experimental debonding strains using Australian draft code 

model 

The Chinese code as discussed in Ye et al. (2005) has several unique variables compared to 

other design equations for IC debonding, including the distance Ld, the distance from the FRP 

termination point to the point of maximum moment.  The design tensile force in the equation 

was taken as 0.5 f ′t , as recommended in Ye et al. (2005).  The linear regression of the 

experimental debonding strains versus the predicted debonding strains (as shown in Figure 

10.7) shows the strongest correlation of the models from national codes and is sufficiently 

conservative. 
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Figure 10.7 Predicted versus experimental debonding strains using Chinese code model 

The National Research Council of Italy (2004) has an equation to predict the IC debonding 

strain of an FRP strengthened beam.  It is unclear what source the model came from, yet the 

correlation is satisfactory compared to the other code models examined.  Similar to the fib and 

Concrete Society models, as the axial stiffness of the FRP material decreases, the model 

becomes more conservative.  Also, it was observed that as the shear span-to-depth ratio of the 

beams in the database increases, the analytical model becomes more conservative.  The 

experimental versus predicted debonding strains for this model is shown in Figure 10.8. 
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Figure 10.8 Experimental versus predicted debonding strains using Italian code model 

Other Models 

The empirical model of Maeda et al. (1997) was compared against the assembled IC debonding 

database.  The study used regression of test results from double lap-shear specimens to provide 

maximum strains in FRP at debonding failure.  Two factors within the test setup have made the 

model yield decent results: 1) the presence of a layer of vinyl tape next to the “crack” as shown 

in Figure 10.9, and 2) the double lap-shear type of test method.  Both of these factors have 

inhibited the formation of a concrete tooth in the specimen at failure which may significantly 

alter the behavior (Chen et al. 2001).  The model shows correlation with the IC debonding 

database similar to that obtained from the models from the national codes.  The experimental 

versus predicted debonding strains are shown in Figure 10.10. 
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Figure 10.10 Experimental test setup of Maeda et al (1997) 
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Figure 10.11 Experimental versus predicted debonding strains using model of Maeda et al. 

(1997) 

The formation of a concrete tooth due to lateral shear stresses between flexural cracks is the 

basis for the model of Wang and Ling (1998).  The steel-to-concrete bond strength (us) was 
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taken as 0.313(f ′c)1/2 MPa for the beams with regular steel rebars, and 0.53(f ′c)1/2 MPa for the 

beams with prestressing strands (Collins and Mitchell 1997).  The FRP-to-concrete bond 

strength (uf) was taken as 1.96 MPa, as recommended in the model.  The model performs 

poorly when subjected to the experimentally determined values in the IC debonding database, 

with only several of the beams failing by debonding while the others fail by rupture of FRP. 

 

Matthys (2000) identified a failure criterion to be checked called “transfer of forces”, where the 

derivative of the tensile envelope due to applied loading was determined and compared to the 

shear strength of the concrete.  Two simple design equations were presented to determine the 

maximum shear force to cause debonding before and after steel yielding.  All of the beams in 

the database failed after steel yielding and an Equation (2.28) where the thickness of the FRP 

material is not included in the calculation.  The experimental versus predicted applied shear 

force is shown in Figure 10.12.  Although the predicted shear force is showing correlation in 

this plot this is mainly because of the large disparity between the sizes of the beams in the 

database: many of the beams failed due to applied shear force under 200 kN, while one beam 

failed with a shear force over 600 kN.  This type of plot can also be deceiving because for 

significant increases in debonding strain proportional increases in applied shear force is not 

always seen.   
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Figure 10.12 Experimental versus predicted applied shear force using model of Matthys 

(2000) 

The fracture based model of Chen and Teng (2001) was assessed using the IC debonding 

database.  The model is based on the earlier work by Yuan et al. (2001) assuming an interface 

shear stress versus slip curve with a linearly descending branch only.  The width factor was 

included and is discussed more in the following section.  From regression of single and double 

lap-shear test results, two constants were determined: one as the mean value and one as a 

design value.  The mean value (0.427) was assessed, but seems to be conservative compared to 

the experimental results.  This could be due to the fact that the results from single and double 

lap-shear tests often represent a lower-bound value of the IC debonding resistance (Oehlers 

and Seracino 2004).   The experimental versus predicted debonding strains are shown in Figure 

10.13. 
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Figure 10.13 Experimental versus predicted debonding strains using model of Chen and 

Teng (2001) 

The analytical model of De Lorenzis et al. (2001) was assessed against the IC debonding 

database.  The model was created from regression of test results of several beam-end 

specimens after derivation of the model of Täljsten (1994).  Similar to the model proposed by 

ACI Committee 440 (2002) the strength of the concrete is not included in the model, in this 

case because the authors found no correlation between the observed fracture energy and the 

failure load.  The regression of the test results lead to a mean value which was assessed and 

found to be conservative compared to the IC debonding database as shown in Figure 10.14. 
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Figure 10.14 Experimental versus predicted debonding strains using model of De Lorenzis et 

al. 2001   

An analytical model proposed by Leung and Tung (2001) was assessed using the IC debonding 

database.  One of the benefits of the model is that it can predict the debonding strain at the 

main flexural crack for any given distance of ldb, or unbonded distance near crack due to 

interfacial cracking.  Two assumptions were made in the model assessment: 1) since no failure 

criteria was provided, the maximum shear stress of concrete was assumed to be                

1.8*0.63(f ′c)1/2, and 2) the value of acceptable localized debonding around the main flexural 

crack was assumed to be ldb=h/20.  The experimental versus predicted debonding strains are 

shown in Figure 10.15.   
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Figure 10.15 Experimental versus predicted debonding strains using model of Leung and 

Tung (2001) 

The model of Harmon et al. (2003) was assessed against the IC debonding database.  The 

model takes into account the flexural crack spacing, and calculates the maximum force that can 

be developed in the FRP through an iterative procedure.  One of the variables in the equation 

for the force in FRP at the critical crack location is Leff, the effective bond length, which is equal 

to: 

 f f b
eff

a

E t t
L

G
=  (10.2) 

where Ef and tf are the elastic modulus and thickness of the FRP material, tb is the thickness of 

the bond (or adhesive) layer, and Ga is the shear modulus of the adhesive.  The effective bond 

length calculated using this equation is much less than the calculated value using other models 

(e.g. Chen and Teng 2001, or Oehlers & Seracino 2004).  Figure 10.16 shows this effect when 

the shear modulus of the adhesive is plotted against the effective bond length for various values 

of Eftftb (EA in the plot).  Also shown in the plot is a value for Leff from Chen and Teng (2001) 

with  f ′c = 33 MPa.   
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Figure 10.16 Shear modulus of the adhesive versus the effective bond length for model of 

Harmon et al. (2003) 

In the Harmon et al. (2003) model the value of FRP force at the critical crack at IC debonding 

failure is heavily dependent on the value for effective bond length.  The IC debonding database 

was subjected to the model with values for shear modulus of the adhesive (if not provided) 

equal to 1000 MPa.  The experimental versus predicted debonding strains are shown in Figure 

10.17. 



Part 2: Bond  ▐   Chapter 10. Model Comparison 

282 

0

0.002

0.004

0.006

0.008

0.01

0.012

0.014

0.016

0 0.002 0.004 0.006 0.008 0.01 0.012 0.014 0.016

Predicted Debonding Strain (mm/mm)

Ex
pe

rim
en

ta
l D

eb
on

di
ng

 S
tr

ai
n 

(m
m

/m
m

)

Experimental by others

Current Study

Unconservative
Conservative

Linear Regression
r2=0.040

 
Figure 10.17 Experimental versus predicted debonding strains using the model of Harmon et 

al (2003) 

The fracture based model of Ulaga et al. (2003) was derived from experiments on double lap-

shear specimens and assuming a linearly descending interface shear stress versus slip 

relationship.  Similar to the other fracture based models, which are derived from test results on 

lap-shear specimens, the mean value of the model is conservative for the IC debonding 

database.  The experimental versus predicted debonding strains for this model are shown in 

Figure 10.18. 
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Figure 10.18 Experimental versus predicted debonding strains using model of Ulaga et al. 

(2003) 

Oehlers and Seracino (2004) re-calibrated the model of Chen and Teng (2001) with their test 

results on beams and slabs to eliminate the conservative nature of the original model which was 

derived using single and double lap-shear specimens.  The mean values were assessed and the 

experimental versus predicted debonding strains are shown in Figure 10.19. 
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Figure 10.19 Experimental versus predicted debonding strains using model of Oehlers and 

Seracino (2004) 

Teng et al. (2004) developed a set of equations to predict the IC debonding resistance based on 

mechanics and fracture-based behavior.  A design equation was presented, but the mean 

equation is discussed here.  The calculation of one parameter in the model, the distance from 

the loaded end to the end of the cracked region (Ld), was calculated using the following 

equation: 

 cr
ee

n

ML s s a
M

= − +  (10.3) 

where s is the shear span, a is the distance from the center of the support to the FRP 

termination point, and Mcr and Mn are the cracking moment and nominal moment at the 

predicted debonding strain of the FRP strengthened section.  Mcr and Mn where calculated using 

the procedure outlined in ACI Committee 440 (2002).  Since Mn can only be calculated once 

assuming a debonding strain, the model becomes iterative.  Similar to conclusions reached in 

the paper, the use of the more complicated mean model is not warranted as the design model 

has similar correlation.  The experimental versus predicted debonding strains using the mean 

model are shown in Figure 10.20. 
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Figure 10.20 Experimental versus predicted debonding strains using model of Teng et al. 

2004 

In Chen et al. (2005) a fracture based model with a linearly descending shear stress versus slip 

relationship assuming the presence of multiple flexural cracks was assessed using the IC 

debonding database.  The model was derived from the behavior of a single lap-shear specimen 

having force applied to the FRP laminate from two directions, which simulates the behavior of 

the bonded joint between two flexural cracks.  Two sets of equations are presented, one which 

ignores the deformation in the concrete and another which includes it.  The equations which 

include the deformation in the concrete layer do not work well with the beams included in the 

database, and have less correlation and are more conservative that the equations ignoring the 

concrete deformation.  The value of β, or ratio of the applied load on the FRP on either side of 

the concrete block, was taken as 0.8, a value which was used in the design example presented 

in the paper.  The experimental versus predicted debonding strains ignoring the deformation in 

the concrete are shown in Figure 10.21. 
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Figure 10.21 Experimental versus predicted debonding strains using model of Chen et al. 

(2005) 

It should be noted that the equations developed in Chen et al. (2005) were derived from small 

scale specimens, but still compare well to the large scale specimens included in the database 

and are not overly conservative like earlier models (e.g. Chen and Teng 2001).  This is most 

likely a result of the more realistic boundary and loading conditions assumed in the derivation 

of the model, especially the load application to both sides of the FRP laminate. 

Width Factor 

Many researchers have found that the width of the FRP plate has an effect on the shear stress 

distribution, and that with increases in laminate width proportional increases in failure load are 

not always seen (Brosens, 2001; Chen and Teng, 2001).  Several different width factors were 

found in the literature and are assessed against the IC debonding database.  Their inclusion was 

found not to improve the correlation between the experimental and predicted results from 

several models. 
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There are two possible sources for the width effect: the size effect theory from fracture 

mechanics and the spreading out of forces in the concrete (Brosens, 2001).  Four width factors 

have been used in the literature, and give very different values compared to each other.  A 

generalized equation for the width factor (kb) can be written as: 

 
1

2

f

c

f

b
b

b b bk
ϕ

χ
α

χ

−
=

+
 (10.4) 

where bf is the width of the FRP laminate and bc is the width of the concrete surface. bc for T-

beams is the width of the soffit.  χ1 and χ2 were originally derived in Brosens (2003) to be set 

equal to 2.0 and 1.0.  φ in Brosens (2003) was originally set equal to bc, but in later models 

better correlation with the constant 400 was found.  In several models, a factor of αb=1.06 is 

used in front of the radical to enhance the width effect for smaller width ratios (bf/bc).  Another 

important consideration in the assessment of various width factors is the presence of a limiting 

value.  In several models, the kb factor cannot be less than one.  A table summarizing the four 

different width factors considered is shown in Table 10.1. 

Table 10.1 Summary of width factors 
Width 
Factor 

Model αb χ1 χ2 φ ≥1 

kb1 
Chen and Teng 2001, 

Brosens 2001  
1.0 2.0 1.0 bc No 

kb2 
Chinese code (Ye et al. 
2005), Teng et al. 2004 

1.0 2.25 1.25 bc No 

kb3 
National resource council of 

Italy (2004) 
1.0 2.0 1.0 400 Yes 

kb4 
fib (2001) and the Concrete 

Society (2004) 
1.06 2.0 1.0 400 Yes 

kb5 Proposed* 
1.0 2.0 1.0 bc Yes 

*Width factors are not recommended.  If used, the proposed equation should be used. 

 

In the model of Oehlers and Seracino (2004), the width factor kb1 (see Table 10.1) is used, but 

the width ratio (bf/bc) is limited to 0.33.  In the commentary of the Australian guidelines 

(Oehlers et al. 2006) the width factor of Chen and Teng (2001) is provided, with no limiting 

value for width ratio or total width factor.  In the equations from the Australian code which 

were reviewed in the previous section, the value of half the interfacial fracture energy (τfδf) 

includes the effect of the FRP-to-concrete width ratio. 
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The four width factors described above are plotted versus the width ratio (bf/bc) in Figure 

10.22.  For factors kb3 and kb4 the width of the laminate was set equal to 100 mm, which is 

approximately the mean value of FRP width for the beams in the IC debonding database.  As 

the FRP width ratio increases, the width factor decreases.  For the factors in which limiting 

values were provided, the value becomes unity at a width ratio equal to approximately 0.75.  

As the FRP width is increased, the added debonding resistance through application of the width 

factor decreases, as is shown in Figure 10.23 for the width factor kb3. 
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Figure 10.22 Width factor versus FRP-to-concrete width ratio 
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Figure 10.23 Width factor 3 versus FRP-to-concrete width ratio for different FRP widths 

The beams in the IC debonding database were analyzed using the width factors described above 

and the IC debonding model of Leung and Tung (2001), which was assessed earlier.  In the 

original model, no width factor was specified and the correlation coefficient (r2) was found to 

be 0.371.  The application of the width factors 1 and 2 (kb1 and kb2) do not provide for any 

better correlation and make the model more conservative compared to the experimental 

results.  The application of the width factors 3 and 4 (kb3 and kb4) also do not improve the 

correlation and have the opposite effect by making the prediction less conservative.  The 

experimental versus predicted debonding strains for the original model, and after application 

of the four different width factors is shown in Figure 10.24.  The model of Chen and Teng 

(2001) was analyzed in a similar manner and the same effect was observed. 
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Figure 10.24 Experimental versus predicted debonding strains using model of Leung and 

Tung (2001) and several width factors 

The model of Leung and Tung (2001) analyzed using the four width factors was also assessed 

for the influence of width ratio and of FRP width.  The original model (using no width factor) 

showed a slight increase in the value of predicted/experimental debonding strain as the width 

of FRP laminate increases, as shown in Figures 10.25.  When width factor 1 (kb1) is applied to 

the model, the accuracy of the prediction decreases as the FRP width increases, and the 

correlation is less pronounced.  When width factor 3 (kb3) is applied to the model, the accuracy 

of the prediction increases with increasing FRP width and the correlation is also less 

pronounced.  A similar result was found when the predicted/experimental debonding strain 

was compared to the FRP-to-concrete width ratio.  This exercise has shown that there is a 

small effect in IC debonding resistance as the FRP width or FRP-to-concrete width ratio 

increases.  In general, the width factors predict an increase in IC debonding resistance if there 

is substantially more concrete width than FRP bonded width on a beam soffit.  This does not 

mean that thicker FRP laminates with smaller widths are preferable because an increase in FRP 

thickness will result in a lower IC debonding resistance.   
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Figure 10.25 Predicted/Experimental debonding strain versus FRP width using model of 

Leung and Tung (2001) 

An additional size effect consideration that should be considered is the effect of the extra epoxy 

which is adjacent to the edge of the FRP laminate.  A slight increase in strength is predicted 

due to the activation of concrete outside of the nominal dimensions of the FRP laminate. In 

experimental work, where small widths of FRP laminates are commonly used, this effect will 

be more pronounced than in field applications.  Since the experimental work will result in an 

upper bound width factor relationship, the width factor models of kb1 or kb2 would be 

preferable to kb3 and kb4.  Both of these factors, however, deeply penalize the FRP configuration 

when approaching unity.  It is not recommended to use width factors since there is little 

evidence of improvement of experimental to predicted correlation.  But if they are used, the 

following relationship is recommended, which is factor kb1 with a limiting value: 
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 (10.5) 
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10.3 Conclusions 
The analytical models present in national code documents were assessed for their performance 

against a database of IC debonding failures.  The equation from ACI Committee 440 (2002) is 

non-conservative and should not be used for design.  The other analytical models from code 

agencies show considerable scatter in their predictions but overall are safe for design with the 

most conservative model being the Australian Draft Guideline (2006) and the least 

conservative being the Italian model (National Research Council of Italy 2004).   

 

The analytical models in the literature were assessed for their performance against a database of 

IC debonding failures.  Since the majority of the analytical models were derived from using 

boundary conditions, loading configurations and test results from single and double lap-shear 

experiments, many of the models analyzed were conservative in nature.  The model of Leung 

and Tung (2001) had the best correlation with the experimental database, but the correlation 

coefficient (r2) was low: only 0.387.   

 

Compared to an IC debonding predictive model, use of width factors does not improve the 

model correlation and may make the model more conservative or less conservative depending 

on the width factor.  The proposed analytical model was assessed using various width factors 

and this is discussed in the next Chapter. 
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CHAPTER 11: 

ANALYTICAL MODEL FOR IC DEBONDING 

Structural engineers designing CFRP strengthening systems for reinforced and prestressed 

concrete require an analytical tool which accurately predicts the intermediate crack (IC) 

debonding strain.  In this section an analytical model is proposed which characterizes the shear 

stress along the FRP-concrete interface as coming from two distinct sources: the applied 

loading and stress concentrations at the toes of the flexural cracks.  The proposed bond model 

was calibrated using an experimental database of IC debonding failures, taken from an 

extensive literature survey.  Two models are proposed: one as a mean, and one to be used in 

design with a confidence interval of 95 percent.  An IC debonding design procedure is 

presented along with a discussion as to why width factors were omitted from the model.  

Finally, a statistical analysis is presented which compares the proposed model to the existing 

models assessed in the previous chapter.  A complete design example using the proposed 

design model is provided in Appendix B.   

11.1 Overview 
The proposed analytical model is based on mechanics, with calibration against an experimental 

database of IC debonding failures.  Finite element simulations were not employed in the 

modeling phase, but were used to verify several assumptions of system-wide behavior.  The 

limitations of finite element modeling of bond behavior in plated reinforced concrete have 

been observed (Hearing 2000).  Total system behavior can be modeled using the smeared 

crack methodology of programs such as ANACAP (described in Chapter 5), but it is difficult to 

capture localized behavior initiating debonding due to the small element size needed for the 

mesh.   

 

Various failure criteria were examined in the construction of the model, and an equation from 

Matthys (2000) was adopted.  A check for rupture of FRP is also provided in the analytical 

model, using an equation from Teng et al. (2004).  There is one important consideration 

visibly shown in the design example in Appendix B, and assumed in the derivation of the 

analytical model:  the initial strain in the beam soffit has been incorporated into the CFRP 

strain during calculation of the FRP system contribution to sectional strength.  This strain is 
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normally additive for prestressed concrete members and subtractive for reinforced concrete 

members. 

 

The model procedure is iterative and involves the following steps: 

1. Calculate the moment resistance at yielding of the steel reinforcing, My. 

2. Assume a debonding strain, εdb. 

3. Calculate the moment resistance corresponding to debonding, Mdb. 

4. Find the interface shear stress due to applied loading, τwmax. 

5. Determine  τscmax, the interface shear due to stress concentration. 

6. Determine the total interface shear stress, τi,.and compare to failure criterion, τcmax 

7. Iterate the value of debonding strain to match  τi  to τcmax 

8. Check for rupture of FRP as a possible failure criteria prior to debonding. 

11.2 Interface Shear Stress 
A plated section with perfect bond along the plate-to-concrete interface will have an interface 

shear stress (τw) equal to: 

 ( ) ( ) ( )w p px x x
d K
dx

τ ε= ⎡ ⎤⎣ ⎦  (11.1) 

where d/dx[εp(x)] is the change in plate strain along the length of the beam x and Kp is the axial 

stiffness of the plating material per unit width.  For an FRP plated concrete member with 

constant FRP configuration throughout the length of the beam Kp=nEftf .  Using traditional 

equilibrium and compatibility conditions along with the assumption that plane sections remain 

plane after deformation, an envelope of the axial strain in the FRP material can be created for 

any given loading condition.  The tensile strain in the internal steel reinforcement can also be 

calculated in this manner, and it can be determined at any given section if the steel has 

exceeded its yielding strain.  The applied moment, tensile force in FRP and interface shear 

stress for a plated prestressed concrete beam is shown in Figure 11.1 for the loading 

configuration shown.  The maximum interface shear stress due to applied loading will occur at 

a location where the internal tensile steel has yielded.   
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Figure 11.1 Interfacial stresses due to applied loading in plated RC beam 

Along with interface shear stress due to the applied loading, there exist normal (or peeling) 

stresses throughout the bonded length.  The peeling stresses along the length due to applied 

loading can be solved using equations such as Chen and Teng (2001) or Roberts and Haji-

Kazemi (1989), see Chapter 8.  At the plate termination point the peeling stresses result from 

a stiffness mismatch between the FRP and the concrete and cause an outward force.  A short 

distance away from the plate-end, the peeling stresses due to applied loading become very 

small and occur in the opposite direction as clamping forces due to beam curvature.  For this 

reason, the peeling stresses due to the applied loading away from the plate-end can be ignored 

in most cases, and controlled at the plate-end through the use of end anchorages. 

 

Since the peeling stresses will not significantly affect the behavior away from the supports, 

there exists only forward shear mode (Mode II) crack deformation on the FRP-to-concrete 

interface due to the applied loading.  With the assumption of perfect bond, failure due to 

debonding will occur when the interface shear stress reaches the shear strength of the interface 

(τimax): 
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 [ ] maxmax ( )w ixτ τ=  (11.2) 

Usually the shear strength of the structural adhesive is greater than that of the concrete, so 

failure will occur along the concrete interface when τimax becomes equal to τcmax.   

 

FRP plated regular reinforced and prestressed concrete beams will exhibit flexural behavior 

when the shear span-to-depth (s/d) ratio is approximately 2.5 or greater, except in rare cases 

such as when there is exceptionally high prestress force.  When flexural cracking occurs, the 

“plane sections remain plane” and perfect bond assumptions are no longer valid.  At the toes of 

the flexural cracks, stress concentrations form which cause cracking along the FRP-to-concrete 

interface, usually in the weak concrete layer.  The stress concentrations away from the FRP 

termination point occur in two directions: 1) shear stress along the interface, and 2) peeling 

stresses due to aggregate interlock along the interface crack.  As mentioned previously the 

normal stresses due to applied load are “clamping” stresses.  These are in the opposite direction 

from the peeling stresses developed from stress concentrations, and the small magnitude of 

both types of peeling stresses lead to them being disregarded in the current analysis.  It is also 

possible to have wide crack openings due to flexure-shear cracks away from the maximum 

moment region, which could lead to high peeling stresses.  It is assumed that the beam being 

strengthened in flexure has sufficient shear capacity to handle the higher loads and large shear 

crack deformations will not control the failure. 

 

The interface shear stress at the toes of the flexural cracks due to stress concentration (τsc) is 

related to the fracture energy of the weakest material at the interface: 

 ( )min , ,sc fif fa fcf G G Gτ ⎡ ⎤= ⎣ ⎦  (11.3) 

where Gfif is the interlaminar fracture energy of the FRP plate, Gfa is the fracture energy of the 

structural adhesive, and Gfc is the fracture energy of the concrete.  With quality workmanship 

and critical selection of an acceptable externally bonded FRP system, failure will propagate 

initially along the concrete interface.  The profile of the shear stress due to stress concentration 

around the toe of a flexural crack is similar to a single lap-shear test, and can be approximated 

using equations such as Yuan et al. (2001).  As will be shown later, it is the magnitude of the 

interface shear stress which is important, and this is not predicted using these equations.  



Part 2: Bond  ▐   Chapter 11. Analytical Model 

297 

 

The shear stress at the FRP-to-concrete interface (τi) is induced from two sources: the applied 

loading (τw) and stress concentrations at the toes of flexural cracks (τsc).  For a distance x from 

the support: 

 ( ) ( ) ( )i w scx x xτ τ τ= +  (11.4) 

As x increases along the length of a plated beam, the interface shear stress due to applied 

loading becomes larger proportional to the change in applied moment at the section.  

Alternatively, the value of interface shear stress due to stress concentration (τsc) is both additive 

and subtractive on either side of each flexural crack due to equilibrium of forces.  The value 

will be at a maximum in high moment regions where the crack opening displacement has the 

greatest magnitude.  The applied moment, tensile force in FRP, and interface shear stress 

distribution is shown in Figure 11.2 for the loading configuration shown. 

 
Figure 11.2 Interfacial stresses in plated RC beam 

11.3 Design Interface Shear Stress 
The actual distribution of interface shear stress along the length of a plated beam is very 

complex.  The interface shear stress due to applied loading varies depending on the change in 
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CFRP tensile force along the length of the beam, and stress concentrations at the toes of the 

flexural cracks result in complex behavior.  There is a need for a simplified approach for 

determining the interface shear stress for design.  First the design interface shear stress due to 

applied loading is discussed, and then the shear stress due to stress concentration.  

 

From rigorous methods, it is possible to determine the interface shear stress due to applied 

loading (τw), from a cracked section analysis along the length of the beam.  In Sebastian (2001, 

2002a, 2002b) complicated equations are developed which predict the interface shear stress 

due to the applied loading along the length of a beam.  Sebastian (2002) showed that an 

assumption of perfect bond showed little error with experimental results, especially when 

coupled with smeared crack tension stiffening.  The results can be reproduced by conducting a 

moment-curvature analysis (like the flexural model presented in Part 1) of the plated section 

to determine the tensile strain profile of the CFRP, from which the interface shear stress can 

be calculated from Equation 11.1. A tensile strain envelope for girder EB1SB is shown in 

Figure 11.3.  The experimentally measured strain values are shown, along with three separate 

methods of analysis: 1) the cracked section analysis program Response, 2) the flexural model 

described in Chapter 5, and 3) the proposed predictive method which is discussed below.  

Note: for all of the analytical methods used, the strain envelope was created with the 

maximum value of tensile strain equal to the experimentally determined value. 
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Figure 11.3 Experimental versus predicted tensile strain for girder EB1SB 

From the figure several conclusions can be drawn.  First of all, the maximum change in tensile 

strain, and similarly the maximum interface shear stress, occurs at or near the length along the 

beam at which yielding of the internal steel occurs (in this case at approximately 3200 mm 

from supports).  And lastly, the predictions made from the flexural model, which is quite 

comprehensive, and the proposed method, which is relatively simple, correlate reasonably well 

with the measured values. 

 

It is proposed that the maximum interface shear stress due to applied loading (τwmax) be 

determined from the following equation, related to the increase of applied moment from My to 

Mdb.  The equation predicts the maximum interface shear stress as in the region along the beam 

from first yielding of the prestressing strands to location of maximum moment: 

 
@

max
db f y

w f f
y

nE t
s x

ε ε
τ

−
=

−
 (11.5) 

where nEftf is the axial stiffness of FRP material per unit width, εdb is the strain in the FRP at 

intermediate debonding failure at a moment of Mdb, εf@y is the tensile strain in the FRP at first 
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yielding of internal tensile steel at a moment of My.  xy is the distance from the support to the 

location of first yielding of internal tensile steel.  For three and four point bending, xy is equal 

to: 

 y
y

db

M
x s

M
=  (11.6) 

where s is the shear span of the beam and is equal to the distance from the support to the 

section of maximum moment.  For unsymmetrical loading, the shorter distance should be 

used.   

 

The distance xy can also be found easily for beams with other loading scenarios by considering 

the shape of the moment diagram.  For example, for beams with uniform distributed loads, the 

distance xy is equal to: 

 
22

2

4 4 16
8y

db db db
y

db

x
M M ML M

M L L L
=

⎛ ⎞⎛ ⎞ ⎛ ⎞⎜ ⎟− − + −⎜ ⎟ ⎜ ⎟⎜ ⎟⎝ ⎠ ⎝ ⎠⎝ ⎠
 (11.7) 

Equations similar to Equation 5.5 can be used to calculate the interface shear stress due to 

applied loading for two other regions: 1) the region between the supports and the location of 

flexural cracking, and 2) the region between the instance of first flexural cracking and yielding 

of the internal tensile steel.  This is illustrated in Figures 11.4 and 11.5, where the proposed 

FRP tensile strain envelope and interface shear stress blocks are plotted versus the length along 

the member. 
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Figure 11.4 Proposed FRP tensile strain envelope 

 

 
Figure 11.5 Proposed interface shear stress versus length along member 

The addition of the maximum interface shear stress due to stress concentration (τscmax) and τwmax 

from Equation 11.5 results in an interface shear stress which will cause failure along the 

concrete interface (τcmax): 
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 max max maxc w scτ τ τ= +  (11.8) 

The definition of the interface shear stress due to stress concentration and the proposed failure 

criteria are discussed in the following sections. 

11.3 Failure Criteria 
The total interface shear stress was compared to a criterion for failure.  Since the majority of 

the bond stresses at the interface are from Mode II type loading, it is assumed that the failure 

criteria will be the shear strength of concrete.  In this section the shear strength of plain 

concrete will be assessed through comparison of different models in the literature. 

 

Since the normal stresses at the location of maximum interface shear stress are small, the shear 

strength of plain concrete will be used as failure criteria (τcmax): 

 max maxi cτ τ≤  (11.9) 

Seven failure criterions were analyzed for plain concrete subjected to pure shear.  Most of the 

criteria either come from the literature on plate-end debonding (where a bi-axial state of stress 

is common) or from various failure envelopes of the Mohr-Coulomb criterion.  The criteria are 

reviewed in Section 8.5.  The shear strength of concrete under pure shear loading versus 

concrete compressive strength is shown in Figure 11.6 for the seven different criteria 

examined. 
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Figure 11.6 Shear strength of concrete versus compressive strength for various criteria 

The shear strength of Matthys (2000) was adopted in the model with f ′t=0.63(f ′c)0.5.  Although 

this failure criterion gives higher values of the shear strength of concrete compared with many 

of the other models, it is believed that the shear strength of the FRP-to-concrete interface has a 

higher resistance to shear than plain concrete.  The initial failure plane of beams which fail by 

intermediate crack debonding is in the concrete paste layer, as discussed in Chapter 8.  If 

sufficient surface preparation has been applied to open the pores of the concrete and expose 

the aggregates, the structural epoxy material will penetrate into the interface layer, making it 

able to resist more interface shear stress due to the higher shear modulus of the adhesive 

compared to the concrete.  This phenomenon has been noted by researchers who have studied 

the bond behavior of FRP-concrete joints using single lap-shear specimens.  Coronado and 

Lopez (2005, 2006) have found that the fracture energy of the FRP-to-concrete interface is up 

to 1.5 times greater than the fracture energy of plain concrete due to the presence of high 

strength epoxy at the failure plane.  By increasing the fracture energy of the failure plane, the 

shear strength will also increase, and this is why the upper bound criterion of Matthys (2000) 

has been used in the model. 
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11.4 Model Calibration 
The analytical model was calibrated from a database of experimental intermediate crack (IC) 

debonding failures.  The parameter that was calibrated was the interface shear stress due to 

stress concentration (τscmax).  This value was calibrated for two separate purposes: 1) for the 

creation of an analytical model that closely represents the experimentally observed behavior 

(mean model), and 2) an analytical model which is conservative and can be used in design 

(design model). 

 

When the interface shear strength due to applied loading (τwmax) was calculated using the 

experimentally measured debonding strain, it was determined that τscmax calculated in this 

manner had no correlation with the concrete strength, or the concrete strength raised to a 

particular power.  Correlation was found, however, between the interface shear stress as a 

function of concrete strength and the moment ratio My/Mdb.  This is a result of the larger 

flexural crack opening displacement which will occur as a result of having an applied moment 

much larger than the moment to cause yielding of the internal tensile steel. 

 

The equation for τscmax which gives the best correlation between the analytical model and the 

experimental database is: 

 '
max 2.15 1.1 y

sc c
db

M
f

M
τ

⎛ ⎞
= −⎜ ⎟

⎝ ⎠
 (11.10) 

For design, an equation was determined which gives a probability of exceedance of 5 percent: 

 '
max 3 1.1 y

sc c
db

M
f

M
τ

⎛ ⎞
= −⎜ ⎟

⎝ ⎠
 (11.11) 

For both of these equations, the My/Mdb ratio should be less than one.  This limit is imposed 

because the experimental database only includes beams which failed due to IC debonding after 

yielding of the internal steel. 

 

A statistical analysis was performed on the analytical model (both the mean model and the 

design model) which is described in Section 11.8.  The experimental versus predicted 
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debonding strains for the proposed mean and design analytical models are shown in Figures 

11.7 and 11.8 respectively. 
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Figure 11.7 Experimental versus predicted debonding strains for proposed mean model 
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Figure 11.8 Experimental versus predicted debonding strains for proposed design model 
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11.5 Rupture Check 
In several beams of the experimental database, the failure mode was not intermediate crack 

(IC) debonding, but rupture of FRP (e.g. current study, girder EB8SB).  The measured value 

of maximum strain near midspan prior to rupture was lower than that determined from FRP 

tensile tests, due to the presence of stress concentrations at the toes of the flexural cracks.  

Therefore it is believed that the strain due to these stress concentrations (εsc) caused rupture at 

a value of tensile strain assuming perfect bond (εdb) lower than the ultimate rupture strain 

found during material testing (εu).  As a result, a check against rupture of FRP due to stress 

concentrations at flexural cracks must be performed: 

 db sc uε ε ε+ ≤  (11.12) 

This can be done through the use of the fracture based methodology which is discussed below. 

 

The effective bonded length (Leff) is the length over which the majority of the bond stresses are 

concentrated in single and double lap-shear tests.  For a reinforced concrete flexural member 

plated with FRP, the bond stresses can have a much more complex distribution and are 

dependent on the location, quantity, and crack opening displacement of flexural cracks (i.e., 

see the interface shear stress distribution in Figure 11.2).  However, localized around the 

location of a main flexural crack will be an effective bonded length over which the majority of 

the bond stresses are occurring.  From earlier, the maximum interface shear stress due to 

stress concentration (τscmax) was calculated (Equation 11.9 for mean model, 11.10 for design 

model), so the maximum tensile strain in FRP due to stress concentration can be written as: 

 ( )maxsc eff sc
sc f

f f f

R L
b

nE t b
τ

ε =  (11.13) 

where Rsc is a shape factor which varies from zero to one, and nEftfbf is the axial stiffness of the 

FRP material.  The shape factor Rsc represents the surface distribution of interface shear stress 

on one side of a flexural crack at midspan.  It can be defined as: 

 
max

1
sc sc

f eff sc V

R dV
b L

τ
τ

= ∫  (11.14) 

where bf is the width of the laminate, and τsc is the interface shear stress due to stress 

concentration over a volume V .  Two theoretical distributions of interface shear stress due to 
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stress concentration near a flexural crack are shown in Figure 11.9.  The shear stress 

distribution along the length of the beam was calculated using equations from the fracture 

based approach of Yuan et al. (2001) using two different models for interface shear stress 

versus slip relationship: 1) linearly ascending and then descending, and 2) linearly descending 

only.  Further details of this model can be found in Chapter 8. 

 
Figure 11.9 Interface shear stress distributions near location of flexural crack 

Assuming that the interface shear stress is distributed evenly over the width of the laminate, 

the Rsc value proposed by Yuan et al. (2001) model is equal to 0.51 and 0.55 for the two 

fracture energy models described above.  For simplicity, the proposed model adopts Rsc=0.5. 

 

Four different equations for effective bonded length (Leff) were assessed.  A derivation of the 

fundamental equation is provided in the Fracture Based Models section in Chapter 8.  A modified 

version of the first equation is provided in the fib (2001) and Concrete Society (2004) codes, 

which originally came from Neubauer and Rostásy (1999): 

 '2
f f

eff
t

nE t
L

f
=  (11.15) 



Part 2: Bond  ▐   Chapter 11. Analytical Model 

308 

where f ′t is the tensile strength of concrete, which was taken as 0.63(f ′c)0.5.  The second 

equation is similar and comes from Chen and Teng (2001): 

 
'

f f
eff

c

nE t
L

f
=  (11.16) 

The third equation is from Teng et al. (2004) and does not include the strength of concrete: 

 0.228eff f fL nE t=  (11.17) 

The fourth equation comes from Oehlers et al. (2006): 

 
(4 )

2
eff

f f

f f f f

L
b

nE t b

π
τ
δ

=
+

 (11.18) 

where 

 ( )0.6'10.8 0.078
2f c

f

f
b

τ
⎛ ⎞

= +⎜ ⎟⎜ ⎟+⎝ ⎠
 (11.19) 

and 

 ( )0.67'1 10.73
2f c

f f

f
b

δ
τ

=
+

 (11.20) 

For a more rigorous analysis of the effective bonded length, the reader is pointed to the model 

by Chen et al. (2005) which gives predictions for effective bonded length under the presence of 

multiple cracks. 

 

The effective bonded length versus the axial stiffness in the FRP per unit width is shown in 

Figure 11.10 for the four different models.  Upper and lower bounds are shown in three of the 

models which are a function of the concrete compressive strength (f ′c), which is shown varying 

between the values of 20 MPa and 60 MPa.  The philosophy for including the concrete strength 

in the effective bonded length equation is that the bond stresses are contained in a smaller area 

and are reduced for increasing concrete strengths.  Leff is independent of the width of the FRP 

laminate for the first three models, but is calculated according to two different widths (50 mm 

and 100 mm) for the model of Oehlers et al. (2005), as shown in the Figure. 
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Figure 11.10 Effective bonded length versus axial stiffness of FRP per unit width 

For its simplicity, the equation of Teng et al. (2004) is adopted in the model.  Rearranging 

equations 11.11, 11.12, and 11.16, (with Rsc=0.5) the following rupture check equation is 

obtained: 

 max
max 0.114 sc

sc db u
f fnE t

τε ε ε= + ≤  (11.21) 

The value of interface shear stress due to stress concentration (τscmax) should be calculated using 

Equation 11.9 for the mean model and 11.10 for the design model.  In the design model, the 

ultimate rupture strain value (εu) in the above equation should be reduced by an environmental 

reduction factor like the ones provided in ACI Committee 440 (2002). 

11.6 Summary of Proposed Analytical Model 
An analytical model is proposed which estimates the intermediate crack debonding strain of a 

reinforced or prestressed concrete beam strengthened with FRP.  In addition, a design model 

has been proposed which gives a 95 percent confidence level against the experimental database 

for design purposes.  In this section, the procedure for using the models will be presented. 
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Mean Model 

An analytical model is presented below which best represents the experimentally observed 

behavior (mean model).  The procedure is iterative, and is similar to the procedure outlined in 

a design example in ACI Committee 440 (2002) for “strengthening of an interior beam”.  A 

detailed design example using this procedure is given in Appendix B.  The initial strain in the 

beam soffit should be included in the calculation for completeness and this is covered in the 

Appendix.  The procedure involves the following steps: 

 

1. Calculate the moment resistance corresponding to yielding of the tensile steel 

reinforcing, My and the corresponding strain level in the FRP material (εf@y). 

2. Assume a value for the strain in CFRP at failure due to intermediate crack (IC) 

debonding (εdb). 

3. Calculate the nominal moment resistance of the section (Mdb) at debonding failure 

with the strain assumed in Step 2. 

4. Determine the interface shear stress due to the increase of the load from the yielding 

stage to the assumed failure stage, τwmax.  The distance xy is dependent on the loading 

scenario. 

 
@

max
db f y

w f f
y

nE t
s x

ε ε
τ

−
=

−
 (11.22) 

5. Determine the maximum interface shear stress due to stress concentration (τ scmax): 

 

'
max

for

2.15 1.1    

 1

y
sc c

db

y

db

M
f

M
M
M

τ
⎛ ⎞

= −⎜ ⎟
⎝ ⎠

≤

 (11.23)  

6. Calculate the total interface shear stress (τi): 

 max maxi sc wτ τ τ= +  (11.24) 

7. Revise the value of IC debonding strain until τ i, is equal to the failure criterion (τcmax) 

which is related to the tensile strength of concrete as: 

 '
max 1.8c tfτ =  (11.25) 
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where 

 ' '0.63t cf f=  (11.26) 

8. Using the final value of strain in the CFRP after iteration (εdb), calculate the maximum 

strain in the CFRP due to applied loading and stress concentrations (εscmax): 

 max
max 0.114 sc

sc db
f fnE t

τε ε= +  (11.27) 

9. If εscmax is greater than εu
 (rupture strain of the FRP material), then failure will be due 

to rupture of the CFRP, and the nominal moment should be recalculated using the 

ultimate strain in the CFRP. 

Design Model 

The analytical model presented below has a 95 percent confidence level compared to the 

experimental database and can be used for design.  The procedure is identical to the one 

presented above with steps 5 and 9 given below: 

5. After finding the  My/Mdb ratio, determine τ scdesign, the design interface shear stress due 

to stress concentration: 
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db
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f

M
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τ
⎛ ⎞

= −⎜ ⎟
⎝ ⎠

≤

 (11.28) 

9. If εscmax is greater than εu, then failure will be due to rupture of the CFRP, and the 

nominal moment should be recalculated using the ultimate strain in the CFRP.  εu is 

the design rupture strain of the FRP material, after application of appropriate 

environmental reduction factors like the ones provided in ACI Committee 440 

(2002). 

11.7 Width Effect 
As mentioned in the previous chapter, many researchers have identified the significance of the 

width effect, where the distribution of shear stress is not uniform over the width of the bonded 

area.  Five different width factors were described in Section 8.3 and assessed against the 

existing IC debonding analytical models in Section 10.2.  In this section, the width factors are 
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applied to the proposed model to assess their effectiveness in better correlating the predicted 

and experimental results.  Research findings indicated that application of the width factor did 

not improve the correlation of the results and was not included in the model. 

 

To include the width factor (kb) in the model, it was used as a multiplier for the force resultant 

in the FRP at debonding.  For example, for a simple reinforced concrete section plated with 

FRP, the nominal moment capacity (Mn) can be calculated as: 

 
2 2n s y s f fe fb
c c

M A f d k A f d
β β

= − + −⎡ ⎤⎛ ⎞ ⎛ ⎞
⎜ ⎟ ⎜ ⎟⎢ ⎥⎝ ⎠ ⎝ ⎠⎣ ⎦

 (11.29) 

where As  and Af are the areas of tensile steel and FRP, fy is the yield strength of the tensile steel, 

ffe is the effective stress in the FRP material, and ds and df are the distance from the extreme 

compression fiber to the centroid of the tensile steel and FRP respectively.  β is a stress block 

factor for concrete and c is the neutral axis depth.  The FRP force resultant at yielding of the 

tensile steel is also of significant magnitude, and will influence the calculation of τwmax.  

Therefore the width factor was also applied to the FRP resultant during the calculation of the 

nominal moment at yielding.   

 

The experimental versus predicted debonding strains after application of width factor 1 (kb1, 

Equation 8.37) and width factor 5 (kb5, Equation 10.5) are shown in Figures 11.11 and 11.12.  

The width factors do not improve the correlation of the proposed model nor do they 

significantly alter the results.  As a result, no width factors were included in the analytical 

model. 

 



Part 2: Bond  ▐   Chapter 11. Analytical Model 

313 

0

0.002

0.004

0.006

0.008

0.01

0.012

0.014

0.016

0.000 0.002 0.004 0.006 0.008 0.010 0.012 0.014 0.016

Predicted debonding strain (mm/mm)

Ex
pe

rim
en

ta
l d

eb
on

di
ng

 s
tr

ai
n 

(m
m

/m
m

)

Unconservative
Conservative

Linear Regression
r2=0.721

 
Figure 11.11 Experimental versus predicted debonding strains for proposed model with 

width factor 1 
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Figure 11.12 Experimental versus predicted debonding strains for proposed model with 

width factor 5 
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11.8 Statistical Analysis 
For comparison between the proposed model and the analytical models presented in the 

previous section, a statistical analysis was performed.  Graphical representations were obtained 

in which one can assess the performance of the models against the experimental database.  For 

any particular model, the mean (μ) and standard deviation (σ) was found for the variable 

x=(predicted IC debonding strain)/(experimental IC debonding strain).  The sample size used was 

equal to the number of beams in the IC debonding database, which was fifty one test results.  

The normal distribution was then applied to the random variable x: 

 ( ) ( ) ( )[ ]20.51
2

xf x e μ σ

σ π
− −=  (11.30) 

 

In order to use the normal distribution to predict the behavior of the model, the Chi-squared 

(Hines and Montgomery 1990) and Kolmogorov-Smirnov (Weisstein 2006) tests were used to 

determine the goodness of fit.  An error function created from the population sample and the 

normally distributed prediction may follow the Chi-squared distribution (χ2): 

 
( )2
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i i

i i

n e
e

χ
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−
= ∑  (11.31) 

where n is the number of data points in k intervals from the experimental sample.  ei is the 

number of data points in k intervals that should be present for the normal distribution.  For a 

confidence level of 1-α=0.975 (95 percent) the Chi-squared test must be below 44.5.  The 

Kolmogorov-Smirnov test was also used to test the goodness of fit.  In this model, the 

cumulative frequency of the sample (Sn(x)) is compared to the assumed theoretical distribution 

(Fx(x)).  The maximum absolute difference between the sample and the theoretical distribution 

is equal to Dn: 

 ( ) ( )maxn x nD F x S x= −  (11.32) 

The probability that Dn is less than Dn
α is the confidence level: 

 1n nP D Dα α⎡ ⎤≤ = −⎣ ⎦  (11.33) 

If Dn < Dn
α , then the model is suitable.  For a confidence interval of 95 percent, Dn

α=0.22. 
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A percentage of exceedance value was also found for each analytical model.  This represents 

the probability that the analytical model will overestimate the IC debonding failure, judged 

from the sample of experimental beams.  The correlation coefficient (r2) was also found for 

each of the analytical models using linear regression.  The results of the statistical analysis are 

shown in Table 11.1 for the models from the national codes and in Table 11.2 for the models 

from the literature.  If the model did not pass the Chi-squared or Kolmogorov-Smirnov test, 

the corresponding cell is shaded gray. 

Table 11.1 Results of statistical modeling exercise –models from National codes 

Analytical Model 
Mean, 

pred/exp 
Standard 
deviation 

K-S 
test 

Chi-
squared 

test 

Probability of 
Exceedance 

Correlation 
Coefficient, r2 

ACI 440 (2002) 1.29 0.448 0.06 24.8 0.742 0.243 

fib (2001) 
approach 1 0.58 0.225 0.10 39.9 0.031 0.208 

Concrete 
Society (2004) 

0.46 0.185 0.13 29.6 0.002 0.186 

JSCE (2001) 0.44 0.196 0.19 33.5 0.002 0.219 

Australian (2006) 0.40 0.162 0.10 25.6 0.000 0.185 

Chinese (2005) 0.67 0.217 0.07 64.8 0.062 0.297 

Italian (2004) 0.72 0.254 0.12 34.0 0.132 0.287 

Proposed 
design model 0.72 0.162 0.07 12.6 0.044 0.520 
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Table 11.2 Results of statistical modeling exercise – models from literature 

Analytical Model 
Mean, 

pred/exp 
Standard 
deviation 

K-S 
test 

Chi-
squared 

test 

Probability of 
Exceedance 

Correlation 
Coefficient, r2 

Maeda et al 
1997 

0.87 0.414 0.19 92.4 0.378 0.240 

Wang and Ling 
1998 2.10 0.675 0.13 25.8 0.948 0.144 

Matthys 
2000 

1.27 0.703 0.15 58.1 0.650 0.592 

Chen and Teng 
2001 0.41 0.168 0.09 48.8 0.000 0.144 

De Lorenzis 
2001 

0.35 0.173 0.17 35.7 0.000 0.355 

0.72 0.268 0.07 41.5 0.157 0.387 Leung and Tung 
2001 

      
Harmon et al  
2003 0.21 0.149 0.23 6494 0.000 0.040 

Ulaga et al  
2003 

0.42 0.172 0.16 44.4 0.000 0.250 

Oehlers and 
Seracino 
2004 

1.07 0.482 0.15 31.1 0.557 0.184 

Teng et al 
2004 

1.25 0.405 0.07 51.9 0.732 0.262 

Chen et al 
2005 0.81 0.306 0.17 44.3 0.272 0.293 

Proposed model 1.00 0.181 0.12 33.4 0.508 0.763 

 

Figures 11.13-11.15 show the variable x=(predicted debonding strain)/(experimental debonding 

strain) versus the normal distribution for the analytical models analyzed.  In Figure 11.13 are 

the models from the national codes, and in Figures 11.14 and 11.15 the models from the 

literature are graphical represented.  In Figure 11.13, the proposed design model is shown, 

and is Figures 11.14 and 11.15 the proposed mean model is shown.  There were several 

models which did not meet the 95 percent confidence level for either the Chi-squared or 

Kolmogorov-Smirnov test.  Only the model of Harmon et al. (2003), which definitively does 

not match a normal distribution, was excluded. 
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Figure 11.13 Normal distributions for national code models 
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Figure 11.14 Normal distributions for early models in literature 
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Figure 11.15 Normal distributions for later models in literature 

From the statistical analysis of the models from the national code documents, it clear that the 

equation from ACI Committee 440 (2002) is non-conservative and should not be used for 

design.  Compared against the assembled experimental database, the ACI equation has a 

probability of exceedance of over 70 percent.  The model from a national code which has the 

best correlation coefficient (r2) and low probability of exceedance would be either the Chinese 

code (from Ye et al. 2005) or the Italian code (National Research Council of Italy 2004).  The 

proposed design model gives a percentage of exceedance value of 5.1 percent, a correlation 

coefficient of 52.0 percent and a standard deviation of 0.162. 

 

From the statistical analysis of the models from the literature, it has been shown that the 

majority of the models in the literature are conservative when calculated against an 

experimental database of beams and slabs of diverse sizes.  The analytical model with the 

lowest standard of deviation is the model of Chen and Teng (2001), and the model with the 

best correlation is the model from Leung and Tung (2001).  The proposed mean model gives a 

mean value of 1.0, a correlation coefficient (r2) of 76.3 percent and a standard deviation of 

0.181. 
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11.9 Scope of Analytical Model 
Through an examination of the range of parameters in the IC debonding database and based on 

experimental results from other types of FRP configurations, the scope of the proposed 

analytical model can be ascertained.  The applicability of the model to several different 

scenarios is discussed in this section including FRP wrapping around the beam soffit, side-

plating, multiple layers of reinforcement, FRP extension to supports, and the configuration of 

internal tensile steel reinforcements. 

 

In some instances externally bonding CFRP plates to the sides of a beam might be useful, 

especially in building structures where limited access is available to the bottom of the beam due 

to placement of ducting and electrical conduits.  In Breña et al. (2003) several specimens were 

tested with CFRP plates externally bonded to the sides of the beam.  The authors observed 

mixed results: in some beams this configuration resulted in increased debonding strain values 

and in others it reduced the maximum induced strain in the CFRP material.  In the Australian 

Draft Guidelines the IC debonding strain that can be developed for side plates is identical to 

that for tension plates (Oehlers et al. 2006).  Since no experimental studies were included in 

the database from beams strengthened with side plates, it is recommended that further 

research is needed before the proposed analytical model can be used for this case. 

 

Wrapping the tension-side soffit of the beam with FRP can be an effective way to mitigate 

debonding.  In the Repair/Strengthening phase of this research, many beams were 

strengthened with FRP wrapped around their soffits including girders EB4S, EB4F, EB5S, 

EB5F, EB6S, EB6F, EB7S, and EB7F as well as the SRP strengthened girders SRPS and SRPF.  

IC debonding did not cause failure in any of these girders and they were not included in the IC 

debonding database because of the presence of transverse U-wraps.  However, they were 

analyzed using the proposed mean model, and the results are shown in Table 11.3.  The model 

was conservative in every instance, and in several cases predicted the correct failure mode.  It 

is possible that an FRP strengthening scheme with wrapping could induce IC debonding, 

especially if transverse U-wraps are not provided.   
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Table 11.3 Results of analysis of girders with FRP wrapping or debonding mitigation 

Girder Strengthening 
Measured 

Strain 
(mm/mm) 

Observed 
Failure Mode 

Predicted Strain 
(mm/mm) 

Predicted 
Failure Mode 

EB2S EB Sheets 0.0129 Rupture 0.0115 Rupture 

EB3S EB HM Strips 0.0017 Rupture 0.0025 Rupture 

EB4S EB Sheets 0.0086 Rupture 0.0057 IC debond 

EB5S EB Sheets 0.0133 Rupture 0.0092 IC debond 

EB6S EB HM Sheets 0.0026 Rupture 0.0018 Rupture 

EB7S EB Sheets 0.0105 
Concrete 
Crushing 0.0083 Rupture 

SRPS EB SRP 0.0102 
Concrete 
Crushing 

0.0094 IC debond 

NSM2S* NSM Strips 0.0145 
Concrete 
Crushing 0.0038 IC debond 

NSM2S** NSM Strips 0.0145 
Concrete 
Crushing 

0.0118 IC debond 

* As built FRP orientation 

** Modified FRP orientation 

 

Also shown in Table 11.3 are the experimental and predicted maximum strains and failure 

modes for several other girders which were not included in the database.  Girder EB2S, with 

two and a half 51 mm layers of CFRP wet lay-up sheets per soffit in addition to transverse U-

wraps, failed due to rupture of FRP, a failure mode that the model predicted.  Another girder, 

strengthened with two 51 mm high modulus CFRP strips per soffit, failure due to rupture of 

FRP which was well predicted by the model. 

 

A girder strengthened with near surface mounted strips (NSM2S) was analyzed using the 

proposed model and is shown in Table 11.3.  The FRP configuration was input into the model 

using two different approaches: 1) using the “as-built” configuration, and 2) assuming that the 

strip was oriented 90 degrees to the “as-built” configuration.  The model does a poor job of 

predicting the debonding strain when the strip is oriented in the “as-built” configuration, but 

gives a reasonably conservative prediction if it is rotated 90 degrees.  It is recommended that if 

NSM FRP systems are used, other predictive models should be used (Seracino et al. 2005, 

Hassan 2002). 
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The analytical model provides good results in predicting IC debonding resistances when the 

FRP is extended to near the supports.  Within the IC debonding database, the lowest ratio of 

the FRP span within the shear span to the shear span itself is 0.66.  Unless there are 

obstructions which prevent the FRP to being extending to near the supports, this should be 

done in every case. 

 

With members that are partially prestressed (with both regular mild steel reinforcement and 

prestressing steel), the interface shear stress should be calculated in a more complex manner 

than the method presented here.  The interface shear stress due to the applied loading will 

depend on which material dominates the behavior of the section.  When significant non-linear 

behavior of the internal steel is present, force redistribution will increase demand on the CFRP 

strengthening increasing the slope of the CFRP tensile strain envelope and the interface shear 

stress. 

 

Another assumption that has been made in the proposed analytical model is the lumping 

together of the internal tensile steel for ease of calculations.  In a push-over type of analysis, 

the applied moment to yield the internal steel reinforcing will be less if the layers are not 

grouped together, i.e. the lowest layer will yield before the others.  In the C-Channel type 

prestressed concrete girder examined as part of this research, there are five layers of 

prestressing reinforcement that are distributed in the web of the girder.  However, the yield 

moment calculated using the flexural model described in Part 1, and the yield moment 

calculated using a simple stress block approach with the prestressing strands lumped together is 

nearly identical.  The close relationship between the simplified model and the flexural model is 

clearly shown in the tensile envelope plot in Figure 11.3.  A design example using the 

simplified approach is presented in Appendix B. 
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CHAPTER 12: 

PARAMETRIC STUDY 

A parametric study was conducted using the analytical model to predict intermediate crack 

(IC) debonding described in Chapter 11.  Two types of concrete systems were examined: a 

reinforced concrete beam, and a prestressed concrete bridge girder.  The parameters 

considered for both types of concrete systems were: the type of loading, the axial stiffness of 

FRP, the concrete strength, and the reinforcing ratio.  For the prestressed concrete systems, 

an additional parameter of effective prestress force was examined.  The parameters were 

examined within the range of values found in the IC debonding database presented in Appendix 

C, or within a range of values typically encountered in the field.  The configuration of the FRP 

strengthening system as well as the configuration of the internal steel was found to influence 

the IC debonding resistance and this is discussed in Section 11.9. 

 

The proposed mean model was examined in each case and was compared to the mechanics 

based model of Teng et al. (2004).  The prestressed concrete bridge girder examined in the 

parametric study was the girder EB1SB, tested as part of the bond study in this research.  The 

reinforced concrete beam examined was beam B-08S in Kotynia and Kaminska (2003).  Details 

of these specimens can be found in Appendix C.  As a reference point, the experimentally 

measured IC debonding strain corresponding to the appropriate parameter is shown as a point 

in each plot. 

12.1 Applied Loading 
The effect of the applied loading on the IC debonding resistance can be shown in several 

different ways: 1) either by varying the shear span under three or four-point bending or 2) by 

using different loading scenarios such as a uniformly distributed load.  As discussed previously 

in Chapter 8, there is a greater probability of the FRP system failing by plate end (PE) 

debonding once the shear span to depth ratio is below approximately 2.5.  For laboratory 

specimens loaded in three and four-point bending, the debonding resistance decreases as the 

shear span-to-depth ratio (s/d) decreases as shown in Figure 12.1 for the prestressed concrete 

bridge girder.  A similar plot can also be obtained for the reinforced concrete system.  The 

figure also shows that the resistance predicted using the Teng et al. (2004) model is a lower 
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bound for low shear span to depth ratios, which gives conservative results as the s/d ratio is 

increased. 
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Figure 12.1 Predicted debonding strain versus shear span-to-depth ratio for prestressed 

concrete system 

The proposed analytical model for IC debonding is a function of the slope of the tensile strain 

in the CFRP strengthening material.  In a beam loaded using three or four-point bending, the 

slope of this envelope is high near the point load.  For structures loaded under uniformly 

distributed loads, the slope of the tensile envelope is less, so the debonding resistance in these 

cases would be greater.  In the plots presented in the following sections the debonding 

resistance assuming a uniform distributed load is plotted along with the three or four-point 

bending resistance for comparison.  In each case, the resistance assuming a uniform distributed 

load is higher.  For some scenarios examined, such as a variation in the internal steel 

reinforcing ratio, large differences between the loading schemes can be observed and are 

discussed in the following sections. 
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12.2 Concrete Properties 
Shear cracks during IC debonding propagate along the FRP-to-concrete interface in the 

concrete paste layer.  Since the shear strength of the concrete is a function of the compressive 

strength, as the compressive strength of concrete increases, the IC debonding resistance will 

increase.  In both the proposed model and the model of Teng et al. 2004, this trend is 

followed.  The predicted debonding strain versus the concrete strength for the prestressed 

concrete system is shown in Figure 12.2.  For very low concrete strengths, the failure mode in 

the proposed model begins to transition between IC debonding and crushing of concrete. 
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Figure 12.2 Predicted debonding strain versus concrete strength for prestressed concrete 

system 

The predicted debonding strain versus the concrete strength for the reinforced concrete system 

is shown in Figure 12.3.  A similar relationship to the one shown in Figure 12.2 is obtained.  

The model of Teng et al. (2004) describes the behavior of reinforced concrete better than 

prestressed concrete since it was calibrated with this type of system.  For both Figures 12.2 

and 12.3, higher values of debonding resistance are obtained when the beams are loaded with a 

uniformly distributed load. 
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Figure 12.3 Predicted debonding strain versus concrete strength for reinforced concrete 

system 

12.3 FRP Properties 
The FRP axial stiffness per unit width (nEftf) was examined in the parametric study for the two 

types of concrete systems.  The strengthened systems were evaluated at FRP stiffnesses 

corresponding approximately to the range of values encountered in the IC debonding database: 

from 10 to 500 kN/mm.  This encompasses a wide range of FRP types including glass, aramid, 

and carbon of high, medium and low modulus of elasticity values.  At low values of FRP 

stiffness, the likely mode of failure is FRP rupture for long span structures.  With higher values 

of stiffness, the behavior becomes asymptotic to a minimum value of debonding strain, which is 

dependent on multiple factors.  The predicted debonding strain versus the FRP axial stiffness 

per unit width is shown in Figure 12.4 for the prestressed concrete system and in Figure 12.5 

for the reinforced concrete system.  Similar to other parameters investigated, the model of 

Teng et al. (2004) gives better predictions for the reinforced concrete system.  For the 

prestressed concrete system evaluated, the model from the literature predicts FRP rupture 

only with very low values of FRP stiffness.  It should be noted that the rupture strain shown is 



Part 2: Bond  ▐   Chapter 12: Parametric Study 

326 

for each of the FRP systems on the girders examined and may vary if FRP material with 

different moduli of elasticity are examined. 
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Figure 12.4 Predicted debonding strain versus FRP axial stiffness for prestressed concrete 

system 
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Figure 12.5 Predicted debonding strain versus FRP axial stiffness for reinforced concrete 

system 

12.4 Internal Steel Properties 
The tensile steel reinforcement ratio has a large effect on the debonding resistance due to its 

relationship with the yield strength and the ultimate strength of the section.  This relationship 

is not captured in the model of Teng et al. (2004), which is constant regardless of internal steel 

reinforcing ratio.  At low levels of internal steel reinforcing ratio, the interface shear stress due 

to applied loading is low, but the shear stress due to stress concentration is high.  This is mainly 

a result of the low value of the ratio My/Mdb.  As the internal steel reinforcement ratio is 

increased, two behaviors can occur: 1) the ratio of My/Mdb  can approach unity and the 

predicted debonding strain will reduce, or 2) the FRP approaches rupture before the ratio of 

My/Mdb approaches unity.  This is illustrated in Figure 12.6, where the predicted debonding 

strain is shown for the reinforced concrete system versus the internal steel reinforcing ratio.  In 

Figure 12.6, for the beam loaded with a uniformly distributed load, behavior [1] from above 

occurs; and for the beam loaded in four-point bending, behavior [2] occurs.  It should be noted 

that the maximum internal steel reinforcement ratio considered in the reinforced concrete 

system is 2 percent, approximately equal to the maximum limit prescribed in ACI Committee 
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318 (2005). It is possible to calculate the interface shear stress due to applied load if the 

predicted moment at debonding (Mdb) is lower than the moment at yielding of the internal steel 

by including the calculation of the cracking moment as shown in Figure 11.4.  This can be done 

using the cracking moment and the moment at yielding.  This was not done in the parametric 

study, mainly because this behavior was not observed in the IC debonding database, where the 

range of predicted My/Mdb  ratios for the mean model was between 0.64 and 0.9. 
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Figure 12.6 Predicted debonding strain versus internal steel reinforcing ratio for reinforced 

concrete system 

The two different types of behavior discussed above are also observed in the parametric study 

of the prestressed concrete system, shown in Figure 12.7.  However, since the FRP axial 

stiffness is relatively low for this system, the FRP material ruptures before significant reduction 

of the predicted debonding strain has occurred due to behavior [2] discussed above.  The ratio 

of My/Mdb predicted from the mean model for girder EB1SB was 0.66, one of the lower values 

observed in the IC debonding database.  However, since the stiffness of the prestressed 

concrete girder after yielding of the prestressing strands is greater than that of a reinforced 

concrete beam, the interface shear stress due to the applied loading does not increase as rapidly 

as in a reinforced concrete beam. 
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Figure 12.7 Predicted debonding strain versus internal steel reinforcing ratio for prestressed 

concrete system 

12.5 Level of Prestress 
By varying the effective force in the prestressing strands two main effects can be seen: 1) the 

initial compressive strain in the soffit (prior to strengthening) becomes larger, and 2) the 

sectional moment at which the prestressing strands yield becomes smaller with a higher 

effective prestress force.  The first behavior results in a beneficial effect, as the initial 

compressive strain can be added to the IC debonding strain.  The second behavior has the 

opposite effect, as the interface shear stress due to applied loading becomes larger when the 

sectional moment at yield is reduced.  For the properties of the girder examined, the second 

behavior controls the relationship and the predicted debonding strain reduces as the effective 

prestressing force is increased.  The equation of Teng et al. (2004) does not vary with changes 

in the effective prestress force, and gives conservative values of predicted IC debonding strain.  

The predicted debonding strain versus the ratio of effective prestress force to ultimate strength 

of the prestressing strands (fpe/fpu) is shown in Figure 12.8. 



Part 2: Bond  ▐   Chapter 12: Parametric Study 

330 

0

0.002

0.004

0.006

0.008

0.01

0.012

0.014

0.016

0.45 0.50 0.55 0.60 0.65 0.70 0.75 0.80

% fpu

Pr
ed

ic
te

d 
De

bo
nd

in
g 

St
ra

in
 (m

m
/m

m
)

Proposed Model 3-point bending
Proposed Model Distributed Load
Teng et al 2004

Measured 
Value

 
Figure 12.8 Predicted debonding strain versus effective prestressing force ratio for 

prestressed concrete system 
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CONCLUSIONS 

The overall structural behavior of an FRP strengthened or repaired concrete beam was studied.  

Two different loading conditions were examined: extreme loading simulated by a monotonic 

load to failure, and fatigue loading designed to simulate service loads.  The structural behavior 

of the system was evaluated under these conditions, and an analytical model was presented 

which predicts the flexural behavior of the system assuming certain failure modes.  In addition, 

the bond behavior of an FRP strengthened concrete beam was studied.  A database of 

experimental failures was constructed, and an analytical model was proposed which predicts 

the bond failure of the FRP strengthening system.  The experimental program in this research 

consisted of the testing of 30 full-scale prestressed concrete bridge girders.  Twenty-one 

girders were tested as part of a Strengthening Study, five were tested as part of a Repair Study, 

and four were tested as part of a Bond Study.  The conclusions in this section are divided 

according to the part of the dissertation which they originate. 

Part 1: Repair/Strengthening 

FRP Strengthening Experimental Program 

A series of twenty-one prestressed concrete C-Channels were tested under static and fatigue 

loading conditions to assess the performance of various FRP strengthening systems.  From the 

results the following conclusions can be drawn: 

 

1. Proper design and installation of a CFRP strengthening system can lead to the failure mode 

of crushing of concrete in the compression zone, preserving the ductile structural response 

of the unstrengthened girders. 

2. Externally bonded CFRP sheets are the most cost-effective strengthening technique and 

are the most applicable technique for the C-Channel type of girder. 

3. The most structurally efficient strengthening technique used is the near surface mounted 

(NSM) CFRP bars or strips system. 

4. The ultimate flexural capacity of prestressed concrete can be increased substantially using 

CFRP materials.  The flexural capacity of the C-Channel girders tested in this research 
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program could be increased by as much as 73 percent with the use of externally bonded 

CFRP sheets. 

5. The use of steel reinforced polymer (SRP) materials to strengthen deficient bridges is a 

structurally viable and cost effective alternative to CFRP systems. 

6. The use of transverse CFRP U-wraps delayed debonding failures in externally bonded 

CFRP systems. 

7. For externally bonded CFRP wet lay-up systems, the experimental tensile strain in the 

CFRP outperformed the manufacturer’s provided design value.   

8. The crack spacing and crack widths at ultimate can be substantially reduced using CFRP 

strengthening.  Crack widths observed during the testing of the C-Channels were reduced 

by as much as 400 percent using CFRP materials in comparison to the unstrengthened 

girder. 

9. The initial and secondary stiffness of C-Channel girders can be increased by the use of high 

modulus CFRP materials.  Using strictly a serviceability criterion, high modulus CFRP 

materials outperformed the normal modulus CFRP materials. 

10. Strengthening using CFRP materials can reduce the stress ratio in the prestressing strands 

due to their effectiveness in controlling crack widths and increasing the overall stiffness. 

11. The most fatigue critical component in a CFRP strengthened prestressed concrete bridge 

girder are the prestressing strands.  The level of the induced stress ratio in the prestressing 

strands under the effect of the increased live load, including impact factor, should be kept 

below limits specified in AASHTO Section 5.5.3.3 (2004), which for the C-Channel 

girders is 125 MPa ksi for straight and 70 MPa for harped prestressing strands. 

FRP Repair Experimental Program 

Five full-scale AASHTO Type II prestressed concrete bridge girders were tested under static 

and fatigue loading to determine the effectiveness of CFRP systems to repair impact damage.  

Based on the experimental program and analysis of the test results of the AASHTO Type II 

girder, the following conclusions can be made: 
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1. Impact-damaged AASHTO Type II bridge girders with significant loss of concrete section 

and up to 18 percent loss of prestressing can be repaired using externally bonded CFRP 

sheets to restore its original flexural capacity. 

2. The failure mode of concrete crushing can be maintained with the full scale AASHTO 

girders under examination after damage and repair with CFRP. 

3. The detailing of the CFRP repair system should be carefully considered to restrain crack 

opening in the damaged region and to prevent debonding failures. 

4. For the three girders repaired in flexure with CFRP sheets, the original ultimate load 

capacity was exceeded with the repaired section while preserving ductility. 

5. An AASHTO girder repaired in flexure with CFRP sheets can withstand over 2 million 

cycles of fatigue loading simulating service loading with very little stiffness or 

displacement degradation. 

6. A girder damaged near the support with loss of concrete section and 18 percent loss of 

prestressing can be repaired with CFRP to restore its original shear capacity. 

Flexural and Shear Modeling 

An analytical model was developed to predict the flexural response of a prestressed concrete 

beam strengthened with FRP materials.  In addition, a shear model was developed combining 

two different analysis techniques that can be used in the design of CFRP shear repair systems.  

Several conclusions can be made regarding the two models: 

 

1. The flexural response of a prestressed concrete bridge girder strengthened with CFRP can 

be reasonably predicted using the developed flexural model. 

2. The behavior of the strengthened section after cracking and after yielding of the 

prestressing is highly dependent on the applied prestressing force in the girder. 

3. The flexural model assumes perfect bond between the CFRP plating and the concrete 

substrate and cannot predict debonding.  The bond behavior was explored in Part 2 of this 

dissertation. 

4. The flexural model compares well with other analysis techniques including a cracked 

section analysis computer program and finite element simulations. 
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5. The developed shear model gives reasonable predictions of the ultimate load of the CFRP 

repaired section. 

Part 2: Bond Behavior 

Experimental Study on Bond Behavior 

Four prestressed concrete bridge girders were strengthened with CFRP and tested 

monotonically to failure to study the bond behavior.  Three of the beams failed due to 

Intermediate Crack (IC) debonding and another failed due to rupture of CFRP.  Main 

experimental variables included the type of CFRP system (precured or wet lay-up) and axial 

stiffness of CFP material. 

 

1. For long span flexural prestressed concrete members strengthened with a reasonable 

amount of CFRP, the most common failure mode is IC debonding or rupture of FRP 

material. 

2. Precured CFRP systems are more prone to IC debonding due to their large tensile strain 

capacity and high stiffness due to large fiber volume fraction. 

3. With a properly designed adhesive system, several behaviors will occur for long span 

flexurally strengthened prestressed concrete members:  

a. The IC debonding process will initiate for both precured and wet lay-up CFRP 

systems in the concrete paste layer adjacent to the strengthening system. 

b. During rapid IC crack propagation, the failure plane will shift through the 

adhesive layer and continue along the plate-adhesive interface outside of the 

heavily cracked region. 

4. Transverse CFRP U-wraps placed throughout the girder length can increase the tensile 

strain in the precured longitudinal CFRP at IC debonding failure by as much as 22 

percent.   

Model Comparison and Database Construction 

An assessment of the existing models to predict intermediate crack (IC) debonding was 

performed using a database assembled from the literature.  The models reviewed were taken 

from the literature and from national code documents.   
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1. The database of IC debonding failures assembled from the current research study and from 

the literature represents a wide range of reinforced / prestressed concrete flexural 

members strengthened with Aramid, Carbon and Glass FRP systems. 

2. All of the models which were reviewed against the database were shown to not correlate 

well with the database. 

3. The analytical model from ACI Committee 440 (2002) is not conservative for the beams 

included in the database and should not be used for design. 

4. The other analytical models from code agencies show considerable scatter in their 

predictions but overall are safe for design with the most conservative model being the 

Australian Draft Guideline (2006) and the least conservative being the Italian model 

(National Research Council of Italy 2004).   

5. From the analytical models reviewed form the literature the following conclusions can be 

drawn: 

a. Since the majority of the analytical models were derived from using boundary 

conditions, loading configurations and test results from single and double lap-shear 

experiments, many of the models analyzed were conservative in nature.   

b. The model of Leung and Tung (2001) had the best correlation with the 

experimental database, but the correlation coefficient (r2) was low: only 0.387.   

6. Use of width factors does not improve the analytical model correlation and may make the 

model more conservative or less conservative depending on the type of width factor.   

Analytical Model for IC debonding 

An analytical tool was developed which accurately predicts the intermediate crack (IC) 

debonding strain for reinforced and prestressed concrete members flexurally strengthened 

with FRP materials. 

 

1. From experimental observations and analytical modeling, it was found that the interface 

shear stress along the length of the strengthened member comes from two distinct 

sources: the applied loading and stress concentrations at the toes of flexural cracks. 
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2. From various analyses of the strengthened reinforced concrete member, it was found that 

the interface shear stress corresponding to the load increment from My to Mdb can be easily 

calculated, compares well to more complex analyses and is useful in design. 

3. Various width factors were analyzed in the construction of the analytical model and were 

found not to improve correlation against the IC debonding database. 

4. A statistical analysis of the models form the literature was performed and it was shown 

that the majority of the models are conservative.   

a. The analytical model with the lowest standard deviation is the model of Chen and 

Teng (2001). 

b. The model with the best correlation to the database is the model of Leung and 

Tung (2001) with a correlation coefficient (r2) of 0.387. 

c. The proposed model gives a r2 value of 76.3 percent and a standard deviation of 

0.181, and outperforms the models reviewed. 

5. The scope of the proposed analytical model was examined, as it relates to side-plating, 

wrapping around soffits, multiple layers of reinforcing, configuration of internal steel, and 

FRP extension to supports.  Several beams with FRP wrapping and debonding mitigation 

tested in the fist part of the research were analyzed using the model, which was found to 

be conservative in every case. 

6. A parametric study was completed which showed that the proposed analytical model 

varies with shear span-to-depth ratio, longitudinal reinforcement ratio, prestress force and 

several other variables that are not captured in the models from the literature. 

Future Work 
Although a great deal has been learned as part of this research program, there is still 

considerable work on this topic left to the researcher.  This section itemizes the direction that 

major research should be headed, and is broken down into two sections: FRP strengthening 

and bond behavior; and FRP repair. 

FRP Strengthening and Bond Behavior 

The effect of U-wrap debonding mitigation was examined only briefly in this dissertation.  

Future work should aim to characterize the effect of U-wraps at the support to mitigate plate-

end (PE) debonding, and throughout the beam to reduce the propensity for intermediate crack 



▐   Conclusions 
 

337 

(IC) debonding.  Two types of analysis could be used in the future to predict the effect of U-

wraps: 1) a shear friction approach similar to the simple model proposed by Larson et al. 

(2004) and Reed and Peterman (2004), or 2) strut and tie modeling. 

 

In the C-Channel strengthening program, the CFRP was wrapped around the soffit of the 

girder, which changed the location of interface cracking from the extreme tensile side of the 

beam in the concrete paste layer to the level of the wrapping.  Similar to the work of Seracino 

et al. (2005) for near surface mounted CFRP systems, the effect of wrapping should be further 

examined and analytical techniques identified to predict its failure. 

 

Considerable research into the durability of FRP materials has been conducted.  A recent 

report has been drafted on the durability of CFRP materials used with concrete by ACI 

Committee 440 (2006). The durability of steel reinforced polymer (SRP) materials with 

concrete needs to be explored before implementing long-term strengthening solutions. 

 

The analytical model described here was calibrated against a database of strengthened 

reinforced concrete beams loaded under three and four point bending.  Future research needs 

to confirm the postulated effect of other loading conditions on the interface shear stress, 

including distributed loads and continuous beams and strengthening in negative moment 

regions.  The effect of side plating on IC debonding strains in unclear from research by Breña et 

al. (2005).  Since this type of plating could be useful in strengthening building structures where 

obstructions block access to the tensile side of the member, more experimental and analytical 

work should be performed in this area.  In addition, the debonding mechanisms in partially 

prestressed members should be further examined, including the magnitude of interface shear 

stress.  

 

In several of the beams tested as part of this research, an innovative fiber optic sensor 

interferometer was installed within the adhesive layer of the CFRP strengthening system to 

measure tensile strains (Jiang et al. 2006).  Although only able to measure global strains over 

the length of the member, next generation fiber optic ribbons with Bragg gratings are under 

development which has the potential to give the complete envelope of tensile strains. 
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A research project is currently underway at North Carolina State University on FRP inspection 

techniques.  The ability of owners to determine the effectiveness of their FRP strengthening 

and repair system is important for full implementation.  Various inspection techniques will be 

reviewed and evaluated in the future report including the “tap test”, pull-off testers, and 

infrared thermography. 

 

The most important future research step is implementation of the strengthening and repair 

systems described in this dissertation.  Load testing and field measurement of displacements 

and strains under real loading conditions is important for widespread use.   

FRP Repair 

The AASHTO girders tested as part of this research had a composite deck only the width of the 

top flange of the prestressed girder as a result of the extraction of the girders from the 

superstructure for transport.  The large effective width of many composite bridge girders 

could change the failure modes described in this research from concrete crushing to failure of 

FRP system.  More research on composite bridge girders with a large tributary width is 

needed.  

 

Due to the effectiveness of the CFRP repair system, none of the AASHTO girders examined in 

this research failed due to rupture or debonding of the FRP system.  Higher levels of 

prestressing loss should be examined (greater than the 18 percent loss in the current research) 

and FRP repair systems should be examined without the presence of debonding mitigation to 

understand more fully the fundamental behavior. 

 

Experimental and analytical investigations should be performed in future research on the full 

response of the system after an impact event.  Field monitoring of a bridge before and after an 

impact event and following CFRP repair would be useful.  In addition, long term monitoring 

should be applied to a CFRP repair system to determine the demand placed on the system over 

time and system degradation.  The effectiveness of pre-loading an impact-damaged bridge prior 
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to concrete repair in order to induce compressive strains in the concrete also needs to be 

examined, including field validation. 
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APPENDIX A: 

RECOMMENDATIONS FOR THE INSTALLATION OF FRP SYSTEMS 
FOR CONCRETE STRUCTURES 

Proper installation of the FRP system is essential in ensuring the performance desired by the 

designer.  Correct techniques must be employed from the surface preparation to the 

application of the final protective coating, to ensure effective behavior of the FRP system.  The 

recommendations provided in this chapter are based on the sizeable experience gained by 

conducting this research, as well as state-of-the-art installation procedures and guidelines 

found in the literature (Mirmiran et al. 2004, The Concrete Society 2003).    Use of 

experienced contractors to perform the installation is essential and required for the proper 

installation of the system.  Covered in this appendix are installation procedures for the 

strengthening systems examined in this research, including externally bonded CFRP precured 

strips and wet lay-up sheets, near surface mounted CFRP systems, and externally bonded steel 

reinforced polymer (SRP) systems. 

 

Proper scheduling of any repair or strengthening operation using CFRP is essential.  Typical 

repair projects require preparation of the surface, protection of the exposed steel 

reinforcement, and restoration of the concrete section which calls for a two-part mortar to be 

properly cured.  The application of a CFRP system is also highly time dependent, including the 

use of a two-part structural epoxy with a specific pot-life.  When using proper materials and 

techniques, a CFRP installation can take less time compared to a conventional repair or 

strengthening operation, and far less time than total bridge or girder replacement. 

A.1 Shipping, Storage and Handling 
FRP materials, in particular pre-cured laminates, should be shipped in impact resistant 

containers.  All components of the FRP system must be stored properly in clearly marked 

containers in ambient temperatures 10-24° C.  The shelf life of the FRP system components 

should be specified by the manufacturer and marked on containers.  Correct handling of 

components of the FRP system is important to prevent damage or fiber misalignment.  After 

cutting of CFRP sheets, it is recommended that the sheets are rolled at a radius no tighter than 

300 mm (Mirmiran et al.2004).  This is especially important for CFRP sheets made of a high 
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modulus material.  Rolling of high modulus CFRP pre-cured laminate strips is not 

recommended.  While mixing the epoxy materials, it is important to scrape the buckets of 

each component to ensure that proper mixing ratios have been obtained.  In addition, the 

epoxy materials should be kept out of direct sunlight during their working time.   

A.2 Section Restoration 
The restoration of a damaged prestressed concrete section can be a large task involving 

formwork and shoring or simply routine patching of lost cover concrete in the region below 

the lower prestressing strand.  Before beginning restoration, all defective concrete should be 

removed in accordance with ACI Committee 546 (1996) using an appropriate jack-hammer or 

electric saw, to a depth of 13 mm beyond the repair area in order to expose sound aggregates.  

Prior to application of the concrete repair material, the condition of the regular reinforcement 

and prestressing needs to be carefully evaluated.  Discovery of corroded prestressing strands 

was found in some of the C-Channel bridges.   In the flexural design of a CFRP strengthening 

system, it might be required to reduce the area of the prestressing strands in response to 

corrosion damage.  To prevent further corrosion, application of a corrosion inhibitor is highly 

recommended.  Cementitious, epoxy-modified products such as Sika Armatec© 110 EpoCem 

acts as an anti-corrosion coating in addition to a bonding agent for repairs to concrete and 

steel.  An alternative, the two layer spray-on corrosion inhibitor Tyfo© CIS, can be used for 

restoration of the strands.  
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Figure A.1 Application of corrosion inhibitor 

Selection of the correct material to use in concrete repair is important.  The repair material 

should have a compressive strength equal to or greater than the original concrete.  Small areas 

of damage may be repaired with the same adhesive used in CFRP installation, and can be 

thickened by mixing with silica sand material.  Any concrete voids larger than 13 mm in 

diameter, should be repaired with an appropriate two-component polymer modified 

cementitious mortar.  For overhead patching work, to be used in lifts of 25 to 50 mm, the 

material Tyfo© P or SikaTop© 123 Plus is recommended.  For large areas of concrete damage, 

where some amount of formwork is needed, the material Tyfo© PF or SikaRepair© 222 can 

be used in lifts up to 102 mm. 

 

One technique recommended by Shanafelt and Horn (1980) and Klaiber et al (1999) is to 

preload the bridge span with an appropriately sized truck during the concrete repair and 

curing.  Once the truck is removed, this simple procedure can induce compressive stresses in 

the repaired concrete within the impacted region. 
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A.3 Surface Preparation 
Once the engineer has approved the concrete repair and restoration, the surface preparation of 

the section may begin.  The importance of a flat, smooth or convex surface is paramount in the 

performance of a FRP system to provide good bond characteristics and to prevent irregularities 

in the FRP from forming.   Surface grinding should be performed on the concrete surfaces on 

which the FRP system will be applied, eliminating “all irregularities, unevenness and sharp 

protrusions” (Mirmiran et al. 2004).  All surface paint, sealant or any other surface substance 

should be removed using a disk grinder.   All sharp corners should be rounded to a minimum 

radius of 13 mm (ACI 440R-02).  All surface cracks in concrete larger than 0.25 mm should be 

injected with epoxy.   

 
Figure A.2 Chamfering Corners (from 

Mirmiran et al 2004) 

The size of the groove used in NSM 

applications should be specified on the 

design specifications.  For NSM bars, the 

width and depth of the groove should be 

twice the bar diameter (Hassan 2002).  

For NSM strips, the width of the groove 

should be approximately 3 times the width 

of the strip, and the height 1.5 times the 

width of the strip (Sena Cruz and Barros 

2004).   
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Figure A.3 Cutting of NSM groove  

An electric saw with two diamond bit blades aligned to the correct width and depth should be 

used for cutting of NSM groove, as shown in Figure A.3.  After the two saw cuts are made, the 

concrete within the cuts can be removed using an electric chipper.  Groove cutting for NSM 

systems should take care not to fracture any of the surrounding concrete.  If concrete becomes 

damaged it may be repaired with structural two-part epoxy mixed with sand or an appropriate 

material. 

 

For externally bonded CFRP system, surface cleaning of the concrete substrate after surface 

grinding is important in order to remove all dust and to open the pores of the concrete to 

guarantee good adhesion between the concrete and CFRP system.  Sandblasting using Black 

Beauty© abrasive sand on all surfaces to be applied with CFRP is recommended.  For NSM 

systems, sandblasting of the interior surfaces of the groove is recommended, although cleaning 

of the inside of the groove with compressed air or similar is sufficient. 
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A.4 Near Surface Mounted CFRP Installation 
The installation of a NSM system is straightforward.  The adhesive should first be mixed in the 

appropriate ratios using an electric mixer for the specified duration in ambient temperatures 

specified by the manufacturer.  The CFRP bar or strip should be cut to the specified length, 

cleaned and placed at mid-depth of the NSM groove.   

 
Figure A.4 NSM bar in groove 

 The bar should then be lightly pressed to allow the adhesive to flow around the bar/strip cross 

section.  The groove shall then be completely filled with additional adhesive and the surface 

leveled.   

A.5 Externally Bonded Pre-cured CFRP Laminate Installation 
The installation of an externally bonded CFRP pre-cured laminate should begin by cutting the 

laminate to the specified dimensions and cleaning the CFRP surface.  The adhesive should then 

be mixed in the appropriate ratio using a suitable electric mixer for the specified duration at 

ambient temperatures specified by the manufacturer.  Using an adhesive bed, or guide is the 
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best way to apply the adhesive to the CFRP laminate surface.  The strip is placed longitudinally 

in the bed and the adhesive placed on one side of the metal plate.  When the strip is pulled 

though the bed, a thin layer of adhesive is deposited on the CFRP strip in a triangular cross-

section.   

 
Figure A.5 Adhesive bed for externally bonded CFRP laminate installation 

The thickness of adhesive to be used should be specified by the laminate manufacturer.  After 

adhesive application, the strip can be placed on the concrete substrate and pressed firmly to 

release entrapped air and change the dimension of the triangular adhesive cross section to a 

uniform thickness.  Placement of clamping or shoring systems may be necessary in overhead 

applications for the duration of curing.  After placement, the excess adhesive around the edges 

of the laminate should be wiped clean.   

A.6 Externally Bonded Wet Lay-up CFRP Installation 
All primers, putties and saturants should be mixed in the appropriate ratios with an electric 

mixer for the correct duration in ambient temperatures specified by the manufacturer.   A 

primer coat is usually applied first to the concrete surface to penetrate open pores.  Next, a 

bonding agent or putty is applied using a trowel to smooth the concrete surface and fill in small 
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voids or gaps not adequately filled in during concrete repair and surface preparation.  The 

putty is commonly made by mixing the primer/saturant with a thixotropic agent like untreated 

fumed silicon dioxide (Cabosil®).  An approximate mixing ratio to the primer/saturant is 1:1 

by volume. 

 
 Figure A.6 Application of putty for wet lay-up 

The saturation of the CFRP sheets is an integral part of the installation – impregnating the 

fibers of the sheet within an adhesive matrix.  This is best performed with a resin-impregnating 

machine to ensure uniform saturation, but can be performed by hand using the following 

procedures: 1) impregnate one side of the sheet with saturant by using a paint roller, 2) flip the 

sheet over and saturated the other side similarly, 3) roll up the saturated sheet and let stand 

until the sheet becomes slightly hot to the touch. 

  

Once the primer and putty applied to the concrete surface have become tack-free (depends on 

ambient temperatures) the saturated CFRP sheet may be installed as shown in Figure B.7.  The 

sheet is put in place by hand and rolled in the direction of the fibers using a plastic serrated 

roller.   
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Figure A.7 Installation of CFRP sheets  

Rolling in a direction perpendicular to the fibers or with excessive force may fracture the 

fibers.  Care must be taken to apply sufficient pressure to the sheets to release entrapped air 

and prevent sagging in overhead applications.  Sufficient adhesive should be used around the 

edges of the CFRP sheets when wrapping around a soffit to prevent ponding effects. 

 

Successive layers may be added by applying an additional layer of bonding agent or putty and 

installing another saturated sheet.  Designs of more than five layers of CFRP wet lay-up sheets 

should be avoided.  The manufacturer of each CFRP wet lay-up system may specify their own 

installation procedures that may differ slightly from the guidelines provided here. 

A.7 Use of Externally Bonded SRP  
Although the installation of steel reinforced polymer (SRP) material is similar to the 

installation of wet lay-up CFRP systems, there are many differences that will be discussed in 

this section.  The first item that needs to be mentioned is that the SRP material as currently 

manufactured is susceptible to rapid corrosion damage when exposed untreated to the 
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elements.  During the shipping of all spools of SRP material, it must be wrapped with plastic to 

keep out all moisture.  Storage should also occur in a dry, cool place.   

 

The cutting of SRP material is simple in the longitudinal direction (or direction of the wires).  

A razor blade knife can be used to cut the rubber-like grid that holds the wires together.  

Cutting in the transverse direction (across the fibers) requires careful selection of a specialized 

tool.  For wires with diameter up to gauge 10, a pair of electric shears may be used.  Bending 

of the SRP material should be done by the manufacturer or distributor prior to delivery to the 

site.  A straight and bent piece of steel fiber sheet is shown in Figure A.8.  Careful 

consideration of the SRP design should aim to minimize the amount of bended SRP material 

that is used.  For anchorage of an SRP longitudinal strengthening system, in lieu of U-wraps, 

two L-shaped clips should be used as shown in Figure A.9. 

 

 
Figure A.8 Steel reinforced polymer (SRP) system before (left) and after (right) installation 
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Figure A.9 SRP installation recommendations 

In the preparation for an SRP installation, the concrete surface should first be sandblasted or 

grinded to expose aggregates and open the pores of the concrete.  If SRP L-clips or other 

wrapping is being installed, the corners should not be rounded, but prepared to the angle 

specified with no chamfer.   

 

The SRP installation should be completed with epoxy systems specified by the manufacturer 

and appropriate for the purpose (overhead applications, etc.).  Similar to a wet lay-up 

installation, a primer should be applied to the concrete surface and allowed to become tacky to 

the touch (approximately 30 minutes).  A layer of the saturant is then placed on the surface 

where the SRP is to be applied.  The SRP material is then put in place at the correct 

orientation and with the correct side up.  The SRP should be pressed firmly and uniformly into 

the epoxy material.  The white rubbery grid which holds the wires together also acts as an 

indicator of epoxy thickness: when the SRP has been pressed down sufficiently, the epoxy will 

be at the level of the grid material.  An additional layer of the epoxy material should then be 

applied to completely cover the SRP surface.  Comprehensive quality control processes should 

be implemented to ensure that all wire surface are completely covered with epoxy material, as 

the wires themselves are susceptible to corrosion.  An installed SRP system is shown in Figure 

A.8. 
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Due to problems encountered in wrapping the SRP material with 1 wire per mm around the 

soffit of the concrete C-Channels strengthened in this research, it is recommended that the 

SRP be cut into multiple pieces as shown in Figure A.9.  This relieves outward pressure caused 

by the transverse stiffness of the material and prevents voids from forming between the 

concrete and SRP. 
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APPENDIX B: 

DESIGN EXAMPLES 

Two design examples are presented in the next sections which show detailed calculations using 

the analytical model for intermediate crack (IC) debonding presented in Chapter 11.  The two 

examples detail strengthening using externally bonded FRP sheets for a reinforced concrete 

beam and a prestressed concrete beam.  Several beam and strengthening system details, along 

with many of the calculations themselves, are taken from a yet-to-be published ACI 

Committee 440 document.  The design examples detail only the flexural design of the 

strengthening systems.  No serviceability checks are performed, like the calculation for stress 

ratio in the prestressing strands which is recommended in Part 1 of this dissertation.  In 

addition, FRP detailing is not covered in this example. 

B.1 Reinforced Concrete Beam 

Flexural Strengthening of an Interior Beam 

A simply supported concrete beam reinforced with three No. 9 bars (Figure B.1) is located in a 

unoccupied warehouse and is subjected to a 50% increase in its live-load carrying 

requirements. An analysis of the existing beam indicates that the beam still has sufficient shear 

strength to resist the new required shear strength and meets the deflection and crack control 

serviceability requirements. Its flexural strength, however, is inadequate to carry the increased 

live load.  Summarized in Tables B.1 and B.2 are the problem summary and the loadings and 

corresponding moments. 

 
Figure B.1 Schematic of the idealized simply supported beam with FRP external 

reinforcement 
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Table B.1 Problem Summary 

Length of the beam l 7.31 m 

Width of the beam w 305 mm 

d 546 mm 

h 610 mm 

f’c 34.5 MPa 

fy 414 MPa 

φMn (w/o FRP) 361 kN-m 

Bars Diameter = 24.8 mm 

Table B.2 Loadings and corresponding moments 

Loading / Moment Existing Loads Anticipated Loads 

Dead loads ωDL 14 N/mm 14.6 N/mm 

Live loads ωLL 17 N/mm 26.3 N/mm 

Unfactored loads  
(ωDL+ ωLL) 

32 N/mm 40.9 N/mm 

Unstrengthened load limit 
(1.2ωDL+ 0.85ωLL) 

N/A 39.9 N/mm 

Factored Loads 
(1.4ωDL+ 1.7ωLL) 

50.2 N/mm 65.1 N/mm 

Dead load moment MDL 96.2 kN-m 97.6 kN-m 

Live Load moment MLL 116.6 kN-m 176.4 kN-m 

Service load moment MS 214.2 kN-m 273.9 kN-m 

Unstrengthened moment 
limit (1.2MDL+0.85MLL) 

N/A 267.1 kN-m 

Factored moment Mu 336.3 kN-m 435.3 kN-m 

 

Flexural Strengthening with externally bonded laminates 

It is proposed to strengthen the existing reinforced concrete beam with the FRP system 

described in Table B.3. Specifically, two 305 mm wide x 7 m long plies are to be bonded to 

the soffit of the beam using the wet lay-up technique. 
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Table B.3 Manufacturer’s reported FRP system properties 

Thickness per ply tf 1.016 mm 

Ultimate tensile strength ffu
* 621 MPa 

Rupture strain εfu
* 0.017 mm/mm 

Modulus of Elasticity of FRP 
laminate Ef 

37000 MPa 

 

By inspection, the level of strengthening is reasonable in that it does meet the strengthening 

limit criteria put forth in Equation 8.1. That is, the existing moment strength, (φMn)w/o FRP = 

355 kN-m, is greater than the unstrengthened moment limit, (1.2MDL + 0.85MLL)new = 263 kN-

m. The design calculations used to verify this configuration follow. 

 

Procedure Calculation in SI metric units 

Step 1 – Calculate the FRP system 
design material properties 
The beam is located in an interior 
space and a CFRP material will be 
used.  Therefore, per Table 8.1, an 
environmental reduction factor of 
0.95 is suggested. 

*

*

fu E fu

fu E fu

f C f

Cε ε

=

=
 

( )( )
( )( )

2 20.95 620.5 N/mm 589.5 N/mm

0.95 0.017 mm/mm 0.0162 mm/mm

fu

fu

f

ε

= =

= =
 

Step 2 – Preliminary calculations 
Properties of the concrete: 
β1 from ACI 318-05, Section 
10.2.7.3 

'4700c cE f=  

Properties of the existing reinforcing 
steel: 

s
s

A
bd

ρ =  

Properties of the externally bonded 
FRP reinforcement: 

f f fA nt b=  

f
f

A
bd

ρ =  

'

1.05 0.05 0.80
6.9

cfβ = − =  

24700 34.37 N/mmcE =  

227.6 kN/mmcE =  

 

( )2 23 615.7 mm 1935.5 mmsA = =  

( )( )
21935.5 mm 0.00116

304.8 mm 546.1 mmsρ = =  

 

( )( )( ) 22 plies 1.016 mm 304.8 mm 619.35 mmfA = =  

( )( )
2619.4 mm 0.00372

304.8 mm 546.1 mmfρ = =  

Step 3 – Determine the existing 
state of strain on the soffit 
The existing state of strain is 
calculated assuming the beam is 
cracked and the only loads acting on 

( )( )
( )( )6 4 2

97632 kN-mm 0.334 546.1 mm
2451 10  mm 28 kN/mm

0.00061

bi

bi

ε

ε

−
=

⋅

=
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the beam at the time of FRP 
installation are dead loads.  A 
cracked section analysis of the 
existing beam gives k=0.334 and 
Icr= 2451x106 mm4. 
 

( )DL
bi

cr c

M h kd
I E

ε
−

=  

Step 5 – Estimate cy, the depth to 
the neutral axis at yielding of 
existing internal reinforcement 
A reasonable estimate of cy is 0.50d.  
The value of cy is adjusted after 
checking equilibrium. 
 

0.50yc d=  

( )( )0.50 546.1 mm 273.1 mmyc = =  

Step 6 - Determine the level of 
strain in the existing steel 
reinforcing at yielding. 
The strain in the internal 
reinforcement can be calculated 
from: 

y
y

y

f
E

ε =  

414 MPa 0.00207 mm/mm
200000 MPayε = =  

Step 7 – Determine the level of 
strain in the FRP reinforcement, 
εfey, at yielding. 
By using this equation an 
assumption is made that the steel 
will yield before FRP failure or 
concrete crushing. 
 

( ) ( )
( )

y

fey y bi

y

h c

d c
ε ε ε

−
= −

−
 

( ) ( )
( )
610 273.1

0.00207 0.00061
546 273.1feyε

−
= −

−
 

 
0.00179 mm/mmfeyε =  

Step 8 - Calculate the stress level 
in the reinforcing steel and FRP at 
yielding. 
For the reinforcing steel: 
 

s yf f=  

 
For the FRP material: 
 

fey f feyf E ε=  

414 MPasf =  

 
 

( )( )37000 MPa 0.00179 mm/mm 66.2 MPafeyf = =  

 

Step 9 - Calculate the equivalent 
concrete compressive stress block 
parameters γ and β1.   
The strain in the concrete at yielding 

( ) 273.10.00179 0.00061 0.00094
610 273.1cyε = − =

−
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can be calculated from strain 
compatibility as follows: 
 

( ) y
cy fey bi

y

c
h c

ε ε ε= −
−

 

 
Approximate stress block 
parameters may be calculated from 
the parabolic stress-strain 
relationship of concrete and 
expressed as: 
 

'

1 '

4
6 2

c c

c c

ε ε
β

ε ε
−

=
−

 

 
' 2

' 2
1

3
3
c c c

c

ε ε ε
γ

β ε
−

=  

Where εc
’  is the strain corresponding 

to f’c assumed equal to 0.002 
 

 

( )
( ) ( )
4 0.002 0.00094

0.70
6 0.002 2 0.00094

β
−

= =
−

 

 
 

( ) ( ) ( )
( ) ( )

2

2

3 0.00094 0.002 0.00094
0.57

3 0.70 0.002
γ

−
= =  

Step 10 – Calculate the internal 
force resultants and check 
equilibrium.   
Force equilibrium is verified by 
checking the initial estimate of cy 
with the following equation: 
 

'
1

s y f fey
y

c

A f A f
c

f bγβ
+

=  

( ) ( ) ( ) ( )
( )( )( ) ( )

1935.5 414 619.35 66.2
0.57 0.70 34.5 305yc

+
=  

 
200.4 mm 273.1 mm   N.G.yc = ≠  

 
Revise estimate of cy and repeat Steps 6 through 9 until 

equilibrium is achieved. 

Step 11 – Adjust cy until force 
equilibrium is satisfied.   
Steps 6 through 9 were repeated 
with several different values of cy 
until equilibrium is satisfied. 
 

1

243.1 mm  
0.00179 mm/mm
64.8 MPa  

0.00075 mm/mm
0.69  0.474

y

fey

fey

c

c

f
ε

ε
β γ

=

=

=

=
= =

 

 

( ) ( ) ( ) ( )
( )( )( ) ( )

1935.5 414 619.35 68.2
0.474 0.69 34.5 305yc

+
=  

 
243.1 mm  yc =  

 
The value of cy selected is correct for final iteration. 

Step 12 – Calculate the sectional 
moment at yielding of internal 
reinforcement.   
The moment at yielding of the 
internal steel reinforcement is 
calculated from: 
 

( )( ) ( )( )

( )( ) ( )( )

2

2

0.71 312.5
1935.5 mm 414 MPa 546

2

0.71 312.5
619.35 mm 68.2 MPa 610

2

yM
⎛ ⎞

= − +⎜ ⎟⎜ ⎟
⎝ ⎠

⎛ ⎞
−⎜ ⎟⎜ ⎟

⎝ ⎠
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1

1

2

2

y
y s y

y
f fey f

c
M A f d

c
A f d

β

β

⎛ ⎞
= − +⎜ ⎟

⎝ ⎠
⎛ ⎞

−⎜ ⎟
⎝ ⎠

 

 

389800000 N-mm 389.8 kN-myM = =  

Step 13 – Estimate εdb, the applied 
strain level in the FRP at failure. 
A reasonable initial estimate for εdb is 
0.6εfu. 
 

0.6db fuε ε=  

( )0.6 0.0170 mm/mm 0.0102 mm/mmdbε = =  

Step 14 – Estimate c, the depth to 
the neutral axis at failure 
A reasonable initial estimate of c is 
0.20d.  The value of c is adjusted 
after checking equilibrium. 
 

0.20c d=  
 

( )0.20 546 109.2 mmc = =  

Step 15 – Determine the effective 
level of strain in the FRP and steel 
reinforcement 
The effective strain level in the FRP 
may be found from Equation 9-3. 
 

0.003 f
fe bi db

d c
c

ε ε ε
−⎛ ⎞

= − ≤⎜ ⎟
⎝ ⎠

 

If the right hand side of this equation 
controls then concrete crushing is 
the failure mode, else the failure is in 
the FRP material. 
 
From Step 6 above, the existing 
internal steel reinforcement is 
yielding. 
 

s yε ε=  

 

610 109.20.003 0.00061 0.0131 mm/mm
109.2feε −⎛ ⎞= − =⎜ ⎟

⎝ ⎠
 

 
0.0131 mm/mm 0.0102feε = ≤/  

 
0.00959 mm/mmfe db biε ε ε= − =  

 
So the failure will be in the FRP material 

 
 
 

0.00207 mm/mms yε ε= =  

Step 16 – Calculate the stress level 
in the reinforcing steel and FRP 
The stresses are calculated from 
Equations 9-9 and 9-4. 
 

s s s yf E fε= ≤  

 

fe f fef E ε=  

414 MPas yf f= =  

 

( )( )37000 MPa 0.00959 mm/mm 354.8 MPaff ==  

Step 17 – Calculate the equivalent 
concrete compressive stress block ( ) 109.20.00959 0.00209

610 109.2cyε = =
−

 



▐   Appendix B. Bond Design Example 

370 

parameters γ and β1.   
The strain in the concrete at FRP 
failure can be calculated from strain 
compatibility as follows: 
 

cy fe

c
h c

ε ε=
−

 

 
Approximate stress block 
parameters may be calculated from 
equations given in Step 9. 
 

 
 
 

( )
( ) ( )
4 0.002 0.00209

0.76
6 0.002 2 0.00209

β
−

= =
−

 

 
 

( )( ) ( )
( )( )

2

2

3 0.00209 0.002 0.00209
0.896

3 0.76 0.002
γ

−
= =  

Step 18 – Calculate the internal 
force resultants and check 
equilibrium 
Force equilibrium is verified by 
checking the initial estimate of c with 
Equation 9-10. 
 

'
1

s y f f

c

A f A f
c

f bγβ
+

=  

 

( )( ) ( )( )
( )( )( )( )

1935.5 414 619.35 354.8
0.896 0.76 34.5 305

c
+

=  

 
141.9 109.2   N.G.c = ≠  

 
Revise estimate of c and repeat Steps 14 through 18 until 

equilibrium is achieved. 

Step 19 – Adjust c until force 
equilibrium is satisfied.   
Steps 14 through 19 were repeated 
with several different values of c until 
equilibrium is satisfied. 
 

1

131.0 mm  
0.01021 mm/mm
354.7 MPa  

0.00262 mm/mm
0.80  0.927

fe

fe

c

c

f
ε

ε
β γ

=
=

=

=
= =

 

 

( )( ) ( )( )
( )( )( )( )

1935.5 414 619.35 354.7
0.927 0.80 34.5 305

c
+

=  

 
131.0 mm  c =  

 
The value of c selected is correct for final iteration. 

Step 20 – Calculate flexural 
strength of section, Mn.   
The flexural strength can be 
calculated using Equation 9-11.  The 
reduction factor φ will be applied 
later. 

( )( ) ( )( )

( )( ) ( )( )

2

2

0.76 312.5
1935.5 mm 414 MPa 546

2

0.76 312.5
619.35 mm 354.7 MPa 610

2

nM
⎛ ⎞

= − +⎜ ⎟⎜ ⎟
⎝ ⎠

⎛ ⎞
−⎜ ⎟⎜ ⎟

⎝ ⎠
516400000 N-mm 516.4 kN-mnM = =  

Step 21 – Determine the interface 
shear stress. 
The interface shear stress due to the 
applied loading (τwmax) is related to 
the tensile strains in the CFRP at 
yielding and at failure. 
 

( )
( )

( ) ( )

2

2

2

47.13
8 7.13

4
16 389.8

7.13 7.13

516.4
516.4

516.4 516.4

yx = − − +

−

⎛
⎜
⎝

⎞⎛ ⎞ ⎛ ⎞ ⎟⎜ ⎟ ⎜ ⎟ ⎟⎝ ⎠ ⎝ ⎠ ⎠
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max
db fey

w f f
y

nE t
s x

ε ε
τ

−
=

−
 

 
where xy is the distance from the 
support to the section in which the 
internal steel first yields and is equal 
to: 
 

2

2

2

4
8

4
16

y
n

n

n n
y

x
ML

M L

M M
M

L L

= − − +

−

⎛
⎜
⎝

⎞⎛ ⎞ ⎛ ⎞ ⎟⎜ ⎟ ⎜ ⎟ ⎟⎝ ⎠ ⎝ ⎠ ⎠

 

 
The interface shear stress due to 
stress concentration (τscmax) can be 
found by: 
 

'
max 3 1.1 y

sc c
n

M
f

M
τ

⎛ ⎞
= −⎜ ⎟

⎝ ⎠
 

 
The total interface shear stress is 
then equal to: 
 

'
max max 1.134i w sc cfτ τ τ= + ≤  

 

1847 mmyx =  

 
 
 
 
 
 
 
 
 

( )( )( )max

0.0102 0.001792 plies 37000 1.016
7130 18472

wτ −
=

−

max 0.35 MPawτ =  

 
 
 

max

389.8 kN-m3 1.1 34.5 MPa
516.4 kN-mscτ ⎛ ⎞= −⎜ ⎟

⎝ ⎠
 

max 6.11 MPascτ =  

 
 
 

0.35 6.11 6.46 MPaiτ = + =  

6.46 1.134 34.5 6.66 MPa   N.G.< =  
 

Revise estimate of εdb and repeat Steps 14 through 21 the 
specified value of interface shear stress is achieved. 

Step 22 – Revise the estimate of 
debonding strain εdb in Step 13, 
and Repeat Steps 14 through 21. 
Steps 14 through 21 were repeated 
with several different values of εdb 
until equilibrium was satisfied. 
 

n

wmax

scmax

0.0109 mm/mm
354.7 MPa

M 524.6 kN-m
0.37 MPa
6.29 MPa

db

fef
ε

τ
τ

=
=

=
=
=

 

 
 

0.37 6.29 6.66 MPaiτ = + =  

6.66 6.66   okay=  

 
The value of εdb for the final iteration is correct. 

Step 23 – Check for rupture of FRP 
FRP failure will occur.  Whether the 
failure is due to rupture or debonding 
can be determined from: 
 

( )( ) ( )
6.290.0109 0.114

2 plies 37000 MPa 1.016 mm
+ =  

0.0135 mm/mm<0.0162 mm/mm  
 

The failure mode is intermediate crack debonding of FRP. 
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max0.114 sc
db u

f fnE t
τ

ε ε+ ≤  

 
Step 24 – Calculate the design 
flexural strength of the section 
The flexural strength of the section at 
failure calculated above is multiplied 
by a reduction factor.  Because 
εs>> εy, a strength reduction factor 
of φ=0.90 is appropriate, per 
Equation 9-5. 
 

( )0.90n nM Mφ =  

 

( )( )0.90 516.4 kN-m 464.8 kN-mnMφ = =  

464.8 435.3 kN-m   okay>  

 
The strengthened section is capable of sustaining the new 

required moment strength 

 

B.2 Prestressed Concrete Bridge Girder 

Flexural Strengthening of a Prestressed Beam with FRP Laminates 

A number of simply supported prestressed concrete beams with φ=12.7 mm bonded tendons 

(Figure B.2) are located in a parking garage that is being converted to an office space. All 

prestressing tendons are fpu=1860 MPa low-relaxation 7-wire tendons.  The beams require an 

increase in their live-load carrying capacity from 11.7 N/mm to 18.7 N/mm. Analysis of the 

five existing beams indicates that, for the new loads, beams have adequate shear capacity but 

are deficient in flexure at mid-span. The beam meets the deflection and crack control 

serviceability requirements. The cast-in-place beams support a 102 mm slab. For bending at 

midspan, the beams should be treated as a T-section. Summarized in Table B.4 are the existing 

and new loads and associated midspan moments for the beam.  

 
Figure B.2 Schematic of the idealized prestressed beam with FRP laminates 
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Table B.4 Problem Summary 

Length of the beam l 8.84 m  

Width of the beam w 610 mm 

dp 571 

h 635 mm 

Effective flange width, bf 2210 mm 

Flange thickness, hf 102 mm 

f’c 41.4 MPa 

Tendons φ=12.7 mm 

fpe 1138 MPa 

fpy 1586 MPa 

fpu 1860 MPa 

Ep 1.96 x 105 MPa 

em, es 64 mm2 

φMn (w/o FRP) 546 kN-m 

Table B.5 Loadings and corresponding moments 

Loading / Moment Existing Loads Anticipated Loads 

Dead loads ωDL 20.2 N/mm 23.8 N/mm 

Live loads ωLL 11.7 N/mm 18.7 N/mm 

Unfactored loads  
(ωDL+ ωLL) 

31.9 N/mm 42.5 N/mm 

Unstrengthened load limit 
(1.2ωDL+ 0.85ωLL) 

N/A 44.4 N/mm 

Factored Loads 
(1.4ωDL+ 1.7ωLL) 

48.1 N/mm 65.0 N/mm 

Dead load moment MDL 199 kN-m 232 kN-m 

Live Load moment MLL 115 kN-m 183 kN-m 

Service load moment MS 315 kN-m 414 kN-m 

Unstrengthened moment 
limit (1.2MDL+0.85MLL) 

N/A 432 kN-m 

Factored moment Mu 475 kN-m 634.5 kN-m 

 

It is proposed to strengthen the existing reinforced concrete beam with the FRP system 

described in Table B.6. Specifically, four 51 mm wide x 8534 mm long pre-cured FRP plates 

are to be bonded to the soffit of the beam. 
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Table B.6 Manufacturer’s reported FRP system properties 

Thickness per ply tf 1.2 mm 

Ultimate tensile strength ffu
* 2800 MPa 

Rupture strain εfu
* 0.017 mm/mm 

Modulus of Elasticity of FRP 
laminate Ef 

160000 MPa 

 

By inspection, the level of strengthening is reasonable in that it does meet the strengthening 

limit criteria put forth in Equation 8.1. That is, the existing moment strength, (φMn)w/o FRP = 

546 kN-m, is greater than the unstrengthened moment limit, (1.2MDL + 0.85MLL)new = 432 kN-

m. The design calculations used to verify the configuration follow. 

 

Procedure Calculation in SI metric units 

Step 1 – Calculate the FRP system 
design material properties 
The beam is located in an interior 
space and a CFRP material will be 
used.  Therefore, per Table 8.1, an 
environmental reduction factor of 
0.95 is suggested. 

*

*

fu E fu

fu E fu

f C f

Cε ε

=

=
 

( )( )
( )( )

2 20.95 2800 N/mm 2660 N/mm

0.95 0.017 mm/mm 0.0162 mm/mm

fu

fu

f

ε

= =

= =
 

Step 2 – Preliminary calculations 
Properties of the concrete: 
β1 from ACI 318-05, Section 
10.2.7.3 

'4700c cE f=  

Properties of the existing 
prestressing steel: 

ps
s

p

A

bd
ρ =  

Properties of the externally bonded 
FRP reinforcement: 

f f fA nt b=  

 
Cross sectional area: 

( )c e f w fA b h b h h= + −  

 
Distance from the top fiber to the 
section centroid: 

41.41.05 0.05 0.75
6.9

β = − =  

24700 41.4 N/mmcE =  

230.2 kN/mmcE =  

 
 

( )2 26 99 mm 594 mmpsA = =  

( ) ( )
2594 mm 0.00047

2210 mm 572 mmpρ = =  

 
 

( )( )( )( ) 21 layer 4 strips 1.2 mm 51 mm 245 mmfA = =  

 
 

( )( ) ( )
( ) 5 2

2210 mm 102 mm 610 mm

612 mm 102 5.5 10  mm
cA

mm

= +

− = ×
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( )

( )

21
2

2

f
t f w f

c

f
f

hy b b h h
A

h h
h

⎡
= + −⎢

⎣
⎤⎛ ⎞−
⎥+⎜ ⎟⎜ ⎟⎥⎝ ⎠⎦

 

 
Gross moment of inertia: 

( ) ( )

23

3

2

12 2

12

2

f f f
g f f t

w f

w f

f
t

b h h
I b h y

b h h
b h h

h h
y

⎛ ⎞
= + − +⎜ ⎟

⎝ ⎠

−
+ −

−⎛ ⎞
−⎜ ⎟

⎝ ⎠

 

 
Radius of gyration: 

g

c

I
r

A
=  

 
Effective prestressing strain: 

pe
pe

p

f
E

ε =  

 
Effective prestressing force: 

e ps peP A f=  

 
Eccentricity of prestressing force: 

p te d y= −  

 

 

( )2

5

1 1022210 610 533 36825.5 10ty = × + × ×
×

 

238 mmty =  

 
 

( )
3 3

22210 102 610 5332210 102 238 51
12 12gI × ×

= = × − +  

( )2 10 4610 533 238 368 2.13 10  mm+ × − = ×  

 
 
 
 
 
 
 

10

5

2.13 10 197 mm
5.5 10

r ×
= =

×
 

 
 

5

1138 0.00579
1.96 10peε = =

×
 

 
 

594 1138 676.0 kNeP = × =  

 
 

571 238 333 mme = − =  
 

Step 3 – Determine the existing 
state of strain on the soffit 
The existing state of strain is 
calculated assuming the beam is 
uncracked and the only loads acting 
on the beam at the time of FRP 
installation are dead loads.   
 
Distance from the top fiber to the 
section centroid: 

b ty h y= −  

 
Initial strain in the beam soffit: 

2
1e b DL b

bi
c c c g

P ey M y
E A r E I

ε ⎛ ⎞= − +⎜ ⎟
⎝ ⎠

 

635 238 397 mmby = − =  

 
 
 
 
 

5 2

6
5

10

676972 333 3971
30200 5.5 10 197

232 10 397 4 10
30200 2.13 10

biε

−

×⎛ ⎞= − +⎜ ⎟× × ⎝ ⎠
× ×

+ = − ×
× ×
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Step 5 – Estimate cy, the depth to 
the neutral axis at yielding of 
existing internal reinforcement 
A reasonable estimate of cy is 0.15d.  
The value of cy is adjusted after 
checking equilibrium. 
 

0.15y pc d=  

( )( )0.15 571 mm 85.7 mmyc = =  

Step 6 - Determine the level of 
strain in the existing prestressing 
steel at yielding. 
The strain in the prestressing can be 
calculated from: 

py
py

p

f
E

ε =  

1586 MPa 0.00809 mm/mm
196000 MPapyε = =  

Step 7 – Determine the level of 
strain in the FRP reinforcement, 
εfey, at yielding. 
By using this equation an 
assumption is made that the steel 
will yield before FRP failure or 
concrete crushing. 
 

( ) ( )
( )

y

fey py pe bi

y

h c

d c
ε ε ε ε

−
= − −

−
 

( ) ( )
( )
635 85.7

0.00809 0.00579 0.00004
571 85.7feyε

−
= − +

−
 

 
0.00265 mm/mmfeyε =  

Step 8 - Calculate the stress level 
in the reinforcing steel and FRP at 
yielding. 
For the reinforcing steel: 
 

s yf f=  

 
For the FRP material: 
 

fey f feyf E ε=  

1860 MPasf =  

 
 

( )( )160000 MPa 0.00265 mm/mm 424 MPafeyf = =  

 

Step 9 - Calculate the equivalent 
concrete compressive stress block 
parameters γ and β1.   
The strain in the concrete at yielding 
can be calculated from strain 
compatibility as follows: 
 

( ) y
cy fey bi

y

c
h c

ε ε ε= −
−

 

 
Approximate stress block 
parameters may be calculated from 
the parabolic stress-strain 

( ) 85.70.00265 0.00004 0.000476
635 85.7cyε = + =

−
 

 
 
 

( )
( ) ( )
4 0.002 0.000476

0.68
6 0.002 2 0.000476

β
−

= =
−

 

 
 

( )( ) ( )
( )( )

2

2

3 0.000476 0.002 0.000476
0.28

3 0.70 0.002
γ

−
= =  
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relationship of concrete and 
expressed as: 
 

'

1 '

4
6 2

c c

c c

ε ε
β

ε ε
−

=
−

 

 
' 2

' 2
1

3
3
c c c

c

ε ε ε
γ

β ε
−

=  

Where εc
’  is the strain corresponding 

to f’c assumed equal to 0.002 
 
Step 10 – Calculate the internal 
force resultants and check 
equilibrium.   
Force equilibrium is verified by 
checking the initial estimate of cy 
with the following equation: 
 

'
1

ps py f fey
y

c

A f A f
c

f bγβ
+

=  

( ) ( ) ( )( )
( ) ( ) ( )( )
594 1586 245 424
0.68 0.28 41.4 2210yc

+
=  

 
60.0 mm 85.7 mm   N.G.yc = ≠  

 
Revise estimate of cy and repeat Steps 6 through 9 until 

equilibrium is achieved. 

Step 11 – Adjust cy until force 
equilibrium is satisfied.   
Steps 6 through 9 were repeated 
with several different values of cy 
until equilibrium is satisfied. 
 

1

73.2 mm  
0.00261 mm/mm
430 MPa  

0.00034 mm/mm
0.68  0.24

y

fey

fey

c

c

f
ε

ε
β γ

=

=

=

=

= =

 

 

( )( ) ( )( )
( ) ( )( ) ( )
594 1586 245 430
0.68 0.24 41.4 2210yc

+
=  

 
73.2 mm  yc =  

 
The value of cy selected is correct for final iteration. 

Step 12 – Calculate the sectional 
moment at yielding of internal 
reinforcement.   
The moment at yielding of the 
internal steel reinforcement is 
calculated from: 
 

1

1

2

2

y
y ps py p

y
f fey f

c
M A f d

c
A f d

β

β

⎛ ⎞
= − +⎜ ⎟

⎝ ⎠
⎛ ⎞

−⎜ ⎟
⎝ ⎠

 

 

( )( ) ( )( )

( )( ) ( )( )

2

2

0.68 84.3
594 mm 1586 MPa 571

2

0.68 84.3
245 mm 430 MPa 635

2

yM
⎛ ⎞

= − +⎜ ⎟⎜ ⎟
⎝ ⎠

⎛ ⎞
−⎜ ⎟⎜ ⎟

⎝ ⎠
582200000 N-mm 582.2 kN-myM = =  

Step 13 – Estimate εdb, the applied 
strain level in the FRP at failure. 
A reasonable initial estimate for εdb is 

( )0.6 0.0170 mm/mm 0.0102 mm/mmdbε = =  
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0.6εfu. 
 

0.6db fuε ε=  

Step 14 – Estimate c, the depth to 
the neutral axis at failure 
A reasonable initial estimate of c is 
0.10d.  The value of c is adjusted 
after checking equilibrium. 
 

0.10c d=  
 

( )0.10 635 63.5 mmc = =  

Step 15 – Determine the effective 
level of strain in the FRP  
The effective strain level in the FRP 
may be found from Equation 9-3. 
 

0.003 f
fe bi db

d c
c

ε ε ε
−⎛ ⎞

= − ≤⎜ ⎟
⎝ ⎠

 

If the right hand side of this equation 
controls then concrete crushing is 
the failure mode, else the failure is in 
the FRP material. 
 

635 63.50.003 0.00005 0.02695 mm/mm
63.5feε −⎛ ⎞= + =⎜ ⎟

⎝ ⎠
 

 
0.02695 mm/mm 0.0102feε = ≤/  

So the failure will be in the FRP material 
 
 

fe db biε ε ε= −  

 
0.0102 0.00005 0.01025 mm/mmfeε = + =  

 
Step 16 – Calculate the strain level 
in the existing prestressing steel 
The strain in the prestressing steel 
can be calculated using the following 
equations: 
 

( ) p
pnet fe

f

d c
d c

ε ε
⎛ ⎞−

= ⎜ ⎟⎜ ⎟−⎝ ⎠
 

 
2

2
1e

ps pe pnet
c c

P e
A E r

ε ε ε⎛ ⎞
= + + +⎜ ⎟

⎝ ⎠
 

0.035psε ≤  

 
 

( ) 571 63.50.01025 0.00910 mm/mm
635 63.5pnetε −⎛ ⎞= =⎜ ⎟−⎝ ⎠

 

 
 

( )( )
2

25

676 3330.00579 1 0.00910
1975.5 10 30200psε ⎛ ⎞

= + + +⎜ ⎟× ⎝ ⎠
 

0.0149 mm/mm 0.035  okaypsε = ≤  

Step 17 – Calculate the stress level 
in the reinforcing steel and FRP 
The stresses are calculated from the 
following equations: 
 

5
ps

0.004
0.007 ps

1.96 10     for 0.0086
1860    for 0.0086

ps

ps

ps

f

ε

ε ε

ε−

=

⎧ × ≤⎪
⎨

− ≤⎪⎩
 
 

0.2761860 1837 MPa
0.0149 0.007psf = − =

−
 

 

( )( )160000 MPa 0.01025 mm/mm 1632 MPaff ==  
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fe f fef E ε=  

Step 18 – Calculate the equivalent 
concrete compressive stress block 
parameters γ and β1.   
The strain in the concrete at FRP 
failure can be calculated from strain 
compatibility as follows: 
 

c fe

c
h c

ε ε=
−

 

 
Approximate stress block 
parameters may be calculated from 
equations given in Step 9. 
 

( ) 63.50.01025 0.00114
635 63.5cε = =

−
 

 
 
 

( )
( ) ( )
4 0.002 0.00114

0.71
6 0.002 2 0.00114

β
−

= =
−

 

 
 

( ) ( ) ( )
( ) ( )

2

2

3 0.00114 0.002 0.00114
0.66

3 0.76 0.002
γ

−
= =  

Step 19 – Calculate the internal 
force resultants and check 
equilibrium 
Force equilibrium is verified by 
checking the initial estimate of c with 
Equation 9-10. 
 

'
1

ps ps f fe

c

A f A f
c

f bγβ
+

=  

 

( )( ) ( )( )
( )( )( )( )
594 1837 245 1632
0.71 0.66 41.4 2210

c
+

=  

 
34.8 63.5   N.G.c = ≠  

 
Revise estimate of c and repeat Steps 14 through 18 until 

equilibrium is achieved. 

Step 20 – Adjust c until force 
equilibrium is satisfied.   
Steps 14 through 19 were repeated 
with several different values of c until 
equilibrium is satisfied. 
 

1

46.1 mm  
0.01025 mm/mm
1828 MPa
1632 MPa  
0.00081 mm/mm
0.69  0.51

fe

ps

fe

c

c

f
f

ε

ε
β γ

=
=

=

=

=
= =

 

 

( )( ) ( )( )
( )( )( )( )
594 1828 245 1632
0.69 0.51 41.4 2210

c
+

=  

 
46.1 mm  c =  

 
The value of c selected is correct for final iteration. 

Step 21 – Calculate flexural 
strength of section, Mn.   
The flexural strength can be 
calculated using Equation 9-11.  The 
reduction factor φ will be applied 
later. 

( )( ) ( )( )

( )( ) ( )( )

2

2

0.69 46.1
594 mm 1828 MPa 571

2

0.69 46.1
245 mm 1632 MPa 635

2

nM
⎛ ⎞

= − +⎜ ⎟⎜ ⎟
⎝ ⎠

⎛ ⎞
−⎜ ⎟⎜ ⎟

⎝ ⎠
850300000 N-mm 850.3 kN-mnM = =  
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Step 22 – Determine the interface 
shear stress. 
The interface shear stress due to the 
applied loading (τwmax) is related to 
the tensile strains in the CFRP at 
yielding and at failure. 
 

max
db fey

w f f
y

nE t
s x

ε ε
τ

−
=

−
 

 
where xy is the distance from the 
support to the section in which the 
internal steel first yields and is equal 
to: 
 

2

2

2

4
8

4
16

y
n

n

n n
y

x
ML

M L

M M
M

L L

= − − +

−

⎛
⎜
⎝

⎞⎛ ⎞ ⎛ ⎞ ⎟⎜ ⎟ ⎜ ⎟ ⎟⎝ ⎠ ⎝ ⎠ ⎠

 

 
The interface shear stress due to 
stress concentration (τscmax) can be 
found by: 
 

'
max 3 1.1 y

sc c
n

M
f

M
τ

⎛ ⎞
= −⎜ ⎟

⎝ ⎠
 

 
The total interface shear stress is 
then equal to: 
 

'
max max 1.134i w sc cfτ τ τ= + ≤  

 

( )

( )

2

2

2

48.84
8 850.3 8.84

4 850.3
16 533.3

8.84 8.84

850.3

850.3

yx = − − +
×

−

⎛
⎜
⎝

⎞⎛ ⎞ ⎛ ⎞ ⎟⎜ ⎟ ⎜ ⎟ ⎟⎝ ⎠⎝ ⎠ ⎠

 

1908 mmyx =  

 
 
 
 
 
 
 
 
 

( )( )( )max

0.01025 0.002621 ply 160000 1.2
8840 19082

wτ −
=

−

max 0.583 MPawτ =  

 
 
 

max

533.3 kN-m3 1.1 41.4 MPa
850.3 kN-mscτ ⎛ ⎞= −⎜ ⎟

⎝ ⎠
 

max 9.12 MPascτ =  

 
 
 

0.583 9.12 9.70 MPaiτ = + =  

5.29 1.134 41.4 7.30 MPa   N.G.< =  
 

Revise estimate of εdb and repeat Steps 14 through 21 the 
specified value of interface shear stress is achieved. 

Step 23 – Revise the estimate of 
debonding strain εdb in Step 13, 
and Repeat Steps 14 through 22. 
Steps 14 through 22 were repeated 
with several different values of εdb 
until equilibrium was satisfied. 
 

n

wmax

scmax

0.00717 mm/mm
1181 MPa

M 770.4 kN-m
0.407 MPa
6.86 MPa

db

fef
ε

τ
τ

=
=

=
=
=

 

0.407 6.86 7.30 MPaiτ = + =  

7.30 7.30   okay=  

 
The value of εdb for the final iteration is correct. 
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Step 24 – Check for rupture of FRP 
FRP failure will occur.  Whether the 
failure is due to rupture or debonding 
can be determined from: 
 

max0.114 sc
db u

f fnE t
τ

ε ε+ ≤  

 

( )( )( )
6.860.00717 0.114

1 ply 160000 MPa 1.2 mm
+ =  

0.0090 mm/mm<0.0162 mm/mm  
 

The failure mode is intermediate crack debonding of FRP. 

Step 25 – Calculate the design 
flexural strength of the section 
The flexural strength of the section at 
failure calculated above is multiplied 
by a reduction factor.  Because 
εs>> εy, a strength reduction factor 
of φ=0.90 is appropriate, per 
Equation 9-5. 
 

( )0.90n nM Mφ =  

 

( )( )0.90 770.4 kN-m 693.4 kN-mnMφ = =  

693.4 634.5 kN-m   okay>  

 
The strengthened section is capable of sustaining the new 

required moment strength 
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APPENDIX C: 

IC DEBONDING DATABASE 

A database was constructed of the intermediate crack (IC) debonding failures from the 

literature, as described in Chapter 10.  The database is included here.   
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height width ds test shear concrete bar number reinforcing yield
span span strength size ratio strength

Reference specimen h b ds L a a/h fc' p fy
No mm mm mm mm mm MPa mm MPa

1 Aidoo et al. 2006 CS 825 343 683.6 8840 4420 5.36 45 varies varies 0.0262 364
2 Brena et al. 2003 B1 356 203 320.4 2690 1065 2.99 37.2 16 2 0.0056 440
3 Brena et al. 2003 C1 406 203 365.4 3000 1220 3.00 35.1 16 2 0.0049 440
4 Brena et al. 2003 C2 406 203 365.4 3000 1220 3.00 35.1 16 2 0.0049 440
5 Brena et al. 2003 D2 406 203 365.4 3000 1220 3.00 37.2 16 2 0.0049 440
6 Dias et al 2004 V2 180 120 162 1800 750 4.17 41 8 2 0.0047 533
7 Dias et al 2004 V4 180 120 162 1800 750 4.17 41 8 2 0.0047 533
8 Fang 2002 B1 200 150 180 1500 550 2.75 24.96 8 3 0.0050 288
9 Fang 2002 B2 200 150 180 1500 550 2.75 24.96 8 3 0.0050 288

10 Fang 2002 B3 200 150 180 1500 550 2.75 24.96 8 3 0.0050 288
11 Grace et al. 2002 C-3 254 152 216 2440 839 3.30 55.2 16 2 0.0104 415
12 Grace et al. 2002 C-1 254 152 216 2440 839 3.30 55.2 16 2 0.0104 415
13 Kaminska and Kotynia 2000 BF-04/0.5S 300 150 260 3000 1500 5.00 33 10 2 0.0035 449
14 Kaminska and Kotynia 2000 BF-06/S 300 150 260 3000 1500 5.00 32.5 12 2 0.0050 490
15 Kaminska and Kotynia 2000 B-08/S 300 150 260 3000 800 2.67 33.8 12 3 0.0075 CFRP
16 Kaminska and Kotynia 2000 BO-08/S 300 150 260 3000 800 2.67 36.5 12 3 0.0075 CFRP
17 Khomwan et al 2004 B3 700 350 615 6000 2500 3.57 37 20 4 557
18 Kotynia and Kaminska 2003 B-083m 300 150 260 4200 1400 4.67 34.4 12 2 0.0050 436
19 Kotynia and Kaminska 2003 B-08S 300 150 260 4200 1400 4.67 32.3 12 2 0.0050 493
20 Kotynia and Kaminska 2003 B-08M 300 150 260 4200 1400 4.67 37.3 12 2 0.0050 493
21 Matthys 2000 BF2 450 200 405 3800 1250 2.78 36.5 16 4 0.0089 590
22 Matthys 2000 BF3 450 200 405 3800 1250 2.78 34.9 16 4 0.0089 590
23 Matthys 2000 BF4 450 200 405 3800 1250 2.78 30.8 16 4 0.0089 590
24 Matthys 2000 BF5 450 200 405 3800 1250 2.78 37.4 16 4 0.0089 590
25 Matthys 2000 BF8 450 200 405 3800 1250 2.78 39.4 16 2 0.0045 590

Tension Steel
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Longitudinal FRP Adhesive
FRP modulus ply number width rupture span of type shear failure FRP
type thickness of plies strain FRP modulus type strain

Reference Ef tf n bf efu L Ga at debond
No MPa mm # mm ue mm MPa ue

1 Aidoo et al. 2006 CFRP 155000 1.40 1 200 18000 8540 Fyfe 750 FRP debonding 9400
2 Brena et al. 2003 CFRP 230000 0.17 2 75 15000 2338 1000 FRP debonding 7200
3 Brena et al. 2003 CFRP 62000 1.04 2 50 12000 2744 1000 FRP debonding 7600
4 Brena et al. 2003 CFRP 62000 1.04 2 50 12000 2744 1000 FRP debonding 7000
5 Brena et al. 2003 CFRP 155000 1.19 1 50 14000 2744 1000 FRP debonding 4800
6 Dias et al 2004 CFRP sheets 240000 0.111 2 70 15000 1740 MBrace Resin 1000 FRP debonding 8070
7 Dias et al 2004 CFRP HM Strips 200000 1.4 1 20 11000 1740 1000 FRP debonding 6870
8 Fang 2002 CFRP 235000 0.11 1 150 14894 940 1000 FRP debonding 7834
9 Fang 2002 CFRP 235000 0.11 1 150 14894 940 1000 FRP debonding 7100

10 Fang 2002 CFRP 235000 0.11 1 150 14894 940 1000 FRP debonding 5868
11 Grace et al. 2002 CFRP sheets 49250 1.90 1 152 14000 1474 1000 FRP debonding 6700
12 Grace et al. 2002 CFRP sheets 28333 0.13 1 152 12000 1474 1000 FRP Rupture 11000
13 Kaminska and Kotynia 2000 CFRP 165000 1.20 1 40 17000 2700 Sikadur30 1624 FRP debonding 5800
14 Kaminska and Kotynia 2000 CFRP 165000 1.20 1 80 17000 2700 Sikadur30 1624 FRP debonding 5400
15 Kaminska and Kotynia 2000 165000 1.20 1 80 17000 198000 2700 Sikadur30 FRP debonding 5000
16 Kaminska and Kotynia 2000 165000 1.20 1 80 17000 198000 2700 Sikadur30 FRP debonding 5500
17 Khomwan et al 2004 CFRP strips 160000 1.40 1 240 14000 5500 MBrace Resin 1000 FRP debonding 9800
18 Kotynia and Kaminska 2003 CFRP 65400 0.38 3 150 15000 4100 Sikadur30 1624 FRP debonding 6810
19 Kotynia and Kaminska 2003 CFRP 172000 1.20 1 50 17000 4100 Sikadur30 1624 FRP debonding 6170
20 Kotynia and Kaminska 2003 CFRP 220000 1.40 1 120 12400 4100 Sikadur30 1624 FRP debonding 5060
21 Matthys 2000 CFRP strips 159000 1.20 1 100 18500 3700 1000 FRP debonding 6700
22 Matthys 2000 CFRP strips 159000 1.20 1 100 18500 3700 1000 FRP debonding 7200
23 Matthys 2000 CFRP strips 159000 1.20 1 100 18500 3700 1000 FRP debonding 6800
24 Matthys 2000 CFRP strips 159000 1.20 1 100 18500 3700 1000 FRP debonding 5700
25 Matthys 2000 CFRP strips 159000 1.20 1 100 18500 3700 1000 FRP debonding 5800  
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height width ds test shear concrete bar number reinforcing yield
span span strength size ratio strength

Reference specimen h b ds L a a/h fc' p fy
No mm mm mm mm mm MPa mm MPa
26 Pan and Leung 2005 B5 200 150 180 2000 750 3.75 42.9 10 2 0.0052 531
27 Pan and Leung 2005 B6 200 150 180 2000 750 3.75 42.9 10 2 0.0052 531
28 Quattlebaum et al. 2005 CS 254 152 228.6 4600 2300 9.06 29.9 12.7 3 0.0098 446
29 Rahimi & Hutchinson 2001 A5 150 200 120 2100 750 5.00 54 10 2 0.0052 575
30 Rahimi & Hutchinson 2001 B3 150 200 120 2100 750 5.00 54 10 2 0.0052 575
31 Rahimi & Hutchinson 2001 B6 150 200 120 2100 750 5.00 54 10 2 0.0052 575
32 Reeve 2005 L1 250 150 225 4537 2269 9.07 23.3 12.7 3 0.0101 429
33 Reeve 2005 L2 250 150 225 4537 2269 9.07 23.3 12.7 3 0.0101 429
34 Reeve 2005 L2x1 250 150 225 4537 2269 9.07 23.3 12.7 3 0.0101 429
35 Reeve 2005 L4 250 150 225 4537 2269 9.07 23.3 12.7 3 0.0101 429
36 Saadatmanesh 1991 B 455 205 400 4880 1982 4.36 35 25 2 0.0105 456
37 Spadea et al 1997 A3.1 300 140 275 4800 1800 6.00 24.9 16 2 0.0096 435
38 Yao et al 2005 III-1 155 203 121 2000 1000 6.45 22.1 10 2 0.0050 346
39 Yao et al 2005 III-2 156.5 199 122.5 2000 1000 6.39 20.9 10 2 0.0050 373
40 Yao et al 2005 III-4 153.5 150.1 122 2000 1000 6.51 22.1 10 2 0.0068 351
41 Zhang et al 2003 A-C1 250 150 210 2600 1050 4.20 31.5 16 2 0.0107 407
42 Zhang et al 2003 A-AT 250 150 210 2600 1050 4.20 31.5 16 2 0.0107 407
43 Zhang et al 2003 A-AK 250 150 210 2600 1050 4.20 31.5 16 2 0.0107 407
44 Zhang et al 2003 B-C1 400 150 360 2600 1050 2.63 31.5 16 2 0.0067 407
45 Zhang et al 2003 B-C2 400 150 360 2600 1050 2.63 31.5 16 2 0.0067 407
46 Zhang et al 2003 B-AT 400 150 360 2600 1050 2.63 31.5 16 2 0.0067 407
47 Zhang et al 2003 B-AK 400 150 360 2600 1050 2.63 31.5 16 2 0.0067 407
48 Current Study EB1SB 432 127 8928 4337 10.04 61.4 varies varies 0.00418 1241
49 Current Study EB1SB2 432 127 8928 4337 10.04 61.4 varies varies 0.00418 1241
50 Current Study EB8SB 432 127 8928 4337 10.04 61.4 varies varies 0.00418 1241
51 Current Study EB9SB 432 127 8928 4337 10.04 61.4 varies varies 0.00418 1241

max 825 350 683.6 8840 4420 9.074 55.2 25 4 0.02619 590
min 150 120 120 1500 550 2.625 20.9 8 2 0.00349 288

Tension Steel
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Longitudinal FRP Adhesive
FRP modulus ply number width rupture span of type shear failure FRP
type thickness of plies strain FRP modulus type strain

Reference Ef tf n bf efu L Ga at debond
No MPa mm # mm ue mm MPa ue
26 Pan and Leung 2005 CFRP sheets 235000 0.22 1 150 17872 1700 1000 FRP debonding 10489
27 Pan and Leung 2005 CFRP sheets 235000 0.22 1 150 17872 1700 1000 FRP debonding 9399
28 Quattlebaum et al. 2005 CFRP 155000 1.40 1 50 18000 4400 Fyfe 750 FRP debonding 6400
29 Rahimi & Hutchinson 2001 CFRP 127000 0.80 1 150 12100 1330 1000 FRP debonding 7200
30 Rahimi & Hutchinson 2001 CFRP 127000 0.40 1 150 12100 1330 1000 FRP debonding 9700
31 Rahimi & Hutchinson 2001 CFRP 127000 1.20 1 150 12100 1330 1000 FRP debonding 5500
32 Reeve 2005 CFRP 155000 1.40 1 25 18000 4337 Sikadur23 807 FRP debonding 5300
33 Reeve 2005 CFRP 155000 1.40 1 50 18000 4337 Sikadur23 807 FRP debonding 6688
34 Reeve 2005 CFRP 155000 1.40 1 50 18000 4337 Sikadur23 807 FRP debonding 7878
35 Reeve 2005 CFRP 155000 1.40 1 100 18000 4337 Sikadur23 807 FRP debonding 6595
36 Saadatmanesh 1991 GFRP 37200 6.00 1 152 10753 4260 1000 FRP debonding 5200
37 Spadea et al 1997 CFRP strips 152000 1.20 1 80 15789 4700 1000 FRP debonding 7000
38 Yao et al 2005 CFRP 257000 0.165 1 50 17600 1800 1000 FRP debonding 5508
39 Yao et al 2005 CFRP 257000 0.165 1 100 17600 1800 1000 FRP debonding 7692
40 Yao et al 2005 CFRP 257000 0.165 1 50 17600 1800 1000 FRP debonding 11291
41 Zhang et al 2003 CFRP sheets 230000 0.17 1 130 14800 2400 1000 FRP Rupture 14800
42 Zhang et al 2003 AFRP sheets 78500 0.38 1 130 29900 2400 1000 FRP debonding 17342
43 Zhang et al 2003 AFRP sheets 118000 0.29 1 130 17500 2400 1000 FRP debonding 13825
44 Zhang et al 2003 CFRP sheets 230000 0.17 2 130 14800 2400 1000 FRP debonding 8880
45 Zhang et al 2003 CFRP sheets 440000 0.19 1 130 5500 2400 1000 FRP Rupture 5500
46 Zhang et al 2003 AFRP sheets 78500 0.38 2 130 29900 2400 1000 FRP debonding 10465
47 Zhang et al 2003 AFRP sheets 118000 0.29 2 130 17500 2400 1000 FRP debonding 10675
48 Current Study CFRP 164785 1.194 1 102 17000 8230 Sikadur 30 1000 FRP debonding 10600
49 Current Study CFRP 164785 1.194 1 102 17000 8230 Sikadur 30 1000 FRP debonding 10000
50 Current Study CFRP 95834 2.032 1 102 10000 8230 Fyfe 1000 FRP Rupture 9500
51 Current Study CFRP 95834 2.032 2 102 10000 8230 Fyfe 1000 FRP debonding 8680

max CFRP 440000 6 80 17000 198000 8540 17342
min GFRP, AFRP 1.2 0.11 1 20 5500 940 4800  


