
 

ABSTRACT 

AGUIRRE REALPE, DIEGO ARMANDO. Seismic Performance and Displacement 
Capacity of RCFST Drilled Shafts. (Under the direction of Dr. Mervyn Kowalsky). 

Reinforced concrete filled steel tube (RCFST) pile-columns, also known as RCFST 

drilled shafts, are structural elements used in bridge support systems in regions of high 

seismic activity. This system consists of a steel tube that is filled with concrete and internal 

longitudinal and transverse reinforcement. This system has several advantages over 

traditional systems. Beyond increased strength and deformation capacities, this type of 

elements serve as a foundation element (pile) inground and as a column abo veground. 

Moreover, the steel tube serves as permanent formwork, which in turn contributes toward 

accelerated and cleaner construction processes.  

The main goal of the research described in this document was to study the effects of 

soil stiffness on the performance of RCFST drilled shafts. For that purpose, twelve half-

scale, pinned-head, RCFST specimens were tested under cyclic lateral loading and variable 

soil stiffness levels at the soil-structure interaction facility at North Carolina State 

University. The main studied variables included: (1) diameter-to-thickness (D/t) ratio, (2) 

aboveground length-to-diameter ratio (La/D), and (3) soil stiffness. The specimens consisted 

of steel tubes with outer diameter (D) of either 12 in. or 12.75 in. with D/t ratios of 48, 68, 

and 95. Aspect ratios (La/D) of 5.5 or 7.5 along with two soil stiffness conditions were 

considered. The soil utilized in the experimental tests consisted of poorly graded sand (SP) 

with average unit weight γ = 90 pcf (14.2 kN/m3), friction angle ϕ = 35°, and relative density 

Dr ≈ 25 %. 



 

In addition to the experimental component described above, analytical studies were 

also conducted on both pinned-head and fixed-head RCFST shafts. Variables of such studies 

included: (1) D/t ratios of 48, 64, and 95; (2) La/D ratios of 4, 8, and 12; (3) three levels of 

axial load ratio (ALR), namely, 5%, 10%, and 15%; (4) two soil types, namely, sand and 

clay; and (5) three levels of soil stiffness, namely, flexible, medium, and stiff soil profiles. 

Results showed that the D/t ratio has a direct impact on the system strength, with a 

moderate effect on the effective system stiffness, which ultimately affects the displacement 

capacity. Regarding the soil stiffness, it certainly affects the effective system stiffness but 

not as much its strength. Moreover, both D/t ratio and soil stiffness have a small effect on 

the depth to maximum moment and spread of plasticity. Regarding the La/D ratio, it was 

found that is the parameter that impacts the most the performance of the system, affecting 

the displacement capacity, system strength, shear demand, depth to maximum moment, and 

spread of plasticity. 
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CHAPTER 1 

1. INTRODUCTION 

1.1. Background 

Reinforced concrete filled steel tube (RCFST) pile-columns are structural elements 

commonly used in bridge supports in high seismic regions because RCFSTs provide 

increased levels of strength, ductility, and energy dissipation as compared with traditional 

systems such as reinforced concrete (RC) or steel substructures. RCFST pile-columns offer 

several benefits, the most important of which are: (1) the pile-column serves as a foundation 

element below ground, and as a column above soil surface; (2) the steel tube serves as 

formwork, which simplifies construction; and (3) the steel tube provides high levels of 

confinement, increasing the strength and ductility capacities of the system. Figure 1-1(a) 

shows an example of the pile-column system under consideration, in which RCFSTs are 

utilized. RCFSTs consist of a steel tube filled with concrete reinforced with longitudinal and 

transverse internal steel, as shown in Figure 1-1(b). Under lateral loading, pile-columns 

could experience two different moment demands depending on the transverse and 

longitudinal configuration of the bridge. Under transverse loading, plastic hinges would 

likely form at the column-cap interface, as the cap beam constrains rotation at the top of the 

pile-columns (i.e., a fixed-head condition). For longitudinal loading and an assumed simply 

supported connection between the bridge girders and the cap beam (i.e., pinned-head 
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condition), plastic hinges would likely form below ground, as depicted in Figure 1-1(c), 

which constitutes the focus of the study presented in this report. 

 

Figure 1-1 (a) Gakona River Bridge (courtesy of Elmer Marx), (b) typical RCFST cross 
section, and (c) pile-column system 

1.2. Motivation 

Past research efforts have shown that RCFSTs can sustain large inelastic 

deformations while maintaining strength. The diameter-to-thickness (D/t) ratio influences 

the local buckling of the steel tube and energy dissipation of the system. Moreover, the 

internal reinforcing steel influences the flexural strength but does not affect the overall 

behavior of RCFST systems (Brown et al., 2015). The failure mechanism is characterized by 

outward buckling of the steel tube resulting ultimately in tube fracture. This characteristic 

behavior has been established from experimental tests conducted in the air, that is, either 

cantilever column or four-point bending tests where structural elements are subjected to 

reversed cyclic loading, most of which are performed on concrete-filled steel tube (CFST) 
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and some on RCFST specimens (e.g., Park et al., 1983; Marson and Bruneau, 2004; 

González-Román et al., 2008; Montejo et al, 2012; Brown et al., 2015). 

While early research efforts on RCFSTs date back to the 1980s, their structural 

performance is relatively unstudied when compared to conventional RC or steel elements. 

Moreover, to the knowledge of the authors, there is no research available on the structural 

performance of RCFSTs that considers soil-structure interaction (SSI) under different levels 

of soil stiffness. The seismic performance of RCFSTs could be substantially influenced by 

their interaction with soil and by the effective stiffness that the surrounding soil provides to 

the system. Therefore, understanding and quantifying such effects will provide analysis and 

design tools that can significantly improve current design practice of RCFST pile-columns, 

which in turn will lead to more reliable and safer civil infrastructure. 

The work presented in this report builds upon a previous study conducted at NC 

State University (Brown et al., 2013; Brown et al., 2015). Such study provided insights on 

the structural performance of RCFSTs in terms of their failure mechanism and strain limit 

states as characterized by onset of tube local buckling followed by tube fracture. Moreover, 

an equivalent viscous damping model was proposed, while confinement and strain 

compatibility were also verified. 

1.3. Scope and Layout 

Chapter 2 of this document presents an overview of past research performed on 

reinforced concrete filled steel tube (RCFST) elements; relevant studies on reinforced 

concrete (RC) piles are also included.   The main objective and specific goals of the project 
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are described in Chapter 3.  Explained in Chapter 4 are the experimental and analytical 

components of this study, while results of such studies are presented in Chapter 5. Then, 

Chapter 7 presents a discussion based upon analytical and experimental results along with 

evaluation of the proposed model. Finally, Chapter 8 presents a summary of the findings, 

provides conclusions and recommendations for design, and elaborates on potential topics for 

future research.
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CHAPTER 2 

2. LITERATURE REVIEW 

Limited literature has been found to date related to the behavior of reinforced 

concrete filled steel tube (RCFST) elements in soil. While several references are available 

on concrete filled tubes (CFST), dating back to the 1950s as noted by Park et al. (1983), 

only few authors have studied the behavior of RCFST elements and even fewer authors have 

considered the effects of soil stiffness. Literature available shows results of experimental 

tests conducted in the air, that is, either cantilever column or four-point bending tests where 

structural elements are subjected to reversed cyclic loading, most of which are performed on 

CFST and some on RCFST specimens. 

To the knowledge of the authors, there is no experimental research available 

regarding RCFSTs where the inelastic soil-pile interaction is evaluated along with its effects 

on the performance of the system under consideration. However, while there is not a single 

study on the response of RCFST embedded in soil, there has been substantial research 

conducted on conventional reinforced concrete (RC) piles, which is relevant for this project 

and thus will be included. 

The focus of past research can be divided into five areas: (1) concrete filled steel 

tubes; (2) reinforced concrete filled steel tubes; (3) reinforced concrete pile-columns; (4) 

soil-structure interaction; and (5) plastic hinge models for pile-columns. Therefore, this 

report presents a review on each of these areas. 
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2.1. Concrete Filled Steel Tubes (CFSTs) 

2.1.1. Marson and Bruneau (2004)  

They evaluated the strength and ductility capacity of four CFST circular columns 

with a foundation detail that allows for developing the full composite strength at the column 

base. They utilized column diameters of 324 mm. and 406 mm., along with wall tube 

thickness values of 6.35 mm. and 9.53 mm., providing nominal diameter-to-thickness (D/t) 

ratios ranging from 34 to 64. They used steel tubes in accordance with ASTM A500 Grade 

C specifications for all four specimens (Fy = 350 MPa). The foundation connection detail 

consisted of 30-mm-thick and 10-mm-thick steel plates, welded to the bottom and top 

flanges of two C channels, respectively, that were left embedded into the concrete 

foundation element. They did not add reinforcing bars to the foundation element as the  

embedded steel members were designed to transfer the column demands to the foundation. 

They conducted the experiments at the University of Ottawa Structures Laboratory. 

Three hydraulic actuators were utilized in their test setup, two of them in vertical position 

were used to apply axial load, and another actuator was used to induce lateral loading. 

Regarding instrumentation, they used thirty-six strain gauges to monitor the demands on the 

foundation connection, and also to assess the flexural and axial deformations along the 

length of the column including the portion embedded into the foundation element. 

They concluded that all tested columns were capable of reaching drifts of 7% prior a 

significant loss of strength, which occurred as a result of fracture initiation of the steel tube 

in the section with tube local buckling; the maximum flexural strength was developed at 
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approximately 4% drift. The foundation detail that they proposed was proven to work 

satisfactorily as the full moment capacity of the CFST column was developed. Finally, the 

main conclusion of their study was that the experimental results suggested that CFSTs could 

provide an effective mechanism to dissipate energy when used for bridge piers in seismic 

regions. 

2.1.2. Sakino et al. (2004) 

They conducted experiments on CFSTs subjected to monotonic axial loading. The 

goal of their study was to develop a load-deformation relationship that accounts for the 

shape of the steel tube (circular or square), width to thickness ratio, tensile strength of the 

steel tube, and compressive strength of the concrete. For that purpose, they tested a total of 

114 specimens that also included hollow steel tubes. 

Based upon experimental results, they developed a stress-strain model for confined 

concrete of concrete filled square steel tube columns. This model allows for calculating the 

ultimate axial compressive load of such columns. In addition, they also proposed a strength 

reduction factor that accounts for tube local buckling. 

2.1.3. Ellobody et al. (2006) 

They conducted a parametric study on reinforced concrete filled steel tube short 

columns, covering concrete strengths from 30 to 110 MPa and D/t ratios varying from 15 to 

80. For that purpose, they conducted finite element (FE) analyses using the ABAQUS 

framework software. They proposed a material model to represent the stress-strain behavior 

of confined concrete as a combination of different recommendations made in the past by 
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other researchers. Using such a material model, they developed, validated, and calibrated an 

FE model using experimental data reported elsewhere. They compared the predicted column 

strength (axial load) with the design strength of three standard specifications (i.e., American, 

Australian, and European). Based on the ratio between the modeled and calculated design 

strength along with a reliability analysis, they concluded that the design strengths of the 

American and Australian specifications are more conservative than that of the European 

code. 

2.1.4. Chen et al. (2011) 

They focused on the behavior of rock-socketed piles. Field tests were conducted 

under lateral loads, albeit to very low levels of load. Strain in the steel tube reached 300 

microstrain at most, which is well below the yield point. The primary outcome of their work 

was the development of field data for calibration of an elastic finite element model which 

was then used to conduct parametric studies that showed stress concentrations that 

developed at the bottom of the pile between the rock and tube. The authors also developed 

displaced shape information and corresponding P-y curves. Due to the very low level of 

loading, these tests are of limited value, although the authors imply that there was some 

separation between the tube and core concrete. It is not clear how this was measured, and 

such a result seems surprising given the extensive studies done by others in the past which 

have shown composite action. 
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2.1.5. Gajalakshmi and Helena (2012) 

They conducted eight tests on CFSTs and eight tests on steel fiber reinforced 

concrete filled steel tubes (SCFSTs). They focused their study on the impact of the D/t ratio 

and the type of infill, namely, plain concrete and steel fiber reinforced concrete. They 

utilized steel tubes with diameter D = 114 mm. and thickness values such that D/t ratios of 

38 and 57 were considered; such tubes were seam welded along their longitudinal direction. 

They used a cantilever column test setup up along with a connection detail to the foundation 

that allows for contribution of the steel tube to the flexural strength of the system. The 

loading protocol included cyclic lateral loading, at constant or increasing drift ratios, with 

constant axial loading. 

They found that the SCFST columns had about 2 times more energy dissipation and 

higher ductility capacity than the columns filled with plain concrete. They claimed that the 

failure mechanism of all columns was governed only by the D/t ratio and not by the type of 

infill nor the type of loading pattern. In addition, they proposed a simplified cumulative 

damage model that allows to estimate a damage index parameter for CFSTs and SCFSTs. 

2.2. Reinforced Concrete Filled Steel Tubes (RCFSTs) 

2.2.1. Park et al. (1983) 

They conducted experimental tests on two CFST and four RCFST piles with a D/t 

ratio of 72. They performed moment-curvature analyses and then compared such results 

with experimental observations. Their test setup consisted of a loading frame to conduct 

experiments on a three-point bending fashion, including axial loading. The test setup was 
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representative of the top portion of a pile-column system with fixed-head condition, where 

the critical section develops between the cap element and the column, up to the point of 

contra-flexure. The six specimens were arranged in three pairs, in which axial load ratios of 

10% and 30% were induced in each pair of units. Test units 1 to 4 contained a continuous 

casing detail, while in units 5 and 6 the steel tubes were embedded only 50 mm. into the 

loading stub. Moreover, units 1 and 2 did not contained any internal reinforcement. 

They found that the units with continuous casing detail developed a strength of about 

twice that of the units where the casing was partially embedded in the loading stub. 

However, the displacement ductility capacity of the latter units was significantly higher 

(μ=18) than that of the units with continuous casing (μ=6).  They concluded that the steel 

tube, partially embedded in units 5 and 6, provided high levels of confinement for the 

concrete without contributing to the flexural strength, which in turn resulted on the lower 

strength exhibited by those test units. In addition, the lower ductility capacity of units 1 to 4 

was attributed to the failure mechanism which consisted on tube local buckling, and to the 

high stresses and strains obtained due to the higher strength developed in the section. 

2.2.2. Richards et al. (2011) 

They studied the behavior of CFST and RCFST pile-to-concrete-cap connections. 

They conducted field studies to investigate the impact of parameters such as the tube 

embedment length into the cap on the development of flexural strength. Since their studies 

focused on elastic pile behavior, and non- linearity of the cap, the outcomes are of limited 

importance to the subject of this research project. 
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2.2.3. Montejo et al. (2012)  

They examined the performance of RCFST pile-column bridge bents based upon 

results of large-scale experimental tests, incremental dynamic analyses, and parametric 

moment curvature analysis.  They separately investigated the behavior of the plastic hinges 

that develop below ground and above the soil surface in RCSFT pile-column bridge bents, 

that is, plastic hinges that develop in the top of the column and below ground in the 

foundation element (pile) depending upon the bent configuration and the direction of the 

seismic loading. 

With regard to the below-ground plastic hinge behavior, they performed analytical 

studies based upon experimental test results reported by González-Román et al. (2008). 

Such experiments involved full-scale reversed cyclic experimentation on eighteen RCFST 

piles using a four-point bending test setup, in which cyclic loading was applied using two 

hydraulic actuators such that a constant moment region between them was generated. The 

distance between the actuators was varied in order to consider the potential effects of soft 

and stiff soil conditions. The RCFST specimens had outer diameters of 610 mm. with tube 

thickness of 12.7 mm., providing a nominal D/t ratio of 48, while the longitudinal 

reinforcement ratio of the internal bars was ~2%. The steel tubes were manufactured in 

accordance with API-5L x52 steel specifications, while the internal reinforcement consisted 

of A706 Grade 60 longitudinal bars and spirals. A concrete compressive strength of 27.6 

MPa was specified for all test units. 

On the other hand, for the top plastic hinge behavior, they conducted analytical 

studies based upon experimental test results reported in detail by Montejo et al. (2009). Such 
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experiments involved half-scale reversed cyclic loading on four RCFST columns. An 

important feature of these tests is that they tested the specimens under reversed cyclic 

loading while subjected to temperatures that ranged from -36°C (−33°F) to 22°C (72°F). For 

that purpose, their specimens were tested inside an environmental chamber. The tests were 

conducted using a cantilever column test setup in which cyclic loading was applied by 

means of a hydraulic actuator. They applied axial load to the test units using hydraulic jacks 

and posttensioning bars along with cross beams. The RCFST specimens had outer diameters 

of 457 mm. with tube thickness of 9.5 mm., providing a nominal D/t ratio of 48. They 

considered longitudinal reinforcement ratios of 2.1% and 3.1% and a transverse steel ratio of 

1.2%. They studied axial load ratios between 3.3% and 5.9%. The steel tubes were 

manufactured in accordance with API-5L x52 steel specifications, while the internal 

reinforcement consisted of A706 Grade 60 longitudinal bars and spirals. They specified a 

concrete compressive strength of 27.6 MPa for all test units. As a result of this study, they 

proposed expressions to calculate the equivalent viscous damping and section curvature 

limit states for members in which the plastic hinge develops below ground. In addition, a 

plastic hinge length model and section curvature limit states were developed for members 

where the plastic hinge develops above ground in the top of the column. 

Regarding the below-ground plastic hinge, their conclusion was that the moment 

capacity is larger than that of the top plastic hinge due to the contribution of the steel tube in 

the flexural strength. In fact, for the top plastic hinge they concluded that strain limit states 

are controlled by the tensile strain in the longitudinal bars provided the steel tube confines 

the concrete but does not contribute to the flexural strength. In addition, they suggested that 
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special detailing of the transverse reinforcement is required in the top hinge in order to avoid 

early rebar buckling or rupture. Furthermore, they concluded that moment curvature 

analyses based on strain compatibility and equilibrium can be used to accurately predict the 

flexural response of RCFST members as experimental results (González-Román et al., 2008; 

Montejo et al., 2009) suggested that the effects of the tube hoop strains on the confinement 

of the core and its interaction with the tube longitudinal strains do not play an important role 

on the lateral response of RCFST pile-columns with thick steel tubes (D/t = 48) and low 

axial load (ALR = 5%). 

2.2.4. Brown et al. (2015) 

They conducted experimental tests on thirteen RCFST piles with outer diameters of 

20 to 24 in. and thickness values such that D/t ratios between 33 and 192 were considered. 

The purpose of their study aimed to assess the impact of the D/t ratio on the strain limit 

states of tube local buckling and fracture. In addition, they also addressed the equivalent 

viscous damping and provided insight on issues of confinement and analysis methods for 

RCFST members. 

Seven of their specimens focused on varying the D/t ratio while the longitudinal and 

transverse internal reinforcement was varied in the remaining six test units. They used 

multiple material sources to cover a broad range of D/t ratios. API 5L seam welded tube, 

and spirally welded tubes manufactured from ASTM A139 and ASTM A709 Grade 50 T3 

steel were utilized. The internal reinforcement consisted of ASTM A706 Grade 60 steel 

using multiple longitudinal and transverse reinforcement ratios. A concrete compressive 
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strength of 5 ksi was specified for all specimens. With regards to the instrumentation, they 

used strain gauges, string potentiometers, and a non-contact 3D position measurement 

system. The loading history they used for each test consisted of two parts. First, before 

yield, single-cycle sets on increments of a quarter of the yield force were applied in a force-

controlled fashion. Then after first yield, displacement-controlled three-cycle sets were 

applied at different ductility levels. 

Regarding the variation on the D/t ratio, they concluded that energy dissipation is 

greater for thicker tubes (i.e., smaller D/t). Also, early onset of tube local buckling does not 

affect the strain limit of tube fracture for pipes with larger D/t ratios, which means that 

thinner tubes develop tube local buckling earlier than thicker tubes, yet they can reach the 

same ductility level as the thicker tubes. On the other hand, for the variation on the 

longitudinal and transverse internal reinforcement, they concluded that only the flexural 

strength is affected by the amount of reinforcement, which means that strain limit states are 

governed by the tensile strains in the steel tube. 

In addition to the observations on the variation of D/t ratio and internal 

reinforcement, they also developed expressions for the tensile strain prior onset of tube local 

buckling and suggested a value of 2.5% for the tensile strain at tube fracture. Furthermore, 

they provided an expression to calculate the equivalent viscous damping of an RCFST 

member as a function of the displacement ductility level and D/t ratio. They also showed 

that the Mander et al. model (1988) could be used to characterize the stress-strain behavior 

of the confined concrete in RCFST members. Moreover, they suggested that strain 

compatibility applies up to the onset of local buckling. Thus, the use of a linear strain profile 
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results in accurate estimates of flexural response by means of a moment curvature analysis, 

even beyond local buckling they observed results in good agreement with the experimental 

data. 

Outcomes of this study are of significant importance for this research project as the 

aforementioned results set a base point for the behavior of RCFST elements, which can be 

directly used to analyze the effects of soil stiffness on the seismic performance of such 

elements. 

2.3. Relevant Studies on Reinforced Concrete (RC) Pile-Columns 

2.3.1. Chai and Hutchinson (2002) 

They conducted four full-scale tests on bridge pile-columns embedded in soil, which 

were subjected to axial and cyclic lateral loading, at the University of California, Davis, CA. 

Their specimens consisted of RC columns with diameter D = 406 mm., longitudinal steel 

ratio ρ = 2.1 %, and two different confining steel ratios ρs = 0.57 % and ρs = 1.06 %. The 

longitudinal reinforcement was provided using A706 Grade 60 bars, while the transverse 

reinforcement consisted of MW25 and MW45 smooth wire with spacing s = 50mm. Based 

on the particle size distribution, the soil was classified as clean, poorly graded sand (SP). 

Two different soil conditions were considered, that is, loose and dense sand, for which a 

different compaction procedure was used on each case, resulting on different soil properties 

and thus different soil stiffness values. The RC pile-column specimens were tested on a 

6.71-m. diameter, 5.49-m. deep, soil container which was filled with sand. The first two 

specimens had a cantilever length of 812 mm., whereas the remaining two units had and 



 

16 

aboveground height of 1,624 mm., corresponding to two and six times the pile diameter, that 

is, 2D and 6D, respectively. 

Their study focused on 3 key parameters: (1) the force-displacement response of the 

soil-pile-column system; (2) the location of the maximum moment below ground; and (3) 

the plastic hinge length. They found that the force-displacement response was dominated by 

the flexural strength of the pile and thus the stiffness of the pile-soil system was not 

sensitive to the change in density of the soil under consideration. They calculated the spread 

of plastic action using measures of curvature along the length of the specimens. They 

concluded that the plastic hinge length below ground is mostly influenced by the above 

ground height of the column; the extent of plastic action is longer for taller columns as the 

moment gradient decreases for such cases. In regards to the location of maximum moment, 

its depth varied between 2 and 3 times the pile diameter, and it was closer to the ground 

surface for the longer columns; their conclusion was that the depth to maximum moment is 

not sensitive to the different soil densities that they analyzed. 

2.3.2. Suleiman et al. (2006) 

They performed three large-scale tests on reinforced concrete bridge column-

foundation-soil systems at the Spangler Geotechnical Experimental Site at Iowa State 

University, Ames, Iowa. The focus of their research was to study the effects of seasonal 

freezing on the seismic response of the system. The specimens consisted of RC pile-column 

units. Two of them had a uniform diameter of 0.61 m., whereas the third specimen had an 

oversized shaft (pile) diameter of 0.91 m., and they were tested at ambient temperatures of 
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23 °C, ‒10 °C and ‒6 °C, respectively. The specimens were subjected to cyclic lateral 

loading with no axial load. The loading protocol that they utilized consisted of force-

controlled single sets and displacement-controlled three-cycle sets for the elastic and 

inelastic portions of the test, respectively. 

By analyzing the experimental results of the first two units, they found that the force-

displacement response of this type of systems is significantly influenced by the presence of 

frozen soil. The main differences the seasonal freezing conditions induced to the system 

were: (1) the effective elastic stiffness increased by 170%; (2) the location of the maximum 

moment shifted one pile diameter upward, inducing a higher lateral load, thus increasing the 

shear demand in the column; (3) the length of the plastic region in the foundation shaft 

reduced 64%; and (4) the width of the gap in the soil reduced by 60%. They attributed these 

changes to the plastic hinge shift and the reduction of the plastic region, which was caused 

by a frozen soil layer of 0.76 m. below the ground surface. On the other hand, the use of an 

oversized foundation shaft in the third specimen reduced the effects of seasonal freezing in 

the force-displacement response of the column, as the difference between the experimental 

and theoretical (i.e., column with fixed-based) was only 10%, indicating that the changes 

observed in the second specimen were mostly due to the presence of frozen soil rather than 

the temperature effects on concrete or reinforcing bars. 

2.3.3. Chang and Hutchinson (2013) 

They conducted an experimental test of a conventional RC pile embedded in a 

multilayer soil system. The specimen had a diameter D = 250 mm. and it was embedded in a 
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two-degree-sloped laminar soil box, which in turn was mounted on a shake table at the 

University of California, San Diego. The pile specimen had an above-ground length of 1,000 

mm. and it was embedded 1,750 mm. into a three- layer soil profile, which consisted of a 

stiff uppermost crust (625-mm. thick) overlying a saturated loose sand layer (625-mm. 

thick), which in turn was on top of a dense sand layer (500-mm. thick); The middle soil 

layer corresponds to a loose liquefiable sand layer. The entire soil-pile system was subjected 

to five ground motions of increasing intensity to induce liquefaction of the middle saturated 

layer; no axial load was applied to the specimen. They also included white noise signals 

between ground motions for system identification purposes. In terms of instrumentation, 

they utilized different sensors that included, among others, pore pressure gauges and soil 

pressure gauges. 

The goal of their study was to analyze plastic demands on the RC pile considering 

the effects of liquefiable soil conditions. For that purpose, they utilized measured curvature 

profiles to calculate the plastic hinge length. They found that the plastic hinge length was 

larger (1.5D) than that used in conventional column design. Such an increase in the plastic 

hinge length was attributed to liquefaction of the middle soil layer, which in turn induced 

settlement of the crust layer. 

2.4. Soil-Structure Interaction (SSI) 

2.4.1. Boulanger et al. (1999) 

They conducted experimental tests on pile-column specimens embedded in a soft 

clay layer overlying dense sand. The tests were conducted on the large shake table on the 9-
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m-radius centrifuge at the University of California at Davis, CA. The specimens consisted of 

aluminum piles, equivalent to steel tube piles with a diameter of 670 mm. and a 19-mm. 

wall thickness. They subjected the specimens to nine ground motions corresponding to 

scaled versions of the 1989 Loma Prieta and 1995 Kobe earthquakes. No attempts to repair 

the piles were performed as they remained elastic during all ground motions. However, after 

the fourth ground motion, they restored the soil profile to its pristine conditions by pulling 

the pile out of the centrifuge and re-driving it on different locations while the centrifuge was 

working. 

They developed a dynamic p-y analysis method (i.e., beam on a non-linear Winkler 

foundation), capable of capturing gapping effects, for which they conducted sensit ivity and 

parametric studies to assess the ability of the proposed method of reliably capturing the 

observed soil-pile-column interaction. They performed one-dimensional equivalent linear 

site response analysis and then conducted dynamic p-y analyses to determine the structural 

response of the piles (e.g., displacements, accelerations). 

They found that using site response analysis, the structural response can be 

underestimated by 20%, whereas when recorded free-field ground motions were utilized as 

inputs to the dynamic p-y model, the structural response was overestimated by 10%. These 

and other results from their sensitivity analyses suggest that the proposed p-y dynamic 

method works reasonably well on predicting the soil- foundation-structure interaction, and 

also that a big source of uncertainty is the site response calculations. As previously 

mentioned, their specimens remained elastic during the application of all ground motions. 
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Perhaps different results would be obtained when both the soil and pile-column exhibit non-

linear behavior. 

2.4.2. El Naggar and Bentley (2000)  

They developed an analysis approach to account for dynamic loading on piles 

considering the soil-pile interaction, for which they utilized the beam on non- linear Winkler 

foundation (BNWF) approach. Their model also accounts for damping from the soil by 

considering the velocity of the soil particles at a given depth and the frequency of loading. 

They validated their model based upon lateral loading test data. They also proposed a spring 

and a dashpot model to perform equivalent linear analyses for the transient response of soil-

pile systems. They found that as the frequency of loading increases, the soil response as 

represented by lateral strength also increases. 

2.4.3. Sritharan et al. (2007) 

They conducted numerical analyses of a soil- foundation-column system consisting 

of an RC bridge column supported by a cast-in-drilled-hole (CIDH) foundation shaft with 

the same diameter, embedded into stiff, low plasticity clay. The system consisted of a 0.61-

m-diameter, 2.69-m-tall bridge column, supported by a CIDH foundation shaft with the 

same diameter and an embedded length of 10.36 m. They validated their numerical models 

using experimental data recorded from two experimental tests performed in warm (23 °C) 

and cold (‒10 °C) conditions, conducted at an outdoor facility at Iowa State University 

(Suleiman et al., 2006). 
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The analysis approach they employed consisted of a two-dimensional representation 

of the soil- foundation-column system using LPILE. This approach used 100 equal- length 

beam-column elements in which their hysteretic behavior was determined based upon 

moment-curvature analysis of the column-foundation shaft section. Beyond the confinement 

provided by the transverse reinforcement, they included an additional confinement for the 

cover concrete provided by the pressure of the surrounding soil on the foundation shaft. 

Although it is not clear how they included this effect on the moment-curvature analyses, 

they concluded that this additional confinement prevented concrete spalling in the 

foundation shaft, which was observed during the experimental tests. The soil stiffness was 

represented with compression-only, non- linear springs located on both sides of the 

foundation shaft at the mid-height of each element. Properties of such springs were 

determined by performing p-y curve analyses. Temperatures effects were considered to 

determine the stress-strain curves of the concrete, reinforcing steel, and soil. Their analyses 

included ambient temperatures of 23 °C, ‒1 °C, ‒7 °C, ‒10 °C, and ‒20 °C. They also 

investigated the effects of axial load and depth of the frozen soil layer. 

They found that cold temperatures significantly influence the shear strength and 

modulus of low plasticity clay, namely, for temperatures of ‒1 °C and ‒20 °C those 

parameters increased by 10 to 35 and 8 to 45 times, respectively. Therefore, the soil stiffness 

increases such that the location of maximum moment shifts upward (closer to the soil 

surface) increasing the effective elastic stiffness, the column and foundation shaft shear 

demand, and reducing the lateral displacement capacity and plastic hinge length. They also 

concluded that the depth of the frozen soil layer and a 5% axial load ratio have minimal 
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effects on the response of the soil- foundation-column system, when compared to the overall 

impact of cold temperatures on the soil and material properties. 

2.4.4. Allotey and El Naggar (2008a, 2008b) 

These studies build upon previous work conducted by one of the authors (Naggar 

and Bentley, 2000). They developed a model that allows to conduct dynamic soil-structure 

interaction analysis. Such model is based on the beam on non- linear Winkler foundation 

(BNWF) and it incorporates features that include: loading and unloading rules, slack zone 

development, cyclic degradation, and radiation damping. They validated their model using 

results from two full-scale tests of RC piles performed in sand and clay, respectively. They 

found that the maximum moment decreases due to soil cave- in and recompression, which in 

turn moves the depth-to-maximum moment closer to the ground surface and increases the 

energy dissipation of the system. However, it is not clear why the moment would decrease 

with a shorter lever arm as one would expect higher shear and moment demands. They also 

claimed that their model is computationally more efficient. 

2.4.5. Wotherspoon et al. (2010) 

They implemented the beam on non- linear Winkler foundation (BNWF) approach in 

order to model the monotonic and cyclic soil- foundation-column response of two identical 

RC bridge pile-columns tested at Iowa State University (Suleiman et al., 2006). The 

difference between the tested units was only the ambient temperature; the first specimen was 

tested during the summer (i.e., warm conditions, 23°C) and the second one was tested 

during the winter season (i.e., cold conditions, -10°C). The BNWF approach they 
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implemented consisted of column and pile elements with a plastic rotational spring at each 

end (concentrated plasticity) and an elastic section in between. Properties of these rotational 

springs were determined based upon moment-curvature analyses with appropriate material 

properties to account for the effects of temperature. The soil was modeled using two non-

linear spring elements (one on each side of the pile), attached to each node between pile-

column elements. The compression only, bi- linear force-displacement relationship of each 

spring was calculated using p-y curve analysis. For the model with frozen soil conditions, a 

method was proposed in order to include the effects of a tension crack that developed on the 

sides of the pile, perpendicular to the direction of loading. This approach reduced the post-

yield soil stiffness, in which properties of the modified force-displacement relationships of 

the soil are calculated based upon the gap opening and tension crack width. They validated 

their numerical models using horizontal displacements recorded at three points in the 

column, including the gap between the foundation and the soil at the ground level. In 

addition, they correlated data from strain gauges, attached to the extreme reinforcing bars 

along the length of the pile-column, in order to determine the location of maximum moment 

and the spread of plastic action.  

They found that the proposed modeling approach resulted on an accurate 

representation of the experimental results from the specimens in both warm and cold soil 

conditions. They concluded that the ambient temperature conditions significantly influence 

the effective stiffness, maximum moment (and its location), shear demand, and the spread of 

plastic action. Furthermore, the moment and shear demand in the pile increased by 20% and 

33%, reducing the depth of their location with cold temperatures by 77% and 53%, 
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respectively. They claimed that these differences indicate that if material properties for only 

non-frozen conditions are considered, it could result in a deficient design. 

2.5. Plastic Hinge Models for Pi le-Columns 

2.5.1. Budek et al. (1995, 2000) 

They conducted analytical studies on reinforced concrete (RC) pile-columns 

considering two fixity conditions, namely, pinned-head and fixed-head. The focus of their 

study was to determine the ductility capacity, equivalent plastic hinge lengths, depth to 

fixity, and depth to maximum moment. For that purpose, they developed a non-linear finite 

element model that utilized the Winkler beam approach, in which the soil behavior was 

represented by means of springs whose properties were calculated based upon the modulus 

of subgrade reaction. Their study considered various levels of soil stiffness using 

cohesionless soils, for which the modulus of subgrade reaction (k) ranged from 3,200 kN/m3  

to 48,000 kN/m3.  They studied three soil models: (1) a linear-elastic relationship; (2) a 

bilinear model, in which the stiffness changed to a quarter of its initial value after a 

prescribed lateral displacement; and (3) a hyperbolic p-y curve model. Moreover, they 

assumed a linear increase of the soil stiffness with depth. Non- linear behavior of the pile-

columns was considered using results from moment-curvature analyses such that the 

effective flexural stiffness at a given deformation was calculated based upon the moment-

curvature slope at that level of deformation. 

Regarding the soil models, they argued that a linear-elastic soil model might be 

suitable for large values of the aboveground height of the pile-column and modulus of 
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subgrade reaction of the soil, while a bi- linear soil model could be considered for low values 

of both parameters. The reason for this is that the lower the soil stiffness and the shorter the 

column length, the larger is the volume of soil that needs to be mobilized; hence making 

important to consider the soil non- linearity and its interaction with the pile-column. They 

claimed that although an elastic approach for the soil may be adequate for some cases, it 

might over-predict the plastic hinge length and depth to maximum moment. 

They found that the plastic hinge length was significantly larger (Equation 2-1) than 

the value commonly adopted in practice at that time, namely, one pile diameter (1D); this 

expression provides a conservative estimate of the plastic hinge length based on the pile 

diameter (D) and the aboveground length (La). They found that, due to moment 

redistribution, the soil-pile-column system stiffness reduces and the point of maximum 

moment moves closer to the soil surface, which in turn shortens the cantilever length, 

thereby increasing shear demands when inelastic behavior of the soil is considered. Stated 

otherwise, the depth to the plastic hinge shifts upwards, closer to the soil surface, when pile-

columns develop inelastic action, because after onset of the plastic hinge less soil is 

mobilized. As such, they concluded that after yielding, the depth to maximum moment 

reduces to 0.7 times the value found from analysis of the elastic range. They provided charts 

to determine the depth to plastic hinge, plastic hinge length, and displacement ductility 

capacity as a function of a non-dimensional system stiffness parameter and aboveground 

length (La), as shown in Equation 2-2. In this equation, D* = 1.83 m, while EIeff is the 

effective section stiffness, and k is the modulus of subgrade reaction. 
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Their recommendations were based on the premise that if the displacement ductility 

capacity of a pile-column is to be calculated, it can be done using a plastic hinge approach in 

combination with an equivalent fixed-base column, as shown in Figure 2-1. Using this 

approach, elastic displacements (Δy) can then be calculated assuming the equivalent column 

has its base at a depth of fixity (Df), while plastic displacements (Δp) are calculated 

assuming the base of the column is centered at the depth to plastic hinge (Dph), as 

represented with the elastic and inelastic curvature distributions, respectively. In Figure 2-1, 

La is the aboveground length, Df is the depth to fixity, Dph is the depth to plastic hinge 

(maximum moment), and D represents the shaft diameter. Moreover, Øy and Øu are the 

equivalent yield and ultimate curvatures, respectively, Lp is the equivalent plastic hinge 

length (Equation 2-1), while Leq1 and Leq2 are the equivalent cantilever lengths used to 

calculate the elastic and plastic components of the ultimate displacement, respectively. 
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Figure 2-1 Plastic hinge model for RC drilled shafts (Budek et al. 1995) 

Using the above model, a bilinear force-displacement response along with the 

displacement ductility capacity (µΔ) can be determined. First, the equivalent yield 

displacement (Δy) is calculated using the equivalent yield curvature (Øy) by integrating over 

the length of the pile-column to the depth to fixity (Leq1), as shown in Equation 2-3. The 

plastic displacement (Δp), on the other hand, is determined using the plastic rotation 

(Equation 2-4), and the equivalent length measured to the depth to plastic hinge (Dph), as 

shown in Equation 2-5. The ultimate displacement (Δu) can then be determined by adding 

both elastic and plastic components, as shown in Equation 2-6. Finally, the displacement 

ductility is calculated using Equation 2-7. 

 
2

1

3

y eq

y

L
   Equation 2-3 

 p p u yL     Equation 2-4 



 

28 

   2 2p p eq p u y eqL L L       Equation 2-5 
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 Equation 2-7 

Since the above model was developed considering RC drilled shafts, its applicability 

to reinforced concrete filled steel tube (RCFST) pile-columns is arguable. The charts that 

they developed to calculate the depth to plastic hinge, plastic hinge length, and depth to 

fixity, as a function of a non-dimensional system stiffness parameter, were based upon the 

effective stiffness of RC shafts, which is in fact smaller than that of RCFST shafts. As such, 

the latter would potentially have a smaller spread of plasticity, affecting the equivalent 

plastic hinge length, depth to plastic hinge, and depth to fixity. Moreover, while this model 

considers part of the soil flexibility in the calculation of the yield displacement (Δy), the 

assumption of a linear curvature distribution to the depth of fixity is arguable.  

2.5.2. Chai (2002) 

He developed a kinematic model to calculate an idealized, bi- linear, force-

displacement response of reinforced concrete (RC) drilled shafts. His approach was based 

on the equivalent cantilever concept, assuming that the stiffness of an equivalent cantilever 

column has to equal the stiffness of the soil-pile system. 

For that purpose, he used solutions for displacement and ultimate soil pressure 

distributions (Poulos and Davis, 1980) for both cohesive and cohesionless soils. By 

considering both force and displacement response of the soil-pile system, the idealized 
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force-displacement response of the equivalent cantilever can be calculated using  a plastic 

hinge model similar to that proposed by Budek et al. (1995), as previously shown in Figure 

2-1. The main differences of the plastic hinge model proposed by Chai (2002) are the 

equivalent lengths used for calculation of elastic and plastic displacement components, and 

the plastic hinge length. First, the equivalent lengths Leq1 and Leq2 are measured to the depth 

to fixity and depth to maximum moment for the elastic and plastic displacements, 

respectively; however, for both equivalent lengths he provided different recommendations to 

those by Budek et al. (1995). In regard to the plastic hinge length, based on experimental 

observations (Chai and Hutchinson, 2002), he argued that the plastic hinge length is 

insensitive to the soil stiffness and that it is significantly impacted by the aboveground 

length (La), as shown in Equation 2-8. 

0.1 1.6p aL D L    Equation 2-8 

The total displacement capacity can be calculated by adding both elastic and inelastic 

contributions with the formulation proposed by Budek et al. (1995), namely, Equation 2-3 

through Equation 2-7, recognizing that appropriate values of equivalent lengths and plastic 

hinge length must be utilized. 

2.5.3. Suarez and Kowalsky (2007) 

They conducted parametric studies on reinforced concrete (RC) drilled shafts 

considering soil-structure interaction. For that purpose, they developed a finite element (FE) 

structural model that considered the non- linear behavior of the materials by using results of 

bilinear moment-curvature analyses. They characterized the soil as a single uniform layer of 
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either clay or sand, represented in the modeling approach by non- linear springs, whose 

properties were determined from p-y curve analyses. In addition, they considered two fixity 

conditions, namely, pinned-head and fixed-head. 

Using results from their parametric study, they proposed parameters to be used in 

combination with an equivalent cantilever plastic hinge approach, which allows for 

prediction of the displacement capacity and equivalent viscous damping of the system. Their 

equivalent plastic hinge model approach is similar to those proposed by Budek et al. (1995, 

2000) and Chai (2002). The main differences are: (1) they proposed to use only one 

equivalent length (Leq) for the calculation of both elastic and plastic displacements; and (2) 

they proposed to use parameters to account for foundation flexibility on the yield 

displacement calculation, and to account for corrections on plastic deformations when the 

pile-column system is in double bending (fixed-head condition). 

Regarding the equivalent plastic hinge length, they proposed to use the model 

developed by Chai (2002), as previously described in Equation 2-8, which applies for single 

bending. However, for double bending, they proposed to use the plastic hinge length model 

proposed by Priestley et al. (1996), which can be written as:  

0.08 0.022p i y lbL L f d   Equation 2-9 

In the equation above the first term considers the distance from the plastic hinge 

length to the point of contraflexure (Li), whereas the second term represents an increase in 

the plastic hinge length due to strain penetration in the cap beam in terms of the yield 

strength (fy) and diameter (dlb) of the longitudinal reinforcement. A schematic representation 
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of the equivalent cantilever approach proposed by Suarez and Kowalsky (2007) for both 

single and double bending are shown in Figure 2-2 and Figure 2-3. 

  

Figure 2-2 Equivalent cantilever in single bending (Suarez and Kowalsky, 2007) 

  

Figure 2-3 Equivalent cantilever in double bending (Suarez and Kowalsky, 2007) 
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For pile-column systems in single bending, the displacement capacity can then be 

determined using Equation 2-10 through Equation 2-14, which are a function of the yield 

curvature (Øy), ultimate curvature (Øu), equivalent length (Leq), plastic hinge length(Lp), and 

a coefficient (α) that accounts for the foundation flexibility. 
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 Equation 2-14 

For pile-column systems in double bending, on the other hand, the displacement 

capacity of the system is determined using Equation 2-15 through Equation 2-19, 

recognizing that the equivalent length (Leq), plastic hinge length (Lp), and the coefficient α, 

are those corresponding to the appropriate fixity condition. In addition, Suarez and 

Kowalsky (2007) recognized that, after onset of the aboveground hinge, displacements 

continue to increase until the hinge below ground forms. As such, in order to account for 

this behavior, the plastic displacement (Equation 2-17) is calculated based on the 

aboveground hinge only, including a correction factor (β) that accounts for the 

aforementioned behavior.  
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 Equation 2-19 

Suarez and Kowalsky (2007) validated their model upon comparison with 

experimental data reported by Chai and Hutchinson (2002); results showed close agreement. 

This model is useful to determined displacement capacity of RC drilled shafts. However, it 

may not be applicable to RCFST pile-column as their flexural stiffness is larger when 

compared to RC elements. 

2.5.4. SCDOT Seismic Design Specifications for Highway Bridges (2008) 

The South Carolina Department of Transportation (SCDOT), seismic design 

specifications for highway bridges, classifies pile-column elements as drilled shafts. The 

SCDOT seismic design criteria utilizes an equivalent cantilever approach to determine the 

displacement capacity of such systems; however, the document explicitly states that the 

procedure is applicable to reinforced concrete (RC) drilled shafts only, and that if steel 

casing is used (i.e., RCFSTs) a refined analysis is required to determine the capacity of the 

system. 
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Depending upon the direction of loading and connection details, one or two plastic 

deformations are determined. For single bending, the plastic hinge forms below ground and 

the displacement capacity of the system is determined using an equivalent cantilever with its 

base fixed at a depth of fixity (Df). As such, the equivalent length is measured to the depth 

of fixity, considering the aboveground length (La). The plastic hinge length model is shown 

in Equation 2-20. For double bending, on the other hand, they consider plastic deformations 

from the below ground hinge in combination with those from the top hinge that forms at the 

top of the column in the column-bent cap interface. The equivalent length is also measured 

to the depth to fixity (Df) and the plastic hinge model for the top hinge is shown in Equation 

2-21, where L’ represents the distance from the point of contraflexure to the column cap. 

 0.08p a fL D L D    Equation 2-20 

0.08 ' 0.15 0.3p ye bl ye blL L f d f d    Equation 2-21 

For the double bending case, consideration of both plastic hinges in the displacement 

capacity is arguable, because the below ground hinge will only develop after substantial 

damage has occurred in the top hinge. As such, it could result in over prediction of the 

drilled shaft capacity. Furthermore, the specifications state that the depth to fixity needs to 

be determined using a detailed soil-structure interaction (SSI) modeling approach, which 

means that in order to determine the displacement capacity a detailed finite element 

structural model must be developed. 
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2.5.5. Chiou et al. (2009) 

They proposed a plastic hinge length model that allows for calculating the force-

displacement response capacity of drilled shafts. This  model depends only on the yield (My) 

and ultimate (Mu) moments of the drilled shaft cross section, and the lateral soil pressure (p), 

as shown in Equation 2-22. 
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  Equation 2-22 

They developed a finite element (FE) structural model considering distributed 

plasticity, although it is not clear the implementation of such a model as details regarding 

the modeling approach are not provided. Their FE model considered the soil behavior by 

means of non- linear spring whose properties were assigned based upon p-y curve analyses. 

They showed that using the proposed plastic hinge approach, results are accurate in terms of 

force and displacement response, when compared to experimental field data. However, they 

recognized that moments and thus curvatures were not in agreement. 

This approach has two main drawbacks. First, the plastic hinge model was deve loped 

based on the assumption that the soil pressure is uniform along the pile length, which is not 

possible because of the effective stresses in the soil and the level of deformations at different 

depths. Second, the proposed plastic hinge length can only be utilized in combination with a 

detailed FE structural model that includes non-linear behavior. 

2.5.6. Caltrans (2013) 

According to the seismic design criteria provided by Caltrans (2013), pile-column 

elements are classified as “Type I shafts”. These type of elements develop a plastic hinge 
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below ground and the designation assumes that the area of transverse and longitudinal 

reinforcement may vary, but the confined core cross section and cover must be the same for 

both column and pile portions. The criteria require that the column displacement must 

include elastic and plastic components, as well as deformations due to foundation flexibility; 

however, no guidance is provided with respect to the inclusion of foundation flexibility on 

the elastic component of the displacement capacity. 

For single bending, the drilled shaft displacement capacity, using Caltrans (2013) 

criteria, is determined using an equivalent fixed-base column, similar to the approach by 

Suarez and Kowalsky (2007), as shown in Figure 2-4, with the exception that correction 

factors are not utilized, and for the calculation of the elastic displacements the equivalent 

cantilever has its base centered at the depth to plastic hinge (Dph). Moreover, the definition 

of the equivalent plastic hinge length (Lp) is shown in Equation 2-23, and the base of the 

inelastic curvature distribution coincides with the base of the equivalent cantilever. Using 

this model the ultimate displacement (Δu) can be determined by adding elastic (Δy) and 

plastic components (Δp) using Equation 2-24 through Equation 2-28. 
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Figure 2-4 Plastic hinge model for Type I drilled shafts (Caltrans 2013) 
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 Equation 2-28 

Although Caltrans (2013) does not explicitly specify whether the above formulation 

is applicable for RC or RCFST shafts, the designation of “Type I shafts” assumes a steel 

core with longitudinal and transverse reinforcement, and cover concrete. As such, it is 

reasonable to assume that it only refers to RC elements. Furthermore, the plastic hinge 
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model assumes a linear distribution to the depth to plastic hinge, which neglects the soil 

contribution on the foundation flexibility. In addition, Caltrans (2013) does not provide 

provisions or recommendations related to the depth to plastic hinge; similar to the SCDOT 

(2008) approach, the depth to plastic hinge should be determined based upon SSI analyses. 

For double bending of drilled shafts, Caltrans (2013) does not explicitly provides 

guidance as to how to determine the displacement capacity. However, it provides a plastic 

hinge length model for plastic hinges forming at the interface with the bent cap for either RC 

or RCFST, as shown in Equation 2-29. Note that this expression is valid as long as a gap is 

provided between the steel tube and the bent cap beam. 

0.08 0.15 0.3p ye bl ye blL L f d f d    Equation 2-29 

2.5.7. Goel (2015) 

He conducted analytical studies on prestressed concrete and hollow-steel tube piles 

to assess the effectiveness of current recommendations for depth to plastic hinge and 

equivalent plastic hinge lengths. For that purpose, he developed a finite element (FE) 

structural model to conduct static pushover analyses that considered non- linear behavior 

using a distributed plasticity, fiber-based approach. The soil was modeled using non- linear 

springs, whose properties where determine based upon bi- linear p-y curve analyses. Such 

analyses considered soil variability represented by upper and lower bounds of the p-y curves 

by using multipliers of 0.67 and 1.5. Six soil types where considered, namely, three soil 

stiffness levels for both sand and clay. 
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Goel (2015) found that the plastic hinge length depends on the demand level, while 

the depth to plastic hinge is not affected. The former is an interesting finding because 

current plastic hinge length models depend only on the pile d imeter (D) and the 

aboveground length-to-column diameter (La/D) ratio. The latter is expected because after 

onset of the plastic hinge, the soil-pile interaction reduces as the pile flexural stiffness 

decreases due to increased damage. In terms of the soil type, he found that current plastic 

hinge recommendations produce smaller plastic hinge lengths for clays. He also concluded 

that results showed larger depths to plastic hinge when compared with current approaches. 

One of the most significant findings is that both the depth to plastic hinge and the 

plastic hinge length can significantly change depending upon the soil type and its variability. 

This suggests that the plastic hinge length and its corresponding depth should be a function 

of the soil type. In terms of the soil variability, his results suggest that the plastic hinge and 

its depth can increase within one and three pile diameters (1D and 3D), respectively, for 

lower-bound when compared to upper-bound p-y curves. 
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CHAPTER 3 

3. STUDY PLAN 

3.1. Research Gap 

Past experimental and analytical studies (González-Román et al., 2008; Montejo et 

al., 2012; Brown et al., 2015) have analyzed the performance of reinforced concrete filled 

steel tube (RCFST) elements at a section and member levels, that is, moment-curvature and 

force-displacement response, respectively. Thus, the failure mechanism for such elements 

has been established. The failure mode starts with onset of tube local buckling which 

continuously grows until tube fracture occurs. Furthermore, strain limits have been proposed 

for both the tensile strain prior onset of tube buckling and tube fracture. In addition, an 

equivalent viscous damping expression has been developed and strain compatibility has 

been verified through experimental tests (Brown et al., 2015). 

While past research outcomes, described above, are useful for design of RCFST 

column elements, there is still a need to understand the behavior of RCFSTs embedded in 

soil, which is precisely the case of pile-columns (also known as drilled shafts) and the focus 

of the research described in this report. More specifically, there is a need to understand how 

the soil stiffness affects the plastic hinge when, due to structural configuration and direction 

of seismic loading, it develops below ground.  

The moment distribution profile and the moment gradient could significantly change 

depending on the relative soil-pile-column stiffness. This means that for a stiffer soil profile 



 

41 

the plastic hinge could move closer to the soil surface and the spread of inelastic action 

could be smaller due to a higher moment gradient, similar to that of a fixed-base condition, 

which in turn increases the lateral strength and shear demands of the system (Suleiman et 

al., 2006). On the other hand, for a soft soil condition, the location of the plastic hinge 

depends on the effective soil-pile-column stiffness, potentially moving the plastic hinge 

downward into the ground, modifying the moment distribution and thus the moment 

gradient, resulting on a greater spread of inelastic due to a smaller moment gradient, which 

in contrast to a stiffer soil profile decreases the lateral strength and shear demands of the 

system (Suleiman et al., 2006). Moreover, the hysteretic behavior and energy dissipation of 

RCFST pile-columns could also be influenced by the soil stiffness as this parameter has a 

direct effect on the soil-pile-column interaction. Furthermore, the difference in the hysteretic 

behavior, energy dissipation, moment gradient, and the spread of inelastic action, induced by 

the effect of the soil stiffness, could have a significant influence on the plastic hinge length, 

equivalent viscous damping, and performance limit states of the system under consideration. 

As such, understanding the effects of the soil stiffness on the aforementioned parameters 

could play an important role for seismic design and assessment of RCFST pile-columns, 

particularly when displacement-based approaches are implemented (e.g., Priestley et al., 

2007), as accurate estimates of the limit states and equivalent viscous damping are essential. 

3.2. Objectives 

The main goal of the study described in this report is to analyze the effects that soil 

stiffness could induce on the structural performance of RCFST pile-columns when the 
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plastic hinge develops below ground. More specifically, this study aims to evaluate the 

effects of soil stiffness on the: 

1) Force displacement response. This will provide an insight not only into the shape of the 

hysteretic behavior but the force and displacement levels the system can undergo when 

different soil stiffness levels are considered. 

2) Energy dissipation characteristics. A revision of the equivalent viscous damping model 

proposed by Brown et al. (2015) is expected. Besides the D/t ratio parameter, the new 

model will account for the effective soil-pile-column stiffness, which is directly 

impacted by the length of the column above ground and the soil stiffness. 

3) Plastic hinge length. A plastic hinge model that includes the effects of the diameter-to-

thickness (D/t) ratio, aboveground length-to-diameter (La/D) ratio, and soil stiffness will 

be developed. Such a model will allow for determination of the system displacement at 

different limit states. 

4) Performance limits states. Previous research efforts provided strain limits for the design 

of RCFST elements (Brown et al., 2015). At a global level in a RCFST pile-column 

system, performance limits states (i.e., system displacement or drift) depend upon the 

confinement provided by the surrounding soil. As such, performance limit states will be 

developed considering the effects of the moment gradient induced by such confinement 

effect, the length of the column above ground (La), and ultimately the effective soil-pile-

column stiffness. 
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CHAPTER 4 

4. METHODS 

To accomplish the objectives described in the previous section, this study had two 

main components. First, an experimental program was conducted on Reinforced Concrete 

Filled Steel Tube (RCFST) specimens embedded in sand. Then, the second component 

consisted of conducting parametric studies. For that purpose, a finite element (FE) structural 

model was developed using the OpenSees framework software (McKenna et al., 2000). The 

modeling approach consisted of non- linear, fiber-based RCFST elements along with non-

linear springs for soil characterization. The developed model was validated and calibrated 

based upon data collected from the experimental program. This section describes both 

experimental and analytical components of this study. 

4.1. Experimental Program 

Twelve half-scale experimental tests were conducted on RCFST pile-column 

specimens embedded in sand at the soil-structure interaction (SSI) facility at the Constructed 

Facilities Laboratory (CFL) at North Carolina State University (NCSU). The syste m was 

constructed around a 20-foot-deep testing pit, and was designed to apply cyclic lateral 

loading and to induce different soil stiffness levels by pre-stressing of a soil profile, as 

explained in subsequent sections. The test specimens, test setup, instrumentation, and main 

parameters considered in the experimental program are described herein. 
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4.1.1. Test Specimen Description 

The RCFST specimens consisted of steel tubes filled with concrete and internal 

reinforcing steel. Spirally welded steel tubes without skelp or splice welds were used; 

performance of such steel tubes for seismic applications has been reported elsewhere  

(Fulmer and Kowalsky, 2011). The steel tubes were manufactured in accordance to ASTM 

A-139 Grade B steel, with the exception that they were not pressure tested. Consequently, 

they were labeled as ASTM A-252 Grade 3 steel, yet met all material specification 

requirements for ASTM A-139 Grade B steel. The steel tubes had outer diameters (D) of 

either 12 in. or 12-3/4 in. and three different thicknesses (t), providing nominal diameter-to-

thickness (D/t) ratios of 48, 68, and 95. The internal longitudinal reinforcement consisted of 

eight (8) #5 bars uniformly distributed along the circumference of the section, using a cover 

(clb) of 1 in. between the outside of the longitudinal bars and the inside of the steel tube. The 

internal reinforcement (longitudinal and transverse) was kept constant as past research has 

shown that it only increases the flexural strength without modifying the ultimate limit state  

(Brown et al., 2015). The transverse reinforcement consisted of #3 spirals at 6 in. spacing, 

providing an average internal volumetric steel ratio ρs ≈ 0.75%. All internal reinforcement 

consisted of ASTM A-706 Grade 60 steel, while the specified concrete compressive strength 

was 5 ksi. Each specimen had a reinforced concrete loading stub located at the specimen 

head, with dimensions 24x18x18 in., which allowed for application of lateral loading. As 

explained in subsequent sections, inclinometer sensors were installed along the length of the 

specimens. For that purpose, a 2-3/4- inch-diameter PVC tube was placed at the centroid of 
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the specimen cross-section along its entire length. The specimen cross-section details are 

presented in Figure 4-1. 

 

Figure 4-1 RCFST pile-column specimen cross section 

4.1.2. Soil-Structure Interaction (SSI) Facility 

4.1.2.1 Geotechnical Laboratory 

The NCSU-CFL houses multiple environments for large-scale testing of both 

structural and geotechnical applications. The geotechnical portion of the laboratory includes 

a 20-foot-deep, 10-foot-diameter pit that can be filled with different types of soil, in which 

foundation systems can be embedded, allowing for physical testing of soil-structure systems 

under a variety of loading conditions. The geotechnical laboratory at the CFL is also 

equipped with an 11-kip capacity overhead crane. The laboratory floor has anchors spaced at 

3 ft. on each direction across almost the entire floor. Each anchor location consists of four 

3/4-inch threaded rods embedded into a recessed portion of the concrete floor. Figure 4-2 

shows a floor plan view of the geotechnical laboratory at CFL. 
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Figure 4-2 CFL geotechnical laboratory floor plan view 

Note from Figure 4-2 that there is a rectangular shaft next to the testing pit. This 

shaft provides access to a water system consisting of an inlet pipe into the pit, a water 

diffuser (i.e., a set of pipes with holes at different locations utilized to distribute the water 

evenly at the bottom of the pit), and a water outlet pipe from the pit. The main water inlet 

pipe is regulated to deliver a continuous pressure of 100 psi, which in combination with the 

water diffuser at the bottom of the pit allows for inducing quick conditions (liquefaction) on 

sandy soils. 

4.1.2.2 Lateral Loading 

A lateral loading frame was designed, anchored to the laboratory strong floor, to 

elastically resist the maximum expected lateral load. Predictions using numerical 

simulations, which included non-linear behavior of materials, suggested that in order to 

develop a tensile strain of 2.5% in the steel tube, the top of the RCFST pile-column 
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specimens would need to reach a lateral displacement of about 30 in. while sustaining a 

maximum force of about 30 kips. For design purposes, a lateral load of 100 kips was 

considered, assuming a factor of safety larger than 3. Multiple steel-braced frame 

configurations were considered for the lateral loading frame to enable variations in specimen 

geometry and lateral load location (height off the floor). The final design of the loading 

frame consisted of three W10x33 vertical columns, three HSS 3-1/2x3-1/2x5/16 5/16 

inclined braces, and a single horizontal W 8x67 beam. All structural elements were 

manufactured using grade 50 steel. Each column includes additional stiffeners to reinforce 

against localized failure modes at the locations where the beam and diagonal braces frame 

in. The lateral loading frame was designed and fabricated to allow for two heights (vertical 

position) of a hydraulic actuator, providing for the ability to include the aboveground height  

of the RCFST pile-columns as a variable in the experimental program. The horizontal beam 

allows for distribution of the lateral force from a hydraulic actuator into three floor anchor 

groups. Figure 4-3 shows the loading frame after construction at the intended location. A 

custom hydraulic actuator with a stroke capacity of ±35 in. was designed and fabricated. The 

same maximum lateral load used for the design of the loading frame was considered, 

namely, 100 kips. 
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Figure 4-3 Lateral loading frame 

4.1.2.3 Soil-Sandwich Concept 

The soil-sandwich approach proposed in this study is based upon the premise that the 

sand modulus varies as a function of the mean effective stress. Past studies have explored 

the use of confinement in combination with prestress loading to improve both vertical and 

horizontal stiffness of a given soil profile. Shinoda et al. (2003), for example, developed a 

construction procedure for mechanically reinforced backfill structures that involved the 

application of a large pre- load followed by pre-stressing of the soil structure to a constant 

level during service conditions (i.e., active load in service). They suggested that transient 

deformations due to traffic load can be minimal and will remain elastic when the pre-stress 

level is half that of the pre- load level, which in turn results in small residual deformations. In 

addition, they recommended that the difference between the pre- load and pre-stress levels 
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must be larger than the amplitude of the subsequently applied cyclic load. They validated 

their approach with results of laboratory experiments and the performance of a prototype 

railway bridge pier constructed using the proposed pre- loading and pre-stressing 

construction procedure which they termed “PLPS”. Uchimura et al. (2005), on the other 

hand, conducted vertical and horizontal loading tests on a full-scale PLPS geogrid-

reinforced soil pier of a railway bridge. They argued that the high performance, in terms of 

the transient and residual deformations due to traffic loads, can be attributed to the PLPS 

procedure. They also concluded that the PLPS procedure is effective for achieving high 

seismic stability as results from lateral loading tests suggested a larger capacity against over-

turning moment and horizontal shear. In both previously mentioned examples, enhanced 

performance was attributed to confinement, which leads to an increase in the mean effective 

stress as the soil is restrained from expanding laterally under the applied loading. 

Motivated by the concept and literature described above, the soil-sandwich concept 

was born on the basis of pre-stressing a soil profile while providing confinement to achieve 

a higher soil stiffness. The term “soil-sandwich” evolved from the idea of applying a 

surcharge load to the soil through top and bottom RC reaction plates inside the pit, as 

depicted in Figure 4-4. Note that the round RC wall of the pit confines the soil within the 

reaction plates. Such reaction plates consist of two half-moon and a circular RC plates 

located at the top and bottom of the pit, respectively. The two half-moon reaction plates 

leave a gap of 14 in. between them, allowing lateral movement of pile-column specimens 

under cyclic lateral loading. The bottom reaction plate has a large diameter hole in its 

centroid. The purpose of this 14- inch hole is to allow for drainage after liquefaction, which 
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was used for the regeneration of the soil sample, as well as for insertion and removal of the 

pile-column specimens. The final design of the reaction plates consisted of 8-inch-thick slab 

elements with a diameter of 9.75 ft., leaving a gap between the pit wall and the reaction 

plates of 1-1/2 in. The reinforcement consisted of upper and lower two-way mats, each using 

#5 reinforcing bars at 4-inch-center-to-center spacing with 1-1/2-inch cover.  The specified 

concrete compressive strength was f’c = 8 ksi. The selected reinforcing bars were made 

from Micro-composite Multi-structural Formable Steel (MMFX) (Yotakhong, 2003), a high 

strength, corrosion-resistant steel, in an effort to provide additional service life to the 

concrete elements that may be subjected to severe environmental conditions. The relatively 

close spacing of the reinforcing bars and the high strength concrete are intended to reduce 

strains and mitigate crack widths in the RC reaction plates. 

 

Figure 4-4 Soil surcharge system (soil-sandwich concept) 

The surcharge load is applied by pre-stressing the soil vertically by means of 5/8-

inch, ASTM A-722 Grade 160, DYWIDAG post-tensioning (PT) bars, which are run 

through the soil-sandwich profile (Figure 4-4). These are post-tensioned using 44-kip, 2-



 

51 

inch-stroke, center-hole hydraulic jacks reacting on the top reaction plates and the PT bars in 

order to induce a surcharge load within the sand sample. The sand utilized in this research 

was classified as poorly graded sand (SP) with an average unit weight γ = 90 pcf and friction 

angle ϕ = 35°. A total of six PT bars are utilized so that the resultant pre-stressing force 

coincides with the centroid of the top half-moon RC plates. The PT bars are connected and 

fixed to the bottom reaction plate utilizing 10x10-inch bearing plates along with hexagonal 

nuts. At the top, the PT bars run through the half-moon reaction plates and a set of bearing 

plates and nuts are installed with a center-hole jack at each PT bar location. Then, using a 

manual hydraulic pump and a set of hoses connected through a seven-port manifold, the PT 

bars are stressed simultaneously. A load cell is utilized to monitor the applied load to 

achieve the desired surcharge level. By using this soil-sandwich system and compressing the 

sand, internal stresses in the soil increase, thus increasing the confining stress within the soil 

profile, and thereby increasing the effective soil stiffness. Such a system enables the 

possibility not only to evaluate how the soil impacts the pile-column response, but how the 

pile response varies depending upon the stiffness level of the surrounding soil. 

4.1.2.4 Soil Surcharge System 

Preliminary experiments were conducted to evaluate the effectiveness of soil 

prestressing as a technique of altering soil stresses. This section describes the test setup and 

experimental results of the soil surcharge system. Further details about these tests can be 

found elsewhere (Talley, 2014). 
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As previously mentioned, the soil-sandwich system consists of top and bottom RC 

reaction plates in combination with PT bars and poorly graded sand (SP) between the 

reaction plates, all of which is embedded into a round RC pit (Figure 4-4). For this purpose, 

the bottom reaction plate was first lowered into the pit on top of a 6- inch layer of sand, 

which in turn rested on top of a 12-inch layer of gravel. This bottom layer of gravel serves 

as a filter system to prevent sand from escaping during drainage after liquefaction is 

conducted for pile insertion or removal, as it will be explained in next section. This gravel 

layer also overlays the water diffuser and helps to distribute water evenly within the cross 

section of the pit. After the bottom reaction plate was in position, instrume ntation for 

measurement of soil pressures was installed. A single pressure cell sensor was mounted on 

top of the bottom reaction plate to measure the vertical pressure at the bottom of the soil 

profile. Three pressure cell sensors were installed on the pit  wall at different depths to 

measure confinement stresses. The pit was then filled with poorly graded sand and eight 

additional pressure cell sensors were installed at two locations (i.e., A and B) and four 

depths, as shown in Figure 4-5. These pressure cells were laid horizontally in the middle 

section of the pit, allowing for measurement of the vertical pressure. Finally, the half-moon 

reaction plates were set on top of the filled pit and center-hole hydraulic jacks were placed 

on each PT bar and were capped with a bearing plate and a nut. Figure 4-6 presents a 

photograph of the soil surcharge test setup. 
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Figure 4-5 Soil surcharge system schematic: (a) elevation view and (b) plan view 

 

Figure 4-6 Soil surcharge testing 

A loading protocol was developed for these tests, where the applied load was 

increased in pressure increments of 100 psf up to a maximum of 1,200 psf, followed by 

pressure decrements of 100 psf. In order to control the pressure to be applied, axial load in 
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one of the PT bars was monitored using a load cell that was placed between the top bearing 

plate and nut (Figure 4-6). The hydraulic pressure was applied equally to each PT bar 

through a seven-port manifold that connected all hydraulic lines to a manual pump.  

Readings from the pressure cell sensors were taken at each load increment for both loading 

and unloading phases. 

4.1.2.4.1 Effects of Surcharge Loading on Soil Stresses 

Figure 4-7 presents the average increase in vertical pressure distribution in both 

locations A and B, while Figure 4-8 presents the average increase in lateral confining 

pressure measured on the test pit wall. These results correspond to the average of three 

surcharge loading cycles for pressure increments of 200 psf. In Figure 4-7 and Figure 4-8, a 

depth of zero corresponds to the soil surface. As evidenced from the pressure results, 

locations A and B showed different pressure gradients. One of the main reasons for this is 

that the sand was initially more compacted on the north side of the pit as it was initially 

dumped into the pit over that side and then pulled back to the south side during the initial pit 

filling process. This result was also observed from the top reaction plates as their southern 

end experienced more settlement than their northern end. Despite the slightly different stress 

increase profiles, note that the vertical and confining pressures increased within the soil 

profile as a result of an increase in the surcharge load on the top. Moreover, while the 

pressure gradients are different, note that there is a distinct kink in the curves at a depth of 

about 4 ft. This local maximum represents the point at which the contact stresses become 

negligible and the impact of the surcharge load starts to decrease with depth. As will be 
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evident in subsequent sections, an active surcharge load of q = 960 psf allows for altering 

the state of stress within the soil profile so that a stiffer soil profile is simulated. 

 

Figure 4-7 Vertical pressure increase at: (a) location A and (b) location B 
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Figure 4-8 Confining pressure increase (measured at pit wall) 

4.1.2.5 Pile Insertion and Removal 

One of the most important features of this SSI facility is the ability to insert and 

remove the pile-column specimens quickly and easily by employing liquefaction. The 

liquefaction process also allows for the regeneration of the uniform sand sample after the 

pile-column testing is completed and a specimen is set in place for testing. 

Initially, the plan was to use the existing water system in the pit, as described in the 

previous section. Therefore, after the trial tests of the soil surcharge system were conducted, 

the top reaction plates were removed to perform soil liquefaction trial tests, so as to verify 

the feasibility of easy insertion and removal of the pile-column specimens. Several attempts 

were conducted without success, namely, the liquefaction occurred in an abrupt manner 

inducing only partial liquefaction at some spots within the cross-section of the sand deposit. 

In addition, during the liquefaction attempts it was observed that the reaction plate at the 

bottom was moving upward prior soil liquefaction, and suddenly moving downward 

(dropping) right after liquefaction took place. This was deducted from the movement of the 



 

57 

PT bars, connected to the bottom reaction plate as described earlier. It was concluded that 

this phenomenon occurred due to the position of the water diffuser. As previously 

mentioned, the water diffuser was located below the bottom RC reaction plate. This means 

that during the liquefaction process, the water could only go through the reaction plate in the 

1-1/2-inch gap between the pit wall and reaction plate, and the 14- inch-drainage hole left at 

the centroid of the bottom reaction plate. As a consequence, the water did not permeate 

evenly within the cross section of the soil deposit. This allowed part of the water to remain 

below the bottom reaction plate, building pressure up until the pressure due to the self-

weight of the whole reaction plate-soil system was overpassed, moving the system upward 

without liquefaction, until eventually partial liquefaction occurred. 

The evident solution to this problem was to change the position of the water diffuser 

so as to avoid the permeability issue due to the presence of the bottom reaction plate. This 

means that the only feasible option was to put the water diffuser above the bottom react ion 

plate as depicted in Figure 4-9. In order to accomplish this, the sand was removed from the 

pit along with the bottom reaction plate and the existing water diffuser, which was 

disconnected from the water inlet pipe. One of the concerns with the new position of the 

water diffuser was the additional pressure to which it would be subjected, as the surcharge 

loading would induce additional stresses in the pipe set, though such pressure is of small 

magnitude as it can be inferred from Figure 4-7 and Figure 4-8. It was decided then to 

construct a new water diffuser with the same characteristics and details as the existing one, 

but using schedule 80 PVC pipes. Construction of the new diffuser also involved and 

additional pipe line running from the water inlet pipe in the pit wall toward the center of the 
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pit, to then go upward toward the new water diffuser, as this was the only location for a 3-

inch-pipe to go through the bottom reaction plate. Figure 4-9(b) shows the new water 

diffuser installed above the bottom reaction plate. 

 

Figure 4-9 New water diffuser: (a) sketch elevation and (b) photograph looking into the pit 

Once the new water diffuser was installed, a 14-inch layer of gravel (acting as a 

filter) was deposited into the pit to embed the new pipe set. Then, the pit was filled with the 

sand material again and trial tests of liquefaction were conducted. As expected the bottom 

reaction plate did not move and the liquefaction was evenly distributed within the cross 

section of the pit. However, it was observed that instead of just opening the water inlet 

valve, a sequence must be followed in order to achieve an appropriate liquefaction that will 

allow a pile-column specimen to be installed in the soil profile. Due to the inherent 

permeability of sand and due to the large volume of water that can be introduced in the pit 

using the full pressure capacity of the main inlet pipe, namely 100 psi, opening the water 

valve to full capacity would result in the entire mass of soil moving upward, inducing abrupt 

and partial liquefaction. The final procedure to effectively liquefy the soil was developed 
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based upon several liquefaction attempts conducted using different sequences when opening 

the water valve. 

The first step toward an adequate liquefaction is to slowly and fully saturate the 

entire soil mass. For this purpose, the water valve must be opened to 20% of the full 

capacity. Once the water level overpasses the soil surface, the water valve must be shut-off; 

this process usually takes about 6 hours. The soil deposit is left overtopped with water for at 

least one day such that the water fully saturates the pores within the soil profile. The second 

step consists of draining the pit for 15 minutes at full capacity, after which the drain must be 

shut-off and then 20 minutes must be left to pass before the next step. The third step consists 

of the liquefaction itself. The process for this step is listed below, where opening and closing 

of the water valve is indicated with reference to full capacity and the time frame shown is an 

approximation with a tolerance of ± 15 seconds. 

a. Open water valve to 25% for 1 minute 

b. Open water valve to 50% for 2 minutes 

c. Open water valve to 75% for 2 minutes 

d. Open water valve to 100% for 30 seconds 

e. Close water valve to 75% for 30 seconds 

f. Open water valve to 100% for 3 minutes 

From part a through part c of the process above, saturation of the water system and 

the soil progresses slowly. At full capacity of the water inlet (d), the entire soil mass slightly 

moves upward while cracks appear in the soil surface. At this point the water valve must be 

closed to 75% of full capacity (e). This slight closure allows liquefaction to slowly start at 
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the bottom of the soil profile and prevents and abrupt and partial liquefaction from 

occurring.  After 30 seconds pass at the end of this step (e), visible signs o f liquefaction can 

be observed on the soil surface and the water starts overpassing the surface.  At this point, 

the water valve must be opened to full capacity (f). Full liquefaction of the soil takes place 

for about 3 minutes while the water is left to run at 100% of full capacity, until the water 

level is about 2 in. below the top of the pit wall. The water valve must be shut-off at this 

level to prevent overflow of the pit. During a pile-column insertion, once the soil particles 

have settled for about 1 hour after the water valve is shut-off post- liquefaction, the drain 

valve is slightly opened such the soil drains slowly and evenly. Full drainage of the pit in 

this manner takes about one day until water barely drips from the drain pipe. 

The liquefaction process described above has been shown to work effectively for 

pile-column insertion and removal purposes. Insertion and removal processes are conducted 

using the overhead crane to maneuver the pile-column specimens within the laboratory. The 

main advantage of using liquefaction is that it allows pile-columns to be tested in a much 

faster and more economical way, as opposed to manually removing the soil and filling the 

pit back for each test. In addition, soil liquefaction also restores the initial mechanical 

properties of the sand at the start of each test, meaning that the soil is reset to the same initial 

conditions after liquefaction. 

4.1.3. Test Setup and Instrumentation 

As previously mentioned, the NCSU-CFL soil-structure interaction (SSI) facility 

consists of a 20-foot-deep, 10-foot-diameter pit in which a surcharge system (soil-sandwich) 
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was embedded in order to conduct experimentation on RCFST pile-column specimens under 

reversed cyclic loading, considering two soil stiffness profiles. For that purpose, the 

specimens were embedded 14 ft. into loose sand (SP). Two aboveground heights (i.e., 

column length) were considered, resulting in pile-column lengths of 19.5 ft. and 21.5 ft., 

measured from the point where the lateral load was applied to the pile-column tip. Reversed 

cyclic lateral loading was applied to the pile-column head by means of a 100-kip, 70-inch 

stroke hydraulic actuator. The actuator was supported on a b raced steel frame and was 

connected to the specimen using a pinned connection (i.e., pinned-head condition). The 

effective soil stiffness was expected to be modified for some of the experimental tests by 

using the proposed soil-sandwich approach described before. In short, such system consists 

of two half-moons and a circular reinforced concrete (RC) plates, located at the top and 

bottom of the pit, respectively, that are used in combination with six 5/8- inch, ASTM A-722 

Grade 160, DYWIDAG post-tensioning (PT) bars and 40-kip, 2- inch stroke hydraulic jacks 

reacting on the half-moon RC plates in order to induce a surcharge on the soil surface, thus 

modifying the effective soil stiffness. This approach is referred as to the soil-sandwich 

concept (Talley, 2014). By using this system and compressing the soil, internal stresses in 

the soil increase, thus increasing the soil stiffness. A schematic elevation and a photograph 

of the test setup are presented in Figure 4-10 and Figure 4-11, respectively. 
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Figure 4-10 Pinned-head, RCFST pile-column test setup schematic elevation 
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Figure 4-11 Pinned-head, RCFST pile-column test setup with specimen subjected to 
substantial lateral displacement 

Specimen instrumentation included: (1) longitudinal strain gauges, (2) inclinometer  

(slope indicator) sensors, (3) a non-contact three dimensional position measurement system 

(herein after referred to as the Optotrak system), (4) load cells, (5) pressure cells, and (6) a 

linear displacement transducer. Figure 4-12 and Figure 4-13 show schematics of the 

instrumentation. 

In regard to strain gauge (SG) sensors, a total of 22 were placed longitudinally on the 

extreme tension and compression fibers covering the pile embedded length using 1- foot and 

2-foot interval depths inside and outside the plastic hinge zone, respectively, as shown in 

Figure 4-12 and Figure 4-13. Since some SG sensors were installed in the embedded portion 

of the specimens, it was necessary to protect them against moisture and friction with the 

sand. For that purpose, once each SG sensor was installed, it was covered with at least four 
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layers of polyurethane coating. Then, each SG sensor was covered with a 5- inch- long, 5/8-

inch aluminum angle which was attached to the steel tube surface using hot glue. Lastly, the 

aluminum angle was covered with butyl tape for moisture protection. The SG protection 

process is depicted in Figure 4-14. 

Regarding the inclinometer sensors (slope indicators), 2-foot gauge length 

inclinometers were placed at the centroid of the section along the entire length of the 

specimen, providing rotation data at different depths. Figure 4-15 shows the inclinometers 

sensors utilized along with their casing (blue PVC tube), which runs along the length of the 

specimen at its centroid. 

The Optotrak Certus HD, a non-contact, three-dimensional position measurement 

system, was utilized to verify displacement, rotation, and strain data by monitoring the 

position of LED markers placed in the specimen above the soil surface. The use of this 

system for earthquake engineering research is described elsewhere (Goodnight et al., 2014). 

As previously mentioned, the surcharge pressure in the soil was controlled by a load 

cell that monitored the load applied in one of the six PT bars used to compress the soil. The 

pressure in the hydraulic jacks acting on each PT bar was the same, thereby ensuring the 

same load in all the PT bars and thus a uniform surcharge. On the other hand, a tempo-sonic 

transducer and a load cell were used to control the hydraulic actuator. Finally, as described 

earlier, confining stresses were measured in the round pit wall by using pressure cell 

sensors. 
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Figure 4-12 Instrumentation for RCFST pile-column specimen with column length of 5.5D 
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Figure 4-13 Instrumentation for RCFST pile-column specimen with column length of 7.5D 
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Figure 4-14 Strain gauge sensors: (a) SG sensor after installation, (b) hot-glued aluminum 

angle for friction protection, and (c) butyl tape for moisture protection 

 

Figure 4-15 Inclinometer sensors: (a) 2-foot gauge length inclinometer and (b) PVC casing 

(blue pipe) at centroid of specimen cross section along its length 

4.1.3.1 Determination of Strain and Displacement Profiles from Rotation Data 

Using rotation data from a specimen at different points along its length, curvature 

and displacements at different depths can be computed by numerical derivation or 

integration, respectively, considering the appropriate gauge length. It is worth nothing that 

rotation values at the specimen head and tip are calculated by linear extrapolation using data 

from the adjacent two inclinometer sensors. For example, with reference to Figure 4-16, 

where “c”, “r”, and “d” represent curvature, rotation, and displacement values, respectively, 

the rotation at the specimen head, r(1),  is calculated using linear extrapolation based upon 
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the data of rotations r(2) and r(3). Similarly, the rotation at the specimen tip, r(n+2),  is 

calculated using linear extrapolation based upon the data of rotations r(n) and r(n+1). In Figure 

4-16, “n” refers to the total number of inclinometer sensors, which means that there are n+2 

rotation values, and n+3 curvature and displacement values, which include the specimen 

head and tip. Since the gauge length (gl) of each inclinometer sensor is known, the location 

of each inclinometer along the length of the specimen is also known. Such information is  

used in combination with the known geometry of the specimen in order to determine the 

location at which curvature and displacement values are calculated, that is, at midpoints 

between each rotation value (inclinometer ends), as shown in Figure 4-16. 

Curvature values, on the other hand, are calculated based upon the relative rotation 

between consecutive inclinometer sensors, taking into consideration that rotation values are 

in units of degrees, as shown in Equation 4-1. Note that at the specimen head and tip  

curvature values, namely, c(1) and c(n+3), are zero because no deformation occur at such 

sections. As such, curvature values are not calculated at those locations. 

With regard to displacement values, they are calculated based upon the displacement 

at the specimen head, d(1), in combination with the deflection recorded by each inclinometer 

sensor, as shown in Equation 4-2. The displacement at the specimen head, d(1), is measured 

using the information from the Optotrak system or from the displacements of the actuator. 

Note that displacements are calculated along the length of the specimen including the 

specimen tip, d(n+3). 
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Figure 4-16 Schematic calculation of curvature and displacement profiles 
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In order to verify the use of rotation data for calculation of curvature and strain 

profiles, a test using inclinometer devices was conducted. For that purpose, five 2-foot 

gauge length inclinometer sensors where encased in the same PVC tube to be used for the 

actual RCFST specimen, as was shown earlier in Figure 4-15(b). The test setup consisted of 

putting the resultant 10-foot-long PVC tube in a cantilever fashion. The tube was attached to 

a steel column by fixing the first 2 feet at its base. Then, lateral displacements were induced 

at the top of the tube while displacements and rotations were recorded using the Optotrak 
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system and inclinometer sensors, respectively. The Optotrak system was used to monitor 

deflections of the PVC tube at 1-foot intervals. Using such data, rotation and curvature data 

were calculated from numerical derivation considering the appropriate gauge length. On the 

other hand, using the inclinometer data (rotation), curvature and displacements were 

calculated from numerical derivation and integration, respectively, using the 2-foot gauge 

length of the inclinometer sensors. Results of this test are presented in Figure 4-17, where Di 

represents a different displacement reached at the top of the PVC tube. 

 

Figure 4-17 Example of curvature and displacement profiles calculation 
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Note that in terms of displacement and rotation, results are in close agreement using 

either inclinometer or Optotrak data. In terms of curvatures, on the other hand, while the 

maximum values are in close agreement, the shape of the profiles calculated using 

inclinometer data are quite different from those calculated using the Optotrak data. This 

difference has two sources. First, curvature values from the inclinometers are calculated 

with a 2- foot gauge length, which means that values correspond to an average curvature in a 

2-foot length, whereas values from Optotrak correspond to average values in a 1-foot length. 

Second, position measurements from Optotrak have precision of  0.1 mm. (Goodnight et al., 

2014), which means that for small values of curvatures the error is high. Nonetheless, as 

previously mentioned, curvatures corresponding to maximum values are in agreement 

within the corresponding gauge length. 

Finally, for the RCFST pile-column tests, strain profiles were calculated using data 

of curvature profiles in combination with moment-curvature analyses performed using 

CUMBIA (Montejo and Kowalsky, 2007), with an slight modification to include the steel 

tube surrounding the reinforced concrete section. Since values of curvature (ϕ) are known at 

different points along the length of the RCFST pile-column specimens, compressive and 

tensile strains in the extreme fibers of the steel tube, εc and εt, respectively, can be calculated 

using the neutral-axis depth (c) and the diameter of the cross section (D), as shown in  

c c    Equation 4-3 

 t D c     Equation 4-4 
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4.1.4. Loading Protocol 

The load history applied to each RCFST pile-column specimens consisted of 

standard single and three-cycle sets intended to evaluate both elastic and inelastic response. 

The first portion of the test (i.e., pile-column elastic response up to first yield) consisted of 

single reversed, displacement-controlled cycles, ramping up to the first yield displacement 

in ¼ increments of the predicted first yield lateral displacement (Δy’). Given the non- linear 

response from the beginning of the test due to the characteristic soil behavior, target 

displacements in this portion of the test were determined based upon results of a monotonic 

and cyclic pushover analyses performed using a detailed fiber-based, finite element model 

developed using OpenSees (McKenna et al., 2000), which incorporated the non- linear 

behavior of materials. In such a model, soil-structure interaction was accomplished by 

means of non- linear springs at 1-foot interval depths, with spring properties assigned based 

on p-y curves. After the first portion of the test was completed, the measured average 

displacement at the first yield displacement (Δy’) was modified by the nominal-to-first yield 

force (Fn/Fy) ratio as shown in Equation 4-5. The remainder of the test was completed using 

reversed three-cycle sets in displacement-controlled increments at different levels of 

displacement ductility (µ) until failure, as shown in Equation 4-6. 

1
' n

y y
y
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F

      Equation 4-5 

1
1.0 , 1.5, 2.0 , 3.0 , 4.0 , 5.0 , . . .

i
i i      Equation 4-6 

The first yield force (Fy) and nominal force (Fn), which is defined as the force at a 

concrete compressive strain of 0.004 or at a steel tube/bar tensile strain of 0.015 (whichever 
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occurs first), were determined based upon tensile and compressive strains monitored during 

the numerical simulation (i.e., monotonic and cyclic pushover analyses). Presented in Figure 

4-18 is the typical displacement history utilized to conduct the experiments. Positive loads 

and displacements correspond to rightward motion (North) of the specimen in the test setup, 

as shown in Figure 4-18(b). Further details regarding the analysis approach are presented in 

subsequent sections. 

 

Figure 4-18 (a) Typical displacement history and (b) example of a positive deformed shape 

4.1.5. Test Matrix 

The main variables to study included the diameter-to-thickness (D/t) ratio, soil 

stiffness (i.e., soil surcharge), and aboveground height (i.e., column length). The main 

parameters of the experimental program are summarized in Table 4-1. It is worth noting that 

the symbol “*” in Table 4-1 (next to the values corresponding to a D/t ratio of 95) represents 

a particular feature observed on tests 3 and 4. As a consequence, those tests were repeated 

and they correspond to tests 5 and 6. Therefore, while tests 5 and 6 look similar to tests 3 

and 4, respectively, there is a difference related to the failure mechanism of the specimens, 

which will be discussed in subsequent sections. In addition, due to issues related to 
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instrumentation and to an effective alteration of the soil stiffness, test 9 corresponds to a 

repetition of test 2. 

Table 4-1 Experimental test matrix 

Test 
No. 

Diameter Nominal Thickness 
D/t Ratio 

Soil Surcharge Column Length 

mm (in) mm (in) kPa (psf) m (ft) 

1 305 ( 12.00) 6.35 ( 0.250) 48 None None 1.68 (5.50) 

2 305 ( 12.00) 6.35 ( 0.250) 48 46 (960) 1.78 (5.83) 

3 324 ( 12.75) 3.42 ( 0.135) 95* None None 1.68 (5.50) 

4 324 ( 12.75) 3.42 ( 0.135) 95* 46 (960) 1.68 (5.50) 

5 324 ( 12.75) 3.42 ( 0.135) 95 None None 1.73 (5.69) 

6 324 ( 12.75) 3.42 ( 0.135) 95 46 (960) 1.79 (5.88) 

7 324 ( 12.75) 4.76 ( 0.188) 68 None None 1.76 (5.77) 

8 324 ( 12.75) 4.76 ( 0.188) 68 46 (960) 1.76 (5.77) 

9 305 ( 12.00) 6.35 ( 0.250) 48 46 (960) 1.76 (5.77) 

10 305 ( 12.00) 6.35 ( 0.250) 48 None None 2.37 (7.77) 

11 324 ( 12.75) 3.42 ( 0.135) 95 None None 2.34 (7.69) 

12 324 ( 12.75) 4.76 ( 0.188) 68 None None 2.34 (7.69) 

 

4.2. Analytical Model 

As described before, a finite element (FE) structural model was developed for 

prediction purposes and for conducting parametric studies.  Initially, the plan was to develop, 

validate, and calibrate a single FE model using results from the collected experimental data 

on twelve half-scale RCFST pile-column specimens. However, after initial efforts to 

replicate experimental results, it was concluded that this was not possible due to a couple of 

reasons. First, in order to provide design recommendations that represent actual field 

conditions, it is necessary to consider different soil types, along with different stiffness and 

strength properties. Therefore, while the experimental results represent valuable 

information, they only cover one soil type (sand) with two levels of soil stiffness. Second, 

the experiments were conducted under controlled laboratory conditions in a geotechnical 
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testing pit, as opposed to free-field conditions. This means that, while inelastic action was 

developed on the specimens, the restriction imposed by the rigid pit wall, induced an effect 

on the results as the effective stiffness and resistance of the soil were impacted by the soil-

pit wall interaction. 

Based on the discussion above and considering that this study is focused on the 

performance of RCFSTs, it was concluded that if the experimental results are successfully 

replicated, then the mechanical behavior of RCFST specimens is properly modeled. 

Therefore, to consider a broad range of soil types and their properties, the only change in the 

analytical model is the soil characterization. As such, it was decided to develop two 

analytical models, that is, one that represents laboratory conditions, and another that 

represents field conditions. 

In the remaining of this section, the modeling approach is presented along with the 

soil characterization for both laboratory and field conditions. A comparison of analytical and 

experimental results is also presented in support of the analytical model validation and 

calibration. 

4.2.1. Modeling Approach 

A two-dimensional model was developed using OpenSees (McKenna et al., 2000). In 

this approach, distributed plasticity of the RCFST pile-column specimens was represented 

using force-based elements along with five (5) Gauss-Lobatto integration points and element 

lengths of 0.25D, where D represents the outer diameter of the steel tube. The pile-columns 

were modeled considering both aboveground (La) and inground (Lb) lengths, as depicted in 
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Figure 4-19. The OpenSees PDelta coordinate transformation command was implemented 

to account for second order effects. Soil-structure interaction, on the other hand, was 

accomplished by means of non- linear springs at 0.25D interval depths, that is, at each joint 

of the pile elements. These springs were implemented using zero-length elements to which 

cyclic force-displacement relationships were assigned based upon p-y curve analyses. At the 

soil-pile interface, springs were connected using slave nodes at nodes that link two pile 

elements, as shown in Figure 4-20(a); properties of compatibility for such nodes were 

assigned using the OpenSees equalDOF command. The other end of the springs was fixed 

to complete the boundary conditions of the zero-length elements. 

  

Figure 4-19 Modeling approach 

As evidenced from Figure 4-19, the previously described modeling approach was 

used for both pinned-head and fixed-head conditions. The only difference is on the boundary 
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conditions that were properly assigned in each case, that is, in the latter specimens were 

additionally restricted to rotate at their head to represent the stiffness provided by a cap 

beam. 

On the other hand, considering standard construction practice, fixed-head specimens 

had an additional modeling consideration at the column-cap beam interface. In practice, 

RCFST drilled shafts are constructed such that a 2- inch gap is left at the steel tube-cap beam 

interface. By doing so, the steel tube only provides additional shear strength and 

confinement, but not flexural strength of a potential plastic hinge forming at this interface; 

such a behavior has been observed in the past (e.g., Park et al., 1983; Montejo et al., 2012). 

Accordingly, to account for this behavior in the FE analytical model, and to include the 

effects of strain penetration into the cap beam, the modeling detail depicted in Figure 

4-20(b) was implemented. Regarding the former, this approach consists of modeling a 

portion of the RCFST shaft as an RC shaft, whose concrete properties are assigned based on 

the confinement provided by the steel tube. This approach emulates the actual behavior of 

the top plastic hinge of a fixed-head RCFST drilled shaft, where the steel tube does not 

contribute to the flexural strength. While not shown here for the sake of brevity, it was 

found that, the steel tube should be terminated at a distance of 2.5 times the shaft diameter 

(2.5D) from where it actually ends. This distance was determined considering that, under 

lateral loading, strains and stresses are approximately zero at ~2D to ~3D from the column-

cap beam interface. By using this approach, a 2.5D portion is modeled effectively as an RC 

shaft, and below that the shaft is modeled as an RCFST. Moreover, this also helps in terms 
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of the numerical stability of the analytical model due to the smooth force transfer between 

RC and RCFST elements. 

 

Figure 4-20 Modeling details: (a) soil-pile interface and (b) column-cap beam interface 

Regarding the effects of strain penetration, on the other hand, additional fiber-based 

elements were included over and additional length (Lsp) above the column-cap beam 

interface. These elements account for additional flexibility due to strain penetration of the 

column longitudinal reinforcement into the cap beam. The strain penetration length (Lsp) can 

be calculated as shown in Equation 4-7 (Priestley et al., 2007), where fye and dbl represent 

the expected yield strength and diameter of the longitudinal bars. 

0.022sp ye blL f d  Equation 4-7 

With respect to the loading history, target displacements were determined in the 

same manner that it was done for the experimental tests. In short, a monotonic pushover 

analysis was conducted to identify target displacements at different performance limit states. 

Then, based on the results, a cyclic pushover analysis was conducted using standard single 

and three-cycle sets in a displacement-controlled fashion. 

On the other hand, it was previously mentioned that two analytical models were 

developed to represent laboratory and field conditions, where the only difference is on the 
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soil characterization. This means that the p-y curve analysis, utilized to determine properties 

of the non-linear springs, was different on each analytical model. More specifically, the 

model developed to replicate laboratory conditions utilized the Poulos and Davis (1980) 

approach to calculate the stiffness of p-y curves for sand using the effective mean stress of 

the soil, whereas the field-condition model utilized the API (1993) approach. Moreover, for 

p-y curve analysis in clay, the Matlock (1970) model was implemented. It is worth nothing 

that the API (1993) and Matlock (1970) models have been used in the analysis of past 

laboratory and field experiments (e.g., Boulanger et al., 1999; Chai and Hutchinson, 2002), 

showing results in close agreement. As such, these two models are widely accepted by the 

engineering community, and are typically used in professional practice for soil-structure 

interaction analysis. 

Described next are the OpenSees material models utilized in the modeling approach. 

Subsequently, the definition of the p-y curve analysis is described for both analytical 

models, that is, laboratory and field conditions. 

4.2.2. Material Models 

Non-linear behavior of the materials was considered using a fiber-based approach, in 

which the cross-section is represented by unidirectional fibers corresponding to each 

material type. Properties of these fibers were assigned based on constitutive material 

relationships (i.e., stress-strain curves). In this study, different types of fibers were used to 

represent the materials within the RCFST pile-column specimen cross-section, that is, core 

concrete (confined concrete), reinforcing steel, and steel tube. Confined concrete fibers were 
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modeled using the Concrete01 material model, with parameters based upon the concrete 

compressive strength (fc’) and the Mander et al. (1988) model, considering an effective 

confinement from the steel tube of 50%. The steel tube and longitudinal steel bar fibers were 

modeled using the ReinforcingSteel material model (Kunnath et al., 2009). 

4.2.3. Non-Linear Soil Springs for Laboratory Conditions 

As previously mentioned, non-linear behavior of the soil was considered using non-

linear springs whose properties were assigned based upon results from p-y curve analyses. 

In this study, the dynamic p-y method proposed by Boulanger et al. (2003) was utilized.  In 

this method, the non-linear p-y behavior is characterized by using elastic, plastic, and gap 

components connected in series. The backbone curve was based on the American Petroleum 

Institute (API) recommendations for sand (API, 1993), as shown in Equation 4-8.  
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 Equation 4-8 

In the equation above, A is a parameter that accounts for cyclic or static loading, Pu 

is the ultimate resistance of the soil, kh is the effective lateral soil modulus at a given depth 

x, and y corresponds to the lateral deformation of the soil at a given depth. The ultimate 

resistance for sand was calculated based upon two failure mechanisms (Reese and Van 

Impe, 2011), that is, either assuming a wedge-shaped mechanism that extends to the ground 

surface (Equation 4-9) or a horizontal plane strain failure (Equation 4-10). In these equations 

γ’ is the effective unit weight and D refers to the pile diameter. Parameters c1 through c6 can 

be calculated as shown in Equation 4-11 through Equation 4-16Equation 4-13, respectively. 
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In the equations above, ϕ is the friction angle, ka is the coefficient of active lateral 

earth pressure, k0 is the coefficient of lateral earth pressure at rest, and α and β are angles 

based upon the friction angle (ϕ). These parameters are calculated as follows: 

2tan 45
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 Equation 4-17 

0 1 sink    Equation 4-18 

2


   Equation 4-19 

45    Equation 4-20 

Since in the experimental component of this study the soil stiffness was modified 

considering an increase in the confinement stress in the soil, the effective modulus of 

subgrade reaction (kh) was calculated using the Poulos and Davis (1980) approach, as shown 
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in Equation 4-21. In this equation, D refers to the pile diameter, Es is the elastic soil modulus 

(Equation 4-22), EIp is the flexural stiffness of the pile, and νs is the Poisson’s ratio of the 

soil (Equation 4-23). In Equation 4-22, G refers to the shear soil modulus and it can be 

calculated based upon its relationship to the low strain shear modulus (Gmax), which in turn 

can be determined from Equation 4-24 based on the recommendations by Seed and Idriss 

(1970). In this equation, Patm is the atmospheric pressure, σm’ is the effective mean soil stress 

which depends upon the effective vertical stress, as shown in Equation 4-25, and K2 is a 

parameter that depends on the relative density (Dr), as depicted in Figure 4-21. Regarding 

the shear modulus-to-low strain shear modulus ratio (G/Gmax), Boulanger et al. (1999) 

concluded that a G/Gmax ratio of 25% can be reasonably assumed for working load levels. 

However, as it will be explained later, this ratio cannot be implemented for the analysis of 

the experimental data collected in this study due to the boundary conditions of the test setup 

and the soil-pit wall interaction.  
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Figure 4-21 Shear modulus of sand (Seed and Idriss, 1970) 

Using Equation 4-8 through Equation 4-25, p-y curves can be determined for a given 

set of parameters. Note that the effect of a soil surcharge is directly considered in the 

effective vertical stress of the soil. As an example, Figure 4-22 presents p-y curves at 

different depths along with the effective modulus of subgrade reaction for a soil profile that 

consist of a uniform sand layer with unit weight γ = 90 pcf, friction angle ϕ = 35°, K2 = 35, 

and a shear modulus ratio G/Gmax = 0.25. Moreover, considering and RCFST shaft with 

diameter-to-thickness ratio D/t = 48, the flexural stiffness was taken as EIp = 44,800 kip-ft2. 
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Figure 4-22 (a) modulus of subgrade reaction and (b) resulting p-y curves 

The formulation described above was implemented to develop p-y curves that 

account for laboratory conditions. However, variations on the G/Gmax ratio and an update 

process of the p-y curves at different stages during the test were applied. First, based upon 

validation and calibration of the FE analytical model, which is shown later in this section, it 

was found that the G/Gmax ratio varies along the depth of the soil profile, depending upon the 

level of deformation in the soil. For regions of large soil deformations (i.e., depths within 

2D to 3D), a G/Gmax ratio of 1.0 was considered since the interaction with the pit wall is 

higher, thus resulting in a higher soil stiffness. On the other hand, for regions of small soil 

deformations (i.e., depths within 5D to 6D) a G/Gmax ratio of 0.10 was assumed. For the 

transition zone, the G/Gmax ratio varies linearly from 1.0 to 0.1. As an example, the variation 

of the G/Gmax ratio along with the resulting horizontal modulus of subgrade reaction are 

presented in Figure 4-23 for one of the experimental tests. 
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Figure 4-23 Soil stiffness parameters: (a) G/Gmax ratio, and (b) modulus of subgrade reaction 

In addition to the variation of the G/Gmax ratio, the friction angle was modified to 

consider the stiffening effect of the soil, induced by the large soil deformations and the soil-

pit wall interaction. It is worth recognizing that the physical properties of the soil do not 

change, but rather the effective stresses in the soil increase due to the  confinement effect 

provided by the boundary conditions, and the level of deformation in the soil. As such, the 

larger the soil deformations, the higher the soil-pit wall interaction, thus resulting in higher 

soil stiffness and strength. Furthermore, the variation on the friction angle in turn creates a 

variation in the stiffness and strength properties of the non- linear soil springs utilized in the 

FE analytical model. As such, this was implemented by updating the properties of such 

springs using the OpenSees remove element command along with the initialStressMaterial 

model, that is, soil springs were replaced after a significant deformation was imposed in the 

soil profile. More specifically, a new set of non- linear p-y curves with initial conditions was 
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defined at the following stages of the displacement history: (1) after half the elastic portion 

was completed, (2) after the remaining elastic portion was completed, and (3) after each 

ductility level was completed. 

As an example, Figure 4-24 shows two sets of backbone p-y curves from one of the 

tests; they correspond to soil conditions after the elastic and ductility 1 (μ1) cycles were 

completed. Note that there is a clear difference in the shape of the p-y curves. It is worth 

nothing that the p-y curves depicted in Figure 4-24, are the result of calibrating and 

validating the FE analytical model to match experimental results. As such, the previously 

described p-y curve adjustment would not be expected under free-field conditions, as the 

soil would not have any restriction to deform as it does in the laboratory environment 

described before. Further details regarding validation and calibration of the FE analytical 

model are presented next. 
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Figure 4-24 P-y curves from Test 1: (a) after elastic cycles and (b) after ductility 1 (μ1) 

cycles 

4.2.4. Calibration and Validation of FE Analytical Model 

The FE analytical model was calibrated and validated based upon the collected 

experimental data. More specifically, the main goal was to match the recorded structural 

response in terms of the: (1) top lateral force vs. displacement response, (2) displacement 

profiles, (3) curvature profiles, and (4) tensile strain profiles. 

The calibration and validation process was based on the premise that if experimental 

results were replicated, the mechanical behavior of the system was properly modeled. Then, 

the same model could be used to study a broad range of soil and structural parameters. 

However, the boundary conditions of the test setup and the interaction between soil and pit 

wall, created a unique scenario that resulted in the need to develop two analytical models, 

namely, one characterizing the laboratory environment, and another representative of free-
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field conditions, where the main difference is on the definition of the p-y curve analysis used 

to determine the soil spring properties. 

The previous section described the p-y curve formulation used for the model 

representative of laboratory conditions. It was shown that p-y curves were updated in terms 

of their stiffness and strength characteristics at different stages of the loading protocol. It is 

important to note that while such a process was performed for calibration and validation 

purposes, it was not performed for the analytical model representative of free-field 

conditions, since in that case the soil would not experience the stiffening and strengthening 

effect observed in the laboratory. 

While not shown here for the sake of brevity, it is worth briefly describing the 

validation and calibration in terms of the structural elements. As previously described, pile-

column elements were modeled using force-based elements in combination with five (5) 

Gauss-Lobatto integration points and element lengths of 0.25D, where D represents the 

outer diameter of the steel tube. This was implemented based on the results of sensitivity 

studies. It was found that by using element lengths of 0.25D, results for both displacement 

and force-based elements were in close agreement using either 3 or 5 integration points. 

Moreover, the implemented modeling approach allows to properly capture both the spread 

of inelastic action and soil-structure interaction. Likewise, it helps in terms of convergence 

of the non- linear solution as force-based elements allow for calculating exact internal forces 

and deformations based on the stress-strain relationship of the materials, whereas 

displacement-based elements utilize approximated displacement field solutions to determine 

internal forces, hence leading to slower convergence. 
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The remaining of this section shows a comparison of analytical and experimental 

results for two of the experiments conducted. It is important to note that similar observations 

were made in other tests; experimental results and observations are discussed in detail later 

in this report. For brevity, only results of Test 1 and Test 12 are presented next. These tests 

correspond to RCFST specimens with D/t ratios of 48 and 68, and La/D ratios of 5.5 and 7.3, 

respectively. 

Figure 4-25 presents the top lateral force vs displacement response for both 

analytical and experimental models. The comparison of results is presented up to ductility 3 

(μ3), which corresponds to a level of displacement where onset of tube local buckling takes 

place. Note that both the analytical and experimental response are in close agreement. This 

means that at a global level, the experimental response is replicated by the analytical model. 

Also, note that as displacements increase from cycle to cycle, the lateral force developed 

also increases for the same level of displacement. It is believed that this occ urred until the 

plastic hinge was fully developed, which occurred between the ductility 1.5 (μ1.5) and 

ductility 2 (μ2) cycles. To further validate the results, Figure 4-26 and Figure 4-27 show the 

force vs. displacement response during the elastic portion and part of the inelastic portion 

for each ductility level individually. Note that results of the analytical model are in close 

agreement at each stage of the experimental test. 

Figure 4-28 through Figure 4-30 present results of the comparison at a local level, 

namely, they present displacement, curvature, and tensile strain profiles at different stages of 

the loading protocol. Each of these figures present results for more than one stage of the 

loading protocol, where higher values imply a higher performance level. Note that in both 
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elastic and inelastic portions of the loading protocol, the experimental results are replicated 

by the analytical model in close agreement. However, note that minor differences are 

observed between the dots, which represent experimental data, and the dotted red lines that 

represent the results of the analytical model. Such a difference was induced by the resolution 

of the rotation data. As previously explained, displacement, curvature, and strain profiles 

were calculated based on rotation data collected using inclinometer sensors that had a 2- foot 

gauge length. As such, experimental results related to displacement, curvature and tensile 

strains are valid for a range of 2 ft. though they are plotted at the centroid of the gauge 

length. 

Despite the minor differences described above, especially in terms of the curvature 

and strain profiles, it was concluded that the modeling approach was adequate considering 

that the experimental response was replicated in close agreement at both global and local 

levels. Similar observations were made from results of Test 12, as shown in Figure 4-31 

through Figure 4-36. 
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Figure 4-25 Test 1: top lateral force vs. displacement response comparison 

 

  

Figure 4-26 Test 1: top lateral force vs displacement response comparison for (a) elastic and 
(b) ductility 1 (μ1) cycles 
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Figure 4-27 Test 1: top lateral force vs displacement response comparison for (a) ductility 1 

(μ1) and (b) ductility 1.5 (μ1.5) cycles 
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Figure 4-28 Test 1 (from left to right): displacement, curvature, and tensile strain (push and 
pull cycles) profiles during elastic portion of the test 
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Figure 4-29 Test 1 (from left to right): displacement, curvature, and tensile strain (push and 

pull cycles) profiles at ductilities 1 (μ1) and 1.5 (μ1.5) cycles 
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Figure 4-30 Test 1 (from left to right): displacement, curvature, and tensile strain (push and 

pull cycles) profiles at ductilities 2 (μ2) and 3 (μ3) cycles 

  

Figure 4-31 Test 12: top lateral force vs. displacement response comparison 
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Figure 4-32 Test 12: top lateral force vs displacement response comparison for (a) elastic 

and (b) ductility 1 (μ1) cycles 

 

   

Figure 4-33 Test 12: top lateral force vs displacement response comparison for (a) ductility 
1 (μ1) and (b) ductility 1.5 (μ1.5) cycles 
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Figure 4-34 Test 12 (from left to right): displacement, curvature, and tensile strain (push and 

pull cycles) profiles during elastic portion of the test 
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Figure 4-35 Test 12 (from left to right): displacement, curvature, and tensile strain (push and 

pull cycles) profiles at ductilities 1 (μ1) and 1.5 (μ1.5) cycles 
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Figure 4-36 Test 12 (from left to right): displacement, curvature, and tensile strain (push and 

pull cycles) profiles at ductilities 2 (μ2) and 3 (μ3) cycles 

4.2.5. Non-Linear Soil Springs for Field Conditions 

The parametric study of this project was conducted using p-y curve formulations that 

are frequently used in practice, namely, the API (1993) approach in combination with the 

Reese and Van Impe (2011) model were selected for sand, while the Matlock (1970) model 

was selected for clay. This section describes the formulation of each model and presents the 

main parameters that were utilized. 

4.2.5.1 P-y Curves for Sand 

As previously shown, the API (1993) approach utilizes a hyperbolic tangent function 

to describe the force deformation response of sand. The equation was presented before but 
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has been repeated as Equation 4-26 for completion. In this expression, A is a parameter that 

accounts for the loading type (static or cyclic), Pu is the ultimate resistance of the soil, kh is 

the effective lateral soil stiffness at a given depth, and y corresponds to the lateral 

deformation of the soil at a given depth. Parameters Pu and A can be determined based on 

the Reese and Van Impe (2011) model, previously presented in Equation 4-9 through 

Equation 4-20. 
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 Equation 4-26 

The main difference with the p-y curve formulation for laboratory conditions is on 

the soil stiffness, and more specifically, on the modulus of subgrade reaction (kh). The API 

(1993) approach provides a chart that allows for calculating the coefficient of subgrade 

reaction (nh) as a function of the friction angle (ϕ) or relative density (Dr). Figure 4-37 

presents an updated version of such a chart (ATC-32, 1996). This coefficient is used to 

determine the modulus of subgrade reaction (kh), as shown in Equation 4-27. However, it 

has been recognized in the literature (e.g., Boulanger et al., 1999; Chai and Song, 2012) that 

values from these type of tables produce rather stiff soil profiles as they were developed 

from tests that were conducted at shallow depths. The solution to this issue is to correct nh 

values considering the reference stress (σref’ = 50 kPa) at which they were calibrated, as 

shown in Equation 4-28. Thus, Equation 4-26 can be written as Equation 4-29. 

For the analytical portion of this study, the nh values adopted are within the range of 

those recommended in the 2011 AASHTO Guide Specification for LRFD Seismic Bridge 

Design  (AASHTO, 2011), and they are presented in Table 4-2. As an example of the 



 

101 

formulation above, Figure 4-38 presents p-y curves for sand at different depths along with 

the effective modulus of subgrade reaction for a soil pro file that consist of a uniform sand 

layer with unit weight γ = 90 pcf, friction angle ϕ = 35°, modulus of subgrade reaction nh = 

100 pci, and a pile diameter D = 1 ft. Note that a depth of about 12 ft the corrected soil 

stiffness starts to increase at a lower rate. Also, note that the resulting p-y curves increase in 

both strength and stiffness with an increase in depth. 

 

  

Figure 4-37 Coefficient of subgrade reaction chart (ATC-32, 1996) 
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Table 4-2 Values of nh for sand (AASHTO, 2011) 

Consistency nh (pci) 

Loose 34.8 

Medium 92.5 

Dense 231.7 

 

 

  

Figure 4-38 P-y analysis for sand: (a) variation of soil stiffness and (b) resulting p-y curves 
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4.2.5.2 P-y Curves for Clay 

The Matlock (1970) model for soft clay is characterized by a parabolic function that 

depends on the ultimate resistance of the soil (Pu), and the soil deformation when the force 

is 50% of Pu (y50), as shown in Equation 4-30. The ultimate soil resistance (Equation 4-31) 

is calculated based on the undrained shear strength (Cu), the pile diameter (D), and a lateral 

bearing capacity factor (Np). The latter is calculated as shown in Equation 4-32. In this 

expression, σv' is the effective vertical stress, J is an empirical parameter taken as 0.5 based 

on Matlock’s recommendations for soft clay, and x is the depth at which the p-y curve is 

calculated. On the other hand,  the soil deformation when the force is 50% of Pu (y50), 

depends on the pile diameter and the strain corresponding to a strength of 50% of the 

ultimate strength (ε50), as shown in Equation 4-33. In this study, values of ε50 recommended 

by Reese and Van Impe (2011) were adopted, and they are presented in  

Table 4-3. 

Note that the formulation of the Matlock (1970) model results in a constant 

distribution of stiffness when the lateral bearing capacity factor (Np) exceeds 9. This means 

that unlike sand, clay p-y curves do not change after some depth, depending upon soil 

properties and the diameter of the pile. In fact, Chai and Song (2012) showed that the soil 

stiffness can be calculated as depicted in Equation 4-34. To illustrate the formulation of p-y 

curves for clay, Figure 4-39 presents an example that considers a pile diameter D = 1 ft, clay 

with effective unit weight γ’ = 90 pcf, undrained shear strength Cu = 750 psf, and strain 

corresponding to a strength of 50% of the ultimate strength ε50 = 0.01. Note that the 

effective soil stiffness becomes constant at a depth of about 10 ft, which in turn makes that 
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the shape of p-y curves below this point to be the same. Also, note from Figure 4-39(b) that 

p-y curves were plotted with a normalized soil deformation (y/y50) and that at y/y50 = 8 the 

curves become flat, reaching the ultimate soil strength, namely, the limiting value in 

Equation 4-30. 
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Table 4-3 Values of ε50 for soft clay (Reese and Van Impe, 2011) 

    Consistency   

  Soft Medium Stiff 

ε50 0.020 0.010 0.005 
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Figure 4-39 P-y analysis for clay: (a) variation of soil stiffness and (b) resulting p-y curves 

4.3. Equivalent Cantilever Plastic Hinge Model for RCFSTs 

The main goals of the study presented in this report are to understand the behavior of 

RCFSTs embedded in soil and to provide design recommendations for such a system. As 

such, one of the objectives was to investigate the inground plastic hinge. However, based 

upon literature review, it was recognized that a plastic hinge length model alone would not 

work in terms of providing accurate predictions for seismic design of RCFST drilled shafts. 

As previously explained, the plastic hinge length is used in combination with an equivalent 

cantilever approach to calculate the displacement capacity of this type of system. An 

example of this is the method developed by Suarez and Kowalsky (2007) for RC drilled 

shafts. Their method consisted of coefficients that allow for including the flexibility of the 

soil in the calculation of the yield and plastic displacements, and they also provided 
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consistent equations to calculate the depth to the plastic hinge. Regarding the latter, they 

adopted the model proposed by Chai (2002), which produces plastic hinge lengths that do 

not depend on the soil stiffness, as show in Equation 4-35; further details of their method 

can be found in the literature review section of this report.  

0.1 1.6p aL D L    Equation 4-35 

The main reason that makes the Suarez and Kowalsky (2007) model to produce 

inaccurate results for RCFST shafts, is that their method was developed for RC drilled 

shafts. As such, all the parameters utilized in the calculation of the system displacement are 

tied to the flexural strength of the material, namely, reinforced concrete, which is smaller to 

that of RCFSTs as the steel tube provides enhanced deformation and strength capacities, 

thus increasing the effective flexural stiffness. This will be apparent later in this report in the 

results of the parametric studies. 

Regarding the plastic hinge, on the other hand, the literature review revealed that 

most of the available approaches for RC shafts depend only on the aboveground length (e.g., 

Budek et al., 1995 and 2000; Chai, 2002; SCDOT, 2008; Caltrans, 2013). However, a recent 

study (Goel, 2015) suggested that the plastic hinge length can actually by impacted by the 

effective soil stiffness. This study concluded that for RC drilled shafts in sand, current 

approaches produce accurate predictions of the plastic hinge length; however, in his study, 

Goel (2015) considered p-y curves for lower, nominal, and upper bound estimates without 

actually considering soil profiles with different characteristics. 

From the discussion above, it is evident that besides an appropriate plastic hinge 

model, it is necessary to have an equivalent cantilever method that captures the behavior of 
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RCFST shafts. As such, it was decided to develop an equivalent cantilever plastic hinge 

model for RCFST drilled shafts that allows to consider both pinned and fixed-head 

conditions. For that purpose, a parametric study was conducted using the FE analytical 

model previously described. The advantage of using a fiber-based modeling approach is that 

the spread of inelastic action and the effects of the moment gradient can be captured in the 

response of the RCFST drilled shafts, which in turn allows for relating strains and 

displacements accurately. Details of the parametric study are presented at the end of this 

chapter. 

Described next is the proposed formulation for both pinned and fixed-head 

conditions. It is worth noting that this approach is similar to that developed by Suarez and 

Kowalsky (2007) for RC shafts, with appropriate considerations for the system studied. 

4.3.1. Pinned-Head RCFST Shafts 

Presented in Figure 4-40 is a schematic of the proposed equivalent cantilever model 

for pinned-head RCFST shafts. In this approach, a single RCFST shaft that can be 

characterized with a detailed FE analytical model, is in fact simplified to an equivalent 

fixed-based cantilever with effective length Le. This equivalent length is measured from the 

top of the RCFST shaft to the point of maximum moment below ground, namely, to the 

inground plastic hinge (Hig), as shown in Equation 4-36. In this equivalent system, the 

lateral displacement at a given limit state (ΔLS) can be calculated based on elastic and plastic 

displacement components, as shown in Equation 4-37.  
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The yield displacement (Δy) is calculated by integrating the elastic curvature 

distribution over the effective length and considering a coefficient (c1) that accounts for end 

fixity and soil flexibility, as shown in Equation 4-38. In this expression, the yield curvature 

(ϕy) can be determined from a moment-curvature analysis, or from an approximate 

expression (Equation 4-39) that depends on the yield strain of the steel tube (εy (tube)), its 

diameter (D), and a yield curvature parameter (cϕy). The latter is a parameter that is usually 

taken as 2.25 for RC shafts (Priestley et al., 2007), but for RCFSTs it needs to be developed 

based upon moment-curvature analyses.  

The plastic displacement (Equation 4-40), on the other hand, depends on the plastic 

curvature (ϕp) and the equivalent plastic hinge length (Lp). The former is determined from 

Equation 4-41 depending upon the limit state curvature (ϕLS), which in turn depends on the 

target strain limit state; calculation of curvature limit states is explained later. Note from 

Figure 4-40 that that the inelastic curvature is assumed to be centered at the base of the 

cantilever. Finally, Equation 4-37 can be written in terms of the previously described 

parameters, as shown in Equation 4-42. 
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Figure 4-40 Equivalent cantilever model for pinned-head RCFST shafts 
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Note that the formulation above requires knowledge on the following parameters: the 

depth to the inground hinge (Hig), the yield displacement parameter (c1), the yield curvature 
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parameter (cϕy), and the equivalent plastic hinge length (Lp). These parameters were 

determined from the parametric study and the details are presented at the end of this chapter. 

4.3.2. Fixed-Head RCFST Shafts 

The proposed model for fixed-head RCFST shafts is depicted in Figure 4-41. In this 

type of structural configuration, the system can potentially exhibit two plastic hinges, 

namely, one at the top at the column-cap beam interface and another one inground. 

However, RCFST shafts have a unique behavior in that the system is controlled mainly by 

the top plastic hinge. Since the steel tube is cut short before the cap beam, it does not 

provide flexural strength to the top plastic hinge, thus the flexural stiffness corresponds 

effectively to that of an RC section confined by a steel tube. Therefore, after onset of the top 

plastic hinge, there is a redistribution of moments and the inground moment starts to 

increase far beyond the level of the top hinge, as the inground plastic hinge corresponds 

effectively to that of an RCFST section. Based upon this behavior, the equivalent cantilever 

model for fixed-head shafts was devised. The model assumes that only the top plastic hinge 

is developed. This assumption was made considering that, while onset of the inground hinge 

is possible, it would only occur at large levels of damage of the top plastic hinge, at which 

structural stability issues may be of concern. The model assumes an equivalent length (Le) 

measured from the top of the RCFST shaft to the inground plastic hinge (Hig), in addition to 

the strain penetration length (Lsp) into the cap beam, as shown in Equation 4-43; the strain 

penetration length can be determined from Equation 4-44 (Priestley et al., 2007), where fye 

and dbl are the expected yield strength and diameter of the longitudinal bars. The 
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displacement at a given limit state (ΔLS) is determined from Equation 4-45, and it is 

calculated considering the end fixity and soil flexibility parameter (c1) along with the yield 

curvature of the top plastic hinge (ϕy(top)), as shown in Equation 4-46. The latter can be 

determined from Equation 4-47 as a function of the yield curvature parameter (cϕy(top)), taken 

as 2.25 for RC sections (Priestley et al., 2007), and the yield strain of the longitudinal 

reinforcement (εy (rebar)).  

 

Figure 4-41 Equivalent cantilever model for fixed-head RCFST shafts 

The plastic displacement is calculated as shown in Equation 4-48. In this expression, 

the parameter β has been introduced to adjust the plastic displacement by modifying the 

effective length (Le). This adjustment takes into account the moment redistribution. The 

plastic curvature is determined from the difference between the limit state curvature o f the 

top plastic hinge (ϕLS(top)) and the yield curvature. Furthermore, the proposed model adopts 
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the plastic hinge model proposed by Chai et al., (1991). This plastic hinge model was 

developed for RC columns retrofitted by a steel jacket and it only depends on the strain 

penetration length (Lsp) and the gap (g) between the steel tube and the cap beam, as shown 

in Equation 4-50. Note that although this model was adopted for the top plastic hinge, the 

plastic displacement is adjusted by the parameter β, which is of course to be determined 

from the parametric study. Finally, Equation 4-45 can be written in terms of the above 

parameters, as shown in Equation 4-60. 
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4.3.3. Performance Limit States 

4.3.3.1 Pinned-Head RCFST Shafts 

Pinned-head RCFST shafts are controlled by a plastic hinge that develops inground. 

As such, the flexural stiffness corresponds effectively to that of an RCFST section. Past  
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research has shown that RCFST sections have three limit states: (1) first yield of the tube, 

(2) onset of tube local buckling, and (3) tube fracture. This behavior has been observed in 

different experimental studies (e.g., Marson and Bruneau, 2004; González-Román et al., 

2008; Brown et al., 2015). Brown et al. (2015) recommended a limit prior to onset of tube 

local buckling based on the tensile strain of the tube as follows:  

 , 0.021
9100

t buckling y tube

D

t
     Equation 4-52 

If the limit above is reached or exceeded, the steel tube would experience onset of 

buckling in a subsequent loading cycle in compression. Furthermore, they suggested that the 

strain limit at tube fracture can be taken as 0.025. These two limits, namely, tensile strain 

prior tube local buckling and tube fracture, can be thought of as damage control and ultimate 

limits, while a serviceability limit state can be determined when the tensile strain in the tube 

is 0.015 or when the concrete compression strain is 0.004, whichever is smaller. These limits 

are useful within a displacement-based design approach, where the main goal is to relate 

strains with system displacements. To do so, it is necessary to relate first strains to curvature 

and then curvature to displacements. 

The relationship between curvature and displacement was established in the 

equivalent cantilever plastic hinge approach described in the previous section. On the other 

hand, assuming equilibrium and strain compatibility, the relationship between strain and 

curvature can be established, as shown in Figure 4-42 and Equation 4-62. Note that the 

curvature limit state (ϕLS) is a function of either the extreme tension (εt) or compression (εc) 

strains and the neutral axis depth (c), where the distance between extreme tension and 
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compression fibers is calculated at the centerline of the steel tube, as shown in Equation 

4-54. Note that Equation 4-62 requires knowledge of the neutral axis depth (c), which can be 

determined from a moment-curvature analysis.  Alternatively, instead of using Equation 

4-53, curvature limit states could be determined from a moment-curvature analysis using the 

appropriate limits described before. 

  

Figure 4-42 Curvature and associated strains for RCFST sections 
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Although in the literature some authors argue that the hypothesis of equilibrium and 

strain compatibility is not adequate, it has been shown from experimental and analytical 

studies that this assumption holds up until to onset of tube buckling and even beyond that 

level (Brown et al., 2015). As it will be seen later in this report, the experimental data 

collected in this study further validates the assumption of equilibrium and strain 

compatibility. 
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4.3.3.2 Fixed-Head RCFST Shafts 

Fixed-head shafts are controlled by the plastic hinge that develops aboveground at 

the column-cap beam interface. Since the steel tube is cut short before the cap beam, it only 

provides confinement to the concrete in the column. As such, the flexural behavior of the 

top plastic hinge is characterized by the effective RC section confined by the steel tube, 

namely, the steel tube does not contribute to the flexural strength. At a section level, RC 

shafts confined by a steel tube can be characterized with three limit states: (1) first yield of 

the longitudinal reinforcement, (2) onset of bar buckling, and (3) bar fracture or concrete 

compression failure. Strain values that relate to the aforementioned limit states can be taken, 

for example, as those proposed in the POLA Seismic Code (2010). They provide strain 

limits for operating, contingency, and design level earthquakes, which can be thought of as 

serviceability, damage control, and ultimate limits at a structural level. This limits are 

characterized by bar tensile strains of 0.015, 0.06 or 0.06εsm (whichever is smaller), and 0.08 

or 0.08εsm (whichever is smaller), respectively; where the parameter εsm corresponds to the 

strain at maximum stress of the longitudinal reinforcement. Experimental results on this type 

of elements (Montejo et al., 2012) suggest that these values are appropriate for RC sections 

confined by steel tubes with D/t = 48. Regarding the relationship between strains and 

curvature for RC elements, it is well known that the equilibrium and strain compatibility 

assumption is appropriate. The strain-curvature relationship is depicted in Figure 4-43 and 

Equation 4-55.  
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Figure 4-43 Curvature and associated strains for RC sections 
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Note that the curvature limit state (ϕLS) is a function of either the extreme tension (εt) 

or compression (εc) strain and the neutral axis depth (c). The distance from the compression 

extreme fiber to the centroid of the extreme tension bar (d), and the neutral axis depth (c) 

can be calculated from Equation 4-56 and Equation 4-57 (Priestley et al., 2007), 

respectively, where Dconc is the dimeter of the RC section, Cbl is the cover to the longitudinal 

bars, and dbl is the diameter of the longitudinal bars. It is important to recognize that 

Equation 4-57 latter would produce an approximate value of the neutral axis depth; thus, 

some iteration may be required. Alternatively, instead of using Equation 4-55, curvature 

limit states could be determined from a moment-curvature analysis using the appropriate 

limits described before. 

2

bl
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d
d D c    Equation 4-56 
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4.4. Equivalent Viscous Damping of RCFSTs 

The equivalent viscous damping (ξeq) is a parameter that is used within the direct-

displacement based seismic design method (Priestley et al., 2007) and it is used to quantify 

the energy dissipation mechanism in a structural element as it experiences inelastic action.  

As shown in Equation 4-58, this parameter includes the contribution from the elastic viscous 

damping (ξel), often taken as 0.05, and the hysteretic damping (ξhyst) which corresponds to 

the energy dissipation of structural elements in the inelastic range.  

eq el hyst      Equation 4-58 

Note that the elastic damping is corrected with a parameter κ (Equation 4-59) that 

depends on the hysteresis rule, represented in the parameter λ, and the assumption on how 

the elastic viscous damping is calculated. Past research  has shown that good results are 

obtained with tangent stiffness proportional damping (Priestley and Grant, 2005), while λ   

can be taken as −0.318 based on experimental results suggesting that the “Takeda Thin” 

hysteresis rule is appropriate for RCFSTs (Brown et al., 2015). 

The hysteretic component (Equation 4-60), on the other hand, can be determined 

using the area-based damping (ξAB) approach proposed by Jacobsen (1930), as shown in 

Equation 4-61, in combination with a correction factor (cf), as shown in Equation 4-62. This 

factor was determined based on the results of non- linear time history analyses (Priestley et 

al., 2007), which showed that the area-based approach may largely overestimate the 

equivalent viscous damping. 
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    Equation 4-62 

As previously mentioned, the hysteretic component can be determined from 

experimental data. This means that in Equation 4-61, A1 is the area inside of the force 

displacement response of a structural member at a given ductility level (μ), and A2 is the 

area of a rigid, perfectly plastic member with the same peak strength and displacement as 

the actual structural element. An example of this calculation is presented in Figure 4-44, and 

it corresponds to the force vs. displacement response from Test 1 at ductility 4 (μ). In this 

case A1 is the area enclosed by the blue line, while A2 is the area enclosed by the rectangle 

represented with the dashed, red line. 

  

Figure 4-44 Area-based damping calculation example 
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Using the formulation above, the equivalent viscous damping can be written as: 
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 Equation 4-63 

This expression can be used to determine the equivalent viscous damping of any 

structural element, if the force vs. displacement response is available. In fact, with regards to 

RCFST elements, Brown et al., (2015) utilized Equation 4-63 in combination with 

experimental data to developed an expression that allows for calculating the equivalent 

viscous damping as a function only on the D/t ratio and the ductility, as shown in Equation 

4-64. 
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 Equation 4-64 

It is important to note that the expression above was developed based upon 

experimental data on twelve large-scale RCFST specimens tested in the air. This means that 

for RCFST shafts the expression above is lacking the damping contribution from the soil. As 

such, as it will be apparent later, Equation 4-63 was used for analysis of the experimental 

and analytical data of this study. 

4.5. Parametric Studies 

4.5.1. Description 

The goal of the parametric studies is to provide parameters that supplement the 

equivalent cantilever plastic hinge model for RCFSTs described in previous sections. For 

that purpose, numerical simulations were conducted using the analytical model described 



 

120 

before. This section describes the parameters considered in the analyses as well as the 

procedure utilized to determine the target parameters. 

4.5.2. Parameter Definition 

In terms of the structural configuration, the following variables were considered: (1) 

the head fixity condition, (2) the shaft diameter (D), (3) the axial load ratio (ALR), (4) the 

diameter-to-thickness (D/t) ratio, and (5) the aboveground length-to-diameter (La/D) ratio. 

Regarding the fixity condition, both pinned and fixed-head condition were included, 

considering two diameters, that is 610 mm. (2 ft.) and 1220 mm. (4 ft.), and axial load ratios 

of 5%, 10%, and 15%. These values were selected as they are typical expected values in 

bridge design practice. Moreover, for consistency with the experimental data,  D/t ratios of 

48, 64, and 95 were considered. Regarding the La/D ratio, values of 4, 8, and 12 were 

considered upon review of the bridge inventory of the Alaska Department of Transportation 

and Public Facilities; typical values of existing bridges constructed with RCFSTs ranged 

from La/D = 4 through La/D = 12. These parameters are summarized in Table 4-4. 

Table 4-4 Structural parameters considered in the parametric study 

Head 
Fixity 

Diameter 
(mm) 

ALR 
(%) 

D/t 
Ratio 

La/D 
Ratio 

Pinned 610  5 48 4 

Fixed 1,220  10 64 8 

    15 95 12 

Regarding the materials properties, expected values were assumed. As such, the 

concrete compressive strength was taken as fce’ = 36.4 MPa (5.2 ksi). Moreover, considering 

steel tubes manufactured in accordance to API 5L x 52, the expected yield and tensile 

strengths were taken as fye = 396 MPa (57.2 ksi) and fue = 500.5 MPa (72.6 ksi), 
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respectively. As for the internal reinforcement (longitudinal and transverse), A706 Gr. 60 

steel was considered with expected yield and tensile strengths fye = 462 MPa (66 ksi) and fue 

= 605 MPa (88 ksi), respectively. The longitudinal and transverse steel ratios were kept 

constant for all simulations, with values of 2% and 1%, respectively. These values constitute 

typical values utilized in current design practice. 

On the other hand, regarding the soil parameters, the simulations were conducted 

using a uniform soil layer of either sand or clay, considering three levels of soil stiffness, 

namely, flexible, medium, and stiff, with corresponding effective unit weights (γ) of 15.7 

kN/m3 (100 pcf), 17.3 kN/m3 (110 pcf), and 18.9 kN/m3 (120 pcf), respectively. For sand, 

assuming properties above the water table, friction angles (ϕ) of 30°, 35°, and 40° with 

corresponding coefficients of subgrade reaction (nh) of 9500 kN/m3 (35 pci), 27200 kN/m3  

(100 pci), and 61100 kN/m3 (225 pci) were selected. The selected friction angles represent 

average values of loose, medium, and dense sand. The coefficients of subgrade reaction 

relate to each type of sand, respectively, and they were selected based on the values 

recommended by the AASHTO Guide Specification for LRFD Seismic Bridge Design 

(AASHTO, 2011). For clay, on the other hand, undrained shear strengths (Cu) of 12 kPa 

(250 psf), 36 kPa (750 psf), and 72 kPa (1500 psf) were considered with corresponding 

strains at 50% of the ultimate strength (ε50) of 0.02, 0.01, and 0.005, respectively. These 

parameters were selected based on typical values used in commercial software for soft clay, 

medium clay, and stiff clay. The soil parameters used in the parametric study are 

summarized in Table 4-5. 
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Table 4-5 Soil parameters considered in the parametric study 

      Soil Strength and Stiffness 

      Sand  Clay 

Soil 
Type 

Soil 
Profile 

γ 
(kN/m3) 

Ø 
(°) 

nh 
(kN/m3) 

Cu 
(kPa) 

ε50 

Sand Flexible 15.7 30 9500 12 0.020 

Clay Medium 17.3 35 27200 36 0.010 

  Stiff 18.9 40 61100 72 0.005 

4.5.3. Procedure 

The first step consisted of conducting the numerical simulations. Based on the 

parameters studied, 648 simulations resulted from their combination. As previously 

mentioned, the analytical model was developed using the OpenSees framework software  

(McKenna et al., 2000). The simulations were conducted up until ductility 4 (μ4), as early 

modeling efforts indicated that a damage control limit state would be reached at that level of 

displacement. The loading protocol consisted of the same protocol utilized for the 

experimental program, that is, it had elastic and inelastic portions using single-cycle and 

three-cycles, respectively, in displacement controlled increments. The sequence of 

operations conducted for each simulation consisted of: (1) p-y curve analyses to determine 

the properties of soil springs; (2) a moment-curvature analysis to determine the first yield 

curvature; (3) a monotonic pushover analysis to determine displacement at different 

performance levels of the loading protocol; and (4) a cyclic pushover analysis. Furthermore, 

in addition to the analytical model, moment-curvature analyses were conducted to determine 

some of the required parameters. The remaining of this section describes each of the 

parameters studied. 
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4.5.3.1 Section Analysis 

Moment-curvature analyses were conducted to determine the yield curvature 

parameter (cϕy) and the corresponding neutral axis depth (c). The former can be determined 

by normalizing the equivalent yield curvature, as shown in Equation 4-65, while the latter 

was obtained from interpolation of the moment-curvature results. 

The analyses were conducted for: diameters (D) of 610 mm. (2 ft.), 1220 mm. (4 ft.), 

and 1830 mm. (6 ft.); diameter-to-thickness (D/t) ratios of 48, 64, and 95; and axial load 

ratios (ALR) of 0%, 5%, 10%, and 15%. These parameters are summarized in Table 4-6. All 

the moment-curvature analyses were conducted using longitudinal steel ratio (ρ) of 2%. 
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Table 4-6 Parameters considered in the section analyses 

Diameter 
(mm) 

D/t 
ALR 
(%) 

610 48 0 

1219 64 5 

1829 95 10 

    15 

4.5.3.2 Pinned-Head RCFST Shafts 

Based on the formulation of the proposed equivalent cantilever plastic hinge model 

for RCFSTs, the parameters required for pinned-head shafts include the depth to plastic 

hinge (Hig), the yield displacement parameter (c1), and the equivalent length (Lp). The 

parameter Hig was determined from each simulation by averaging the depth to maximum 

moment at each ductility level. For pinned-head shafts, the depth to plastic hinge 

corresponds to the effective length (Le), as shown in Equation 4-66. Regarding c1, it was 
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back-calculated from the yield displacement (Equation 4-67), while the plastic hinge length 

(Lp) was determined from the plastic displacement at each ductility level, as shown in 

Equation 4-68. Note that all the parameters to the right in Equation 4-66 through Equation 

4-68 were determined either from the simulations results or the moment-curvature analysis. 

Details regarding the definition of each of those parameters can be found in the description 

of the proposed model in section 4.3. 
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 Equation 4-68 

4.5.3.3 Fixed-Head RCFST Shafts 

The procedure to determine the parameters for fixed-head shafts was similar to that 

for pinned-head shafts with a couple of minor differences. The yield displacement parameter 

(c1) was calculated in the same manner, but recognizing that the yield curvature corresponds 

to the top plastic hinge, as shown in Equation 4-69. The effective length (Le), on the other 

hand, includes the effects of strain penetration (Lsp), as presented in Equation 4-70. The 

other difference in fixed-head shafts is that the length of the top plastic hinge was fixed. 

This resulted on the need to determine the parameter β (Equation 4-71), which is a 

correction factor that modifies the effective length to adjust the plastic displacement and 

match results from the simulations. Note that all the parameters to the right in Equation 4-69 

through Equation 4-71 were determined either from simulations results or moment-curvature 
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analyses. Details regarding the definition of each of those parameters can be found in the 

description of the proposed model in section 4.3. 
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 Equation 4-71 

4.5.3.4 Equivalent Viscous Damping 

Using the force vs. displacement response of each simulation, the equivalent viscous 

damping was calculated at each ductility level (μ) using the method described in the 

previous section. For completion, the equation is repeated here as Equation 4-72. Note that 

the equation below can be applied to both pinned and fixed-head specimens. The parameters 

A1 and A2 were calculated from the force vs. displacement loops at each cycle of the three  

conducted at each ductility (μ). Then, results were averaged to obtain a single value for each 

ductility (μ) level. 
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CHAPTER 5 

5. EXPERIMENTAL RESULTS 

5.1. Experimental Observations 

This section presents a summary regarding the experimental observations made 

during and after testing of twelve RCFST pile-column specimens.  Measured material 

properties, specimen details, and measured response are provided along with a short 

discussion of the results and observations. Brief conclusions regarding specimen capacity 

and failure modes are also provided. 

For completion, the experimental test matrix is presented again in Table 5-1. The 

experimental program was divided into three phases; each consisted of experimental testing 

of four RCFST pile-column specimens. It is worth noting that the symbol “*” in Table 5-1 

(next to the values corresponding to a D/t ratio of 95) represents a particular feature 

observed on tests 3 and 4. As a consequence, those tests were repeated and they correspond 

to tests 5 and 6. Therefore, while tests 5 and 6 look similar to tests 3 and 4, respectively, 

there is a difference related to the failure mechanism of the specimens, which will be 

discussed in subsequent sections. In addition, due to issues related to instrumentation and 

also to effective alteration of the soil stiffness, test 9 corresponds to a repetition of test 2. 
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Table 5-1 Experimental test matrix 

Phase 
Test 
No. 

Nominal 
Diameter 

(in) 

Nominal 
Thickness 

(in) 

Nominal 
D/t 

Soil Sucharge 
(psf) 

Aboveground 
Height (ft) 

1 

1 12.00 0.250 48 None 5.50 

2 12.00 0.250 48 960 5.83 

3 12.75 0.135 95* None 5.50 

4 12.75 0.135 95* 960 5.50 

2 

5 12.75 0.135 95 None 5.69 

6 12.75 0.135 95 960 5.88 

7 12.75 0.188 68 None 5.77 

8 12.75 0.188 68 960 5.77 

3 

9 12.00 0.250 48 960 5.77 

10 12.00 0.250 48 None 7.77 

11 12.75 0.135 95 None 7.69 

12 12.75 0.188 68 None 7.69 

 

5.1.1. Material Properties 

5.1.1.1 Steel Tube 

Steel tube tension tests were performed on coupons that were machined from a ring 

of material cut off the end of one steel tube of each tube wall thickness utilized. All tension 

tests were conducted in accordance with ASTM A370-14 (2014) using a MTS high-force 

test system in combination with the Optotrak system, which was used to determine strains 

using a 2- inch gauge length. Rates of 0.25 in/min and 1.0 in/min were used up to and after 

the yield point, respectively. Figure 5-1 shows an example of the tension tests performed on 

steel tube samples. Three coupons were tested in the longitudinal direction of the tube, 

another one was tested in the transverse direction, and another one was tested with the spiral 

weld positioned in the middle of the gauge length, as shown in Figure 5-2; stress-strain 
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curves of the test conducted on steel coupons are presented in Figure 5-3 through Figure 5-5. 

Tension test results are summarized in Table 5-2 through Table 5-4. In these tables, values 

of yield strength were calculated using two approaches, namely, the offset method (0.2% 

offset) and the extension under load method (0.5% EUL). 

 

 

Figure 5-1 Example of tests performed on steel tube coupons 
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Figure 5-2 Steel tube material samples: longitudinal (L), transverse (T), and with weld (W) 

In Figure 5-5 through Figure 5-7, the symbol “*” for the steel tubes with D/t = 95* 

represents a special feature observed during testing of specimens 3 and 4. Upon further 

examination of the inside of the spiral welded tubes, it was determined that the thin wall 

tubes (D/t = 95*) which make up tests 3 and 4 were not welded along the inside surface, but 

rather only upon the outside surface, as shown in Figure 5-6. For comparison purposes, this 

figure also shows the steel coupon across the spiral weld of tubes with D/t = 48. 

Furthermore, the tension test performed on the coupon across the spiral weld with D/t = 95* 

indicated fracture of the weld at a low strain level, barely developing the yield strength of 

the material, as shown in Figure 5-7. 
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The steel tube manufacturer confirmed that the thin wall tubes sent to NC State 

University, which were used for tests 3 and 4, were only welded on the outside  surface; they 

sent three replacement tubes that are welded on both inside and outside surfaces (Figure 

5-8). Tension tests were performed on coupons cut off such replacement tubes (D/t = 95) 

and the results are presented in Figure 5-9; tension test results are summarized in Table 5-5. 

The new set of tubes with D/t = 95 were used to repeat tests 3 and 4, which correspond to 

tests 5 and 6 (Table 5-1). 
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Figure 5-3 Stress-strain curve of samples from tubes with D/t = 48 

 

 

Table 5-2 Tension test results of steel tubes with D/t = 48 

Coupon Type 
Yield Strength (ksi) 

Yield 
Strain 

Tensile 
Strength 

Max. 
Strain 

0.2% offset 0.5% EUL (in/in) (ksi) (in/in) 

1 Longitudinal 50.04 50.76 0.00173 71.27 0.152 

2 Longitudinal 49.45 50.06 0.00171 71.77 0.172 

3 Longitudinal 49.08 49.53 0.00169 70.75 0.134 

4 Transverse 43.56 45.37 0.00150 70.76 0.173 

5 Across weld 35.86 * 42.76 * 0.00115 * 69.51 * 0.107 * 

 
Avg. (Longitudinal) 49.52 50.12 0.00171 71.26 0.1527 

* Determined from displacement of MTS and the gauge length of the coupon 
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Figure 5-4 Stress-strain curve of samples from tubes with D/t = 68 

 

 

Table 5-3 Tension test results of steel tubes with D/t = 68 

Coupon Type 
Yield Strength (ksi) 

Yield 
Strain 

Tensile 
Strength 

Max. Strain 

0.2% offset 0.5% EUL (in/in) (ksi) (in/in) 

1 Longitudinal 55.74 55.86 0.00192 74.83 0.147 

2 Longitudinal 55.39 55.38 0.00191 74.35 0.126 

3 Longitudinal 55.73 55.88 0.00192 74.86 0.138 

4 Transverse 53.88 54.48 0.00186 76.09 0.131 

5 Across weld 58.37 58.42 0.00201 79.22 0.08 

  Avg. (Longitudinal) 55.62 55.71 0.00192 74.68 0.137 
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Figure 5-5 Stress-strain curve of samples from tubes with D/t = 95* 

 

 

Table 5-4 Tension test results of steel tubes with D/t = 95* 

Coupon Type 
Yield Strength (ksi) 

Yield 
Strain 

Tensile 
Strength 

Max. Strain 

0.2% offset 0.5% EUL (in/in) (ksi) (in/in) 

1 Longitudinal 45.91 45.73 0.00158 67.18 * 0.170 * 

2 Longitudinal 44.82 44.02 0.00155 65.59 0.190 

3 Longitudinal 45.42 45.25 0.00157 66.99 0.181 

4 Transverse 38.21 41.33 0.00132 62.11 0.173 

5 Across weld 32.61 35.48 0.00112 36.38 0.006 

Avg. (Longitudinal) 45.38 45.00 0.00156 66.59 0.180 

* Determined from displacement of MTS and the gauge length of the coupon 
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Figure 5-6 Spiral weld on coupons with D/t = 48 and 95*: (a) outside and (b) inside surfaces 

 

 

 

Figure 5-7 Tension test results on sample with D/t = 95* across spiral weld 
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Figure 5-8 Spiral weld on coupons with D/t = 95: (a) outside and (b) inside surfaces 

 

Figure 5-9 Stress-strain curve of samples from tubes with D/t = 95 

Table 5-5 Tension test results of steel tubes with D/t = 95 

Coupon Type 
Yield Strength (ksi) 

Yield 
Strain 

Tensile 
Strength 

Max. Strain 

0.2% offset 0.5% EUL (in/in) (ksi) (in/in) 

1 Longitudinal 54.07 54.14 0.00186 75.51 0.142 

2 Longitudinal 54.37 54.37 0.00187 75.87 0.146 

3 Longitudinal 54.52 54.23 0.00188 75.52 0.156 

4 Transverse 55.12 55.6 0.00190 77.15 0.129 

5 Across weld 54.01 55.16 0.00186 78.07 0.123 

Avg. (Longitudinal) 54.32 54.25 0.00187 75.63 0.148 
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5.1.1.2 Internal Reinforcement 

Bar tension tests were conducted on bar samples that were taken from the same 

longitudinal and transverse reinforcement bars used to construct the RCFST pile-column 

specimens. All bar tension tests were conducted in accordance with ASTM A370-14 (2014) 

using a MTS high-force system in combination with an extensometer device. Rates of 0.25 

in/min and 1.0 in/min were utilized up to and after the yield point, respectively. Figure 5-10 

shows an example of the tests conducted on the internal reinforcement; stress-strain curves 

of the conducted tension tests are presented in Figure 5-11 through Figure 5-16. Tension test 

results are summarized in Table 5-6 through Table 5-11. In these tables, the elastic modulus 

was calculated by measuring the average slope of the curves within 10% and 90% of the 

yield strength; values of yield strength were calculated using two approaches, namely, the 

offset method (0.2% offset) and the extension under load method (0.5% EUL); onset of 

strain hardening (SH) and its corresponding slope, Esh, where calculated by intersecting the 

stress-strain curves with a straight line that connects two points within the curve, namely,  

1.02% and 1.05% of the yield strength. 

Note from the results corresponding to the #3 spirals (i.e., Figure 5-12, Figure 5-14, 

and Figure 5-16) that the stress-strain curves do not have a well-defined yield plateau. This 

was expected as #3 bars were coiled to form the spirals (transverse reinforcement). 

Moreover, samples were cut off from spirals, utilized for construction of the pile-column 

specimens, and then they were straightened to conduct the tension tests. In addition, note 

from Table 5-9 that the calculated moduli for samples 4 and 6 (italic, red values) indicate 
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that there was an issue with the experimental setup or the instrumentation device as the 

modulus values are not possible.  

 

 

Figure 5-10 Example of tension test performed on longitudinal and transverse reinforcement 
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Figure 5-11 Stress-strain curve of #5 bars used in pile-columns specimens 1 through 4 

 

 

Table 5-6 Tension test results of #5 bars used in pile-columns specimens 1 through 4 

Sample 
Modulus Yield Strength (ksi) 

Yield 
Strain 

Onset of 
SH 

Esh 
Tensile 
Strength 

Max. 
Strain 

(ksi) 0.2% offset 0.5% EUL (in/in) (in/in) (ksi) (ksi) (in/in) 

1 27,086 66.15 66.44 0.00244 0.0133 1,068 90.86 0.1096 

2 27,663 65.90 65.92 0.00238 0.0145 962 90.09 0.1155 

3 30,373 65.45 65.41 0.00215 0.0118 1,093 90.60 0.1172 

4 27,530 68.68 66.11 0.00249 0.0127 666 89.99 0.1179 

5 27,450 66.95 66.64 0.00244 0.0143 1,073 90.31 0.1097 

6 26,912 65.60 65.16 0.00244 0.0136 1,073 90.08 0.1164 

Avg. 27,836 66.46 65.95 0.0024 0.013 989 90.32 0.114 
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Figure 5-12 Stress-strain curve of #3 spirals used in pile-columns specimens 1 through 4 

 

 

Table 5-7 Tension test results of #3 spirals used in pile-columns specimens 1 through 4 

Sample 
Modulus Yield Strength (ksi) 

Yield 
Strain 

Tensile 
Strength 

Max. 
Strain 

(ksi) 0.2% offset 0.5% EUL (in/in) (ksi) (in/in) 

1 20,766  72.18 71.62 0.00348 99.75 0.118 

2 27,499  70.24 70.65 0.00255 97.21 0.090 

3 26,468  75.03 75.57 0.00283 104.48 0.114 

4 20,473  72.42 71.62 0.00354 104.46 0.121 

5 23,303  70.55 70.48 0.00303 102.21 0.088 

Avg. 23,702  72.08 71.99 0.0031 101.62 0.116 
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Figure 5-13 Stress-strain curve of #5 bars used in pile-columns specimens 5 through 8 

 

 

Table 5-8 Tension test results of #5 bars used in pile-columns specimens 5 through 8 

Sample 
Modulus Yield Strength (ksi) 

Yield 
Strain 

Onset of 
SH 

Esh 
Tensile 
Strength 

Max. 
Strain 

(ksi) 0.2% offset 0.5% EUL (in/in) (in/in) (ksi) (ksi) (in/in) 

1 26,438  72.23 72.25 0.00249 0.0110 1,213  100.75 0.112 

2 30,090  70.44 70.16 0.00243 0.0106 983  98.94 0.107 

3 27,870  70.50 70.56 0.00243 0.0094 1,227  99.80 0.106 

4 27,231  70.02 70.05 0.00241 0.0102 1,146  98.68 0.111 

5 27,805  70.82 70.71 0.00244 0.0112 964  99.47 0.101 

6 27,701  70.28 70.4 0.00242 0.0088 916  99.99 0.109 

Avg. 27,856  70.72 70.69 0.0024 0.010 1,075  99.61 0.108 
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Figure 5-14 Stress-strain curve of #3 spirals used in pile-columns specimens 5 through 8 

 

 

Table 5-9 Tension test results of #3 spirals used in pile-columns specimens 5 through 8 

Coupon 
Modulus Yield Strength (ksi) 

Yield 
Strain 

Tensile 
Strength 

Max. 
Strain 

(ksi) 0.2% offset 0.5% EUL (in/in) (ksi) (in/in) 

1 28,582  66.70 68.37 0.00230 97.43 0.1138 

2 33,064  66.15 68.28 0.00228 96.61 0.0926 

3 28,800  62.51 64.09 0.00216 92.17 0.1111 

4 46,346  66.98 69.31 0.00231 96.41 0.1167 

5 27,268  64.86 66.22 0.00224 95.92 0.1246 

6 57,046  60.29 63.8 0.00208 92.94 0.1158 

Avg. 36,851  64.58 66.68 0.0022 95.25 0.112 
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Figure 5-15 Stress-strain curve of #5 bars used in pile-columns specimens 9 through 12 

 

 

Table 5-10 Tension test results of #5 bars used in pile-columns specimens 9 through 12 

Sample 
Modulus Yield Strength (ksi) 

Yield 
Strain 

Onset of 
SH 

Esh 
Tensile 
Strength 

Max. 
Strain 

(ksi) 0.2% offset 0.5% EUL (in/in) (in/in) (ksi) (ksi) (in/in) 

1 27,182  73.13 73.14 0.00252 0.0140 953  97.82 0.113 

2 27,399  72.79 72.87 0.00251 0.0150 988  97.55 0.117 

3 28,910  73.07 73.18 0.00252 0.0180 765  97.01 0.114 

4 29,075  72.37 72.29 0.00250 0.0130 956  96.12 0.114 

5 27,434  72.26 72.30 0.00249 0.0150 994  96.85 0.123 

6 26,603  73.40 73.49 0.00253 0.0160 885  97.36 0.117 

Avg. 27,767  72.84 72.88 0.0025 0.015 924  97.12 0.116 
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Figure 5-16 Stress-strain curve of #3 spirals used in pile-columns specimens 9 through 12 

 

 

Table 5-11 Tension test results of #3 spirals used in pile-columns specimens 9 through 12 

Sample 
Modulus Yield Strength (ksi) 

Yield 
Strain 

Tensile 
Strength 

Max. 
Strain 

(ksi) 0.2% offset 0.5% EUL (in/in) (ksi) (in/in) 

1 35,312  66.24 68.52 0.00228 96.70 0.110 

2 22,958  65.56 65.80 0.00226 97.16 0.104 

3 29,093  68.40 69.61 0.00236 96.48 0.115 

4 23,856  56.66 59.69 0.00195 97.27 0.118 

5 31,732  66.55 68.48 0.00229 97.00 0.109 

6 31,421  66.23 68.14 0.00228 96.82 0.107 

Avg. 29,062  64.94 66.71 0.0022 96.91 0.111 

 

  



 

144 

5.1.1.3 Concrete 

Compressive tests were conducted on 4”x8” concrete cylinders in accordance with 

ASTM C39 using confined neoprene caps. Three cylinders were tested at 28 days to verify 

the target concrete compressive strength (fc’). Three additional cylinders were tested within 

24 hours of each pile-column test. Figure 5-17 shows an example of the conducted 

compression tests. Concrete compressive test results are tabulated in Table 5-12 through 

Table 5-14 for phases 1 through 3 of the experimental program (Table 5-1), respectively. 

 

 

Figure 5-17 Example of tests performed on 4”x8” concrete cylinders 
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Table 5-12 Concrete compressive test results: pile-columns specimens 1 through 4 (phase 1) 

Pile-Column 
Specimen 

Cylinder Test Date 
Peak 
Load 

Peak 
Stress 

Average 
Standard 
Deviation 

Coef. of 
Variation 

(lbs) (ksi) (ksi) (ksi) (%) 

1, 2, 3, 4 

1 12/3/2014 70,346 5.60 

5.39 0.24 4.43 2 12/3/2014 68,254 5.43 

3 12/3/2014 64,437 5.13 

1 

1 2/6/2015 81,288 6.47 

6.54 0.09 1.41 2 2/6/2015 83,522 6.65 

3 2/6/2015 81,882 6.52 

2 

1 5/1/2015 87,226 6.94 

6.92 0.12 1.68 2 5/1/2015 88,272 7.02 

3 5/1/2015 85,388 6.79 

3 

1 5/26/2015 84,794 6.75 

6.88 0.16 2.39 2 5/26/2015 85,727 6.82 

3 5/26/2015 88,753 7.06 

4 

1 6/12/2015 87,637 6.97 

7.14 0.15 2.14 2 6/12/2015 89,940 7.16 

3 6/12/2015 91,439 7.28 
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Table 5-13 Concrete compressive test results: pile-columns specimens 5 through 8 (phase 2) 

Pile-Column 
Specimen 

Cylinder Test Date 
Peak 
Load 

Peak 
Stress 

Average 
Standard 
Deviation 

Coef. of 
Variation 

(lbs) (ksi) (ksi) (ksi) (%) 

5 

(28 days) 

1 8/21/2015 50,215 4.00 

4.06 0.16 4.01 2 8/21/2015 53,297 4.24 

3 8/21/2015 49,423 3.93 

6, 7, 8 

(28 days) 

1 8/21/2015 66,246 5.27 

5.24 0.10 1.94 2 8/21/2015 64,493 5.13 

3 8/21/2015 66,981 5.33 

5 

1 9/23/2015 58,923 4.69 

4.81 0.32 6.64 2 9/23/2015 57,425 4.57 

3 9/23/2015 65,000 5.17 

6 

1 10/19/2015 86,151 6.86 

6.58 0.37 5.59 2 10/19/2015 77,443 6.16 

3 10/19/2015 84,483 6.72 

7 

1 11/10/2015 79,959 6.36 

6.66 0.26 3.86 2 11/10/2015 85,755 6.82 

3 11/10/2015 85,331 6.79 

8 

1 12/9/2015 91,156 7.25 

6.89 0.32 4.58 2 12/9/2015 83,861 6.67 

3 12/9/2015 84,794 6.75 
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Table 5-14 Concrete compressive test results: pile-columns specimens 9 through 12 

Pile-Column 
Specimen 

Cylinder Test Date 

Peak 
Load 

Peak 
Stress 

Average 
Standard 
Deviation 

Coef. of 
Variation 

(lbs) (ksi) (ksi) (ksi) (%) 

9, 10, 11, 

12 

(28 days) 

1 7/1/2016 85,407 6.80 

7.07 0.25 3.48 2 7/1/2016 91,467 7.28 

3 7/1/2016 89,501 7.12 

9 

1 7/13/2016 90,647 7.21 

7.24 0.04 0.58 2 7/13/2016 90,590 7.21 

3 7/13/2016 91,523 7.28 

10 

1 8/4/2016 106,509 8.48 

8.40 0.14 1.63 2 8/4/2016 103,597 8.24 

3 8/4/2016 106,650 8.49 

11 

1 8/18/2016 109,676 8.73 

8.85 0.17 1.91 2 8/18/2016 112,673 8.97 

3 8/18/2016 - - 

12 

1 9/22/2016 114,284 9.09 

9.33 0.21 2.21 2 9/22/2016 119,204 9.49 

3 9/22/2016 118,158 9.40 

5.1.1.4 Soil 

Soil properties were determined by in-house material tests. Soil samples were taken 

directly from the pit to conduct experiments that included: particle size, water content, unit 

weight, specific gravity, void ratio, and axial compression triaxial tests. The soil was 

classified as poorly graded sand (SP) with an average unit weight γ = 90 pcf (14.2 kN/m3), 

friction angle ϕ = 35°, relative density Dr ≈ 25%, and specific gravity Gs = 2.66. The water 

content did not affect the pile-column testing program as the measured average was w = 

2.8%. Complete details regarding the conducted soil tests can be found elsewhere (Vo, 

2016). 
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5.1.1.5 Summary of Material Properties 

Material properties are summarized in Table 5-15. These properties were used to 

perform numerical simulations for predictions of the experimental test and to determine the 

displacement histories utilized during the experiments. 

Table 5-15 Material Properties 

Test 
No. 

Concrete   Tube Steel (A-139 Gr. B)   Long. Rebar (A-706 Gr. 60) 

f'c 
(ksi) 
(Mpa) 

  
Yield 
(ksi) 

(Mpa) 

Tensile 
(ksi) 

(Mpa) 

Strain 
at 

max. 
stress 

  
Yield 
(ksi) 

(Mpa) 

Tensile 
(ksi) 

(Mpa) 

Strain 
at 

max. 
stress 

1 6.54   49.5 71.3 15.3%   66.5 90.3 11.4% 

  (45)   (342) (492)     (459) (623)   

2 6.92   49.5 71.3 15.3%   66.5 90.3 11.4% 

  (48)   (342) (492)     (459) (623)   

3 6.88   45.4 66.6 18.0%   66.5 90.3 11.4% 

  (47)   (313) (460)     (459) (623)   

4 7.14   45.4 66.6 18.0%   66.5 90.3 11.4% 

  (49)   (313) (460)     (459) (623)   

5 4.81   54.3 75.6 14.8%   70.7 99.6 10.8% 

  (33)   (375) (522)     (488) (687)   

6 6.58   54.3 75.6 14.8%   70.7 99.6 10.8% 

  (45)   (375) (522)     (488) (687)   

7 6.66   55.6 74.7 13.7%   70.7 99.6 10.8% 

  (46)   (384) (515)     (488) (687)   

8 6.89   55.6 74.7 13.7%   70.7 99.6 10.8% 

  (48)   (384) (515)     (488) (687)   

9 7.24   49.5 71.3 15.3%   72.8 97.1 11.6% 

  (50)   (342) (492)     (503) (670)   

10 8.40   49.5 71.3 15.3%   72.8 97.1 11.6% 

  (58)   (342) (492)     (503) (670)   

11 8.85   54.3 75.6 14.8%   72.8 97.1 11.6% 

  (61)   (375) (522)     (503) (670)   

12 9.33   55.6 74.7 13.7%   72.8 97.1 11.6% 

  (64)   (384) (515)     (503) (670)   
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5.1.2. Test 1 

5.1.2.1 Test 1 Summary 

Test 1 was conducted between February 11th and 25th, 2015 at the North Carolina 

State University Constructed Facilities Laboratory. The tested pile-column specimen was a 

reinforced concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 48. No 

surcharge was applied to the soil, thus the soil stiffness was not modified. The test was 

successfully conducted to failure, which was caused by a combination of tube local 

buckling, tube fracture, and rebar rupture, resulting in a large strength degradation (~75%) 

in the third cycle at ductility level 5.0 (μ5). 

5.1.2.2 Test 1 Observations 

Test specimen #1 consisted of a 19-foot 6- inch long, reinforced concrete filled, 12-

inch diameter spirally welded steel tube without skelp or splice welds. The specimen was 

embedded 14 ft. into sand. The nominal wall thickness of the tube was ¼ in., providing a 

nominal D/t ratio of 48. The test was conducted with a 5-foot-6-inch cantilever length, 

measured from the soil surface to the point at which the lateral load was applied. 

Test specimen #1 performed well through the elastic portion of the test and also 

during all three cycles of ductility level 4.0 (μ4). It is believed that onset of buckling 

occurred during the displacement cycles of that ductility level as minor loss of strength was 

observed in each cycle. A significant loss of strength, indicating failure, occurred during the 

initial leg of the third cycle at ductility level 5.0 (μ5), as shown in Figure 5-18, where the 

lateral force vs. top displacement response is presented. The test was terminated (Figure 
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5-19) after the third push cycle load at ductility 5.0 (μ5) when a significant drop in the force 

of the actuator was observed (i.e., ~75%). Sounds indicating steel fracture were heard at the 

same time when the strength loss occurred, indicating probable rebar or tube fracture. Figure 

5-20 presents the observed damage after the pile-column specimen was extracted from the 

soil. As it was thought during the test, tube fracture, tube local buckling, bar fracture and bar 

buckling did occur. Tube local buckling developed on both sides of the specimen. The 

sections with the largest local buckling occurred at depths of 3 ft. – 1 ¼ in. and 3 ft. – 4 ¼ 

in. on the South and North sides of the specimen, respectively, which means that the plastic 

hinge developed at an average depth of 3 ft. – 2 ¾ in. with respect to the soil surface. 

Several minor buckled regions were observed equally spaced (~6 in.) on both sides of the 

specimen, close to the main buckled regions. The main buckled regions protruded ~¾ in. 

and ~½ in. on the North and South sides of the specimen, respectively. Tube fracture 

occurred on the South side of the specimen and it extended about half of the cross section 

perimeter, resulting in a significant drop in strength due to lost tension capacity.  
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Figure 5-18 Test 1: lateral force vs. top displacement response 
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Figure 5-19 Test 1: (a) deformed shape, (b) South, and (c) North sides at third cycle of 

ductility 5; +31.12” of top displacement; 7.78 kips of lateral force 

 

Figure 5-20 Test 1: (a) observed damage, (b) tube local buckling on North side, and (c) tube 

fracture on South side 
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5.1.2.3 Test 1 Conclusions 

Test specimen #1 showed a reliable response through all ductility 4 (μ4) cycles. It is 

believed that onset of local buckling occurred during this ductility level when subtle strength 

loss was observed. The test specimen completed all cycles of ductility 4 (μ4) without 

significant loss of strength. Failure of the specimen occurred at ductility level 5 (μ5) when a 

significant drop in the strength was observed. Further investigations revealed that failure 

occurred due to a combination of tube local buckling, tube fracture, bar fracture, and bar 

buckling. It is believed that this particular specimen is capable of having a reliable 

displacement up to ductility 4 (μ4). The main buckles as well as tube fracture did not occur 

over the spiral weld, so the tube spiral welds do not appear to negatively influence the 

behavior. 

5.1.3. Test 2 

5.1.3.1 Test 2 Summary 

Test 2 was conducted May 4th, 2015 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 48. A surcharge of ~960 

psf was applied to the soil prior to and during the test, so the soil stiffness was expected to 

change. The test was successfully conducted to failure, which was caused by a combination 

of tube local buckling, tube fracture, and bar rupture, resulting in a large strength 

degradation (~76.5%) in the first cycle at ductility level 5.5 (μ5.5). 
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5.1.3.2 Test 2 Observations 

Test specimen # 2 consisted of a 19-foot 5- inch long, reinforced concrete filled, 12-

inch diameter spirally welded steel tube without skelp or splice welds. The specimen was 

embedded 13 ft. – 7 in. into sand. The nominal wall thickness of the tube was ¼ in., 

providing a nominal D/t ratio of 48. The test was conducted with a 5-foot-10-inch cantilever 

length, measured from the soil surface to the point at which the lateral load was applied. 

Test specimen #2 performed well through the elastic portion of the test and during all 

three cycles of ductility level 5 (μ5). It is believed that onset of buckling occurred during the 

displacement cycles at ductility level 4 (μ4) as minor loss of strength was observed in each 

cycle at that displacement level. A significant loss of strength, indicating failure, occurred 

during the first pull cycle at ductility level 5.5 (μ5.5), as shown in Figure 5-21, where the 

lateral force vs. top displacement response is presented. The test was terminated (Figure 

5-22) after the first pull cycle load at ductility 5.5 (μ5.5), when a significant drop in the force 

of the actuator was observed (i.e., ~75%). Sounds indicating steel fracture were heard at the 

same time when the strength loss occurred, indicating probable rebar or tube fracture. Figure 

5-23 presents the observed damage after the pile-column was extracted from the soil. As it 

was thought during the test, tube fracture, tube local buckling, bar fracture and bar buckling 

did occur. Tube local buckling developed on both sides of the specimen. Note that three 

main local buckling zones developed on both North and South sides. The sections with the 

largest tube local buckling occurred at depths of 1 ft. – 9 in. and 2 ft. – 5 ¼ in. on the South 

and North sides of the specimen, respectively. The plastic hinge developed at an average 

depth of 2 ft. – 6 ¼ in. with respect to the soil surface. Several minor buckled regions were 
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observed on both sides of the specimen, close to the main buckled regions. The main 

buckled regions protruded ~5/8 in. on both North and South sides of the specimen. Tube 

fracture occurred on the North side of the specimen and it extended about half of the cross 

section perimeter, resulting in a significant drop in strength due to lost tension capacity. 

 

  

Figure 5-21 Test 2: lateral force vs. top displacement response 
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Figure 5-22 Test 2: (a) deformed shape, (b) South, and (c) North sides at first cycle of 
ductility 5.5; −31.62” of top displacement; −7.99 kips of lateral force 

 

Figure 5-23 Test 2: (a) observed damage, (b) tube fracture on North side, and (c) tube 
buckling on South side 
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5.1.3.3 Test 2 Conclusions 

Test specimen #2 showed a reliable response through all ductility 5 (μ5) cycles. It is 

believed that the onset of tube local buckling occurred during the test at ductility 4 (μ4), 

when subtle strength loss was observed. The test specimen completed all cycles of ductility 

5 (μ5) without significant loss of strength. Failure of the specimen occurred at ductility level 

5.5 (μ5.5) when a significant drop in the strength was observed. Further investigations 

revealed that failure occurred due to a combination of tube local buckling, tube fracture, bar 

buckling, and bar fracture. It is believed that this particular specimen is capable of having a 

reliable displacement up to ductility 5.0 (μ5). The main buckles as well as tube fracture did 

not occur over the spiral weld, so the tube spiral welds do not appear to negatively influence 

the behavior. 

5.1.4. Test 3 

5.1.4.1 Test 3 Summary 

Test 3 was conducted May 29th, 2015 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 95. No surcharge was 

applied to the soil, thus the soil stiffness was not modified. The test was successfully 

conducted to failure, which was caused by a combination of tube local buckling and fracture 

of the tube spiral weld, resulting in a large strength degradation (~36.35%) in the first cycle 

at ductility 4 (μ4). 
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5.1.4.2 Test 3 Observations 

Test specimen # 3 consisted of a 19-foot 5- inch long, reinforced concrete filled, 12-

3/4-inch diameter spirally welded steel tube without skelp or splice welds. The specimen 

was embedded 13 ft. – 11 in. into sand. The nominal wall thickness of the tube was 0.134”, 

providing a nominal D/t ratio of 95. The test was conducted with a 5-foot-6-inch cantilever 

length, measured from the soil surface to the point at which the lateral load was applied. 

Test specimen #3 performed well through the elastic portion of the test and during all 

three cycles of ductility level 2 (μ2). It is believed that onset of buckling occurred during the 

displacement cycles at ductility level 1.5 (μ1.5), as large tensile strains were recorded on the 

North side of the specimen at this displacement level. A moderate strength loss (~12.84%), 

indicating onset of fracture, was recorded during the first pull cycle at ductility level 3 (μ3). 

A significant loss of strength, indicating failure, occurred during the first push cycle at 

ductility level 4 (μ4), as shown in Figure 5-24, where the lateral force vs. top displacement 

response is presented. The test was terminated (Figure 5-25) after the first push cycle load at 

ductility 4 (μ4), when a significant drop in the force of the actuator was observed (i.e., 

~36.4%); tube spiral weld fracture was also observed at this displacement ductility level.  

Sounds indicating steel fracture were not heard. Figure 5-26 presents the observed damage 

after the pile-column was extracted from the soil.  As it was thought during the test, tube 

local buckling and tube spiral weld fracture did occur. Tube local buckling developed on 

both sides of the specimen. Three tube local buckling zones developed on the South side, 

whereas only one developed on the North Side. The sections with the largest tube local 

buckling occurred at depths of 4 ft. – 1 3/8 in. and 2 ft. – 5 ½ in. on the South and North 
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sides of the specimen, respectively. The plastic hinge developed at an average depth of 2 ft. 

– 11 5/8 in. with respect to the soil surface. Several minor buckled regions were observed on 

both sides of the specimen, close to the main buckled regions. The main buckled regions 

protruded ~3/8 in. on both North and South sides of the specimen. Tube fracture occurred on 

both North and South sides of the specimen along a segment of the tube spiral weld, and it 

extended to the East and West extreme fibers, resulting in the strength loss observed on both 

push and pull cycle loads due to loss of tension capacity. 

 

  

Figure 5-24 Test 3: lateral force vs. top displacement response 
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Figure 5-25 Test 3: (a) deformed shape, (b) South, and (c) North sides at first cycle of 

ductility 4; ‒24.99” of top displacement; ‒13.99 kips of lateral force 
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Figure 5-26 Test 3: (a) observed damage and (b) tube fracture on South side; (c) observed 
damage and (d) tube buckling on North side 

5.1.4.3 Test 3 Conclusions 

Test specimen #3 showed a reliable response through all ductility 2 (μ2) cycles. It is 

believed that the onset of local buckling occurred early during the test at ductility level 1.5 

(μ1.5), when large tensile strains were recorded. The test specimen completed all cycles of 

ductility 3 (μ3) without significant loss of strength, though indicating onset of tube spiral 

weld fracture. A significant drop in strength occurred at ductility level 4 (μ4) when fracture 

of the spiral weld was observed. Further investigations revealed that failure occurred due to 

a combination of tube local buckling and tube spiral weld fracture. It is believed that this 

specimen is capable of having a reliable displacement up to ductility 2 (μ2). Tube fracture 
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occurred over the spiral weld, so the tube spiral welds appear to negatively influence the 

behavior, limiting the deformation capacity of this specimen. 

5.1.5. Test 4 

5.1.5.1 Test 4 Summary 

Test 4 was conducted June 16th, 2015 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 95. A surcharge of ~960 

psf was applied to the soil prior to and during the test, so the soil stiffness was expected to 

change. The test was successfully conducted to failure, which was caused by a combination 

of tube local buckling and fracture of the tube spiral weld, resulting in a large strength 

degradation (~37.2%) in the second cycle at ductility level 2 (μ2). 

5.1.5.2 Test 4 Observations 

Test specimen # 4 consisted of a 19-foot 5- inch long, reinforced concrete filled, 12-

3/4-inch diameter spirally welded steel tube without skelp or splice welds. The specimen 

was embedded 13 ft. – 11 in. into sand. The nominal wall thickness of the tube was 0.134”, 

providing a nominal D/t ratio of 95. The test was conducted with a 5-foot-6-inch cantilever 

length, measured from the soil surface to the point at which the lateral load was applied. 

Test specimen #4 performed well through the elastic portion of the test and during all 

three cycles of ductility level 1 (μ1). It is believed that onset of tube buckling and tube spiral 

weld fracture occurred early during the displacement cycles at ductility level 1.5 (μ1.5) as 

strength losses were observed in both push and pull cycle loads at this level. A moderate 
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strength loss (~18%), indicating onset of fracture, was recorded during the second pull cycle 

at ductility level 1.5 (μ1.5). A significant loss of strength, indicating failure, occurred during 

the second pull cycle at ductility level 2 (μ2), as shown in Figure 5-27, where the lateral 

force vs. top displacement response is presented. The test was terminated (Figure 5-28) after 

the second pull cycle load at ductility 2 (μ2) when a significant drop in the force of the 

actuator was observed (i.e., ~37.2%); tube spiral weld fracture was also observed at this 

displacement ductility level. Sounds indicating steel fracture were not heard. Figure 5-29 

presents the observed damage after the pile-column was extracted from the soil. As it was 

thought during the test, tube local buckling and tube spiral weld fracture did occur. Tube 

local buckling developed only on the South side of the specimen at a depth of 3 ft. – 3 in., 

which protruded ~1/4 in. Tube fracture occurred on the North side of the specimen over a 

segment of the tube spiral weld, and it extended to the East and West extreme fibers, 

resulting in the strength loss observed in the pull cycle loads due to loss of tension capacity. 

 

Figure 5-27 Test 4: lateral force vs. top displacement response 
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Figure 5-28 Test 4: (a) deformed shape, (b) South, and (c) North sides at second cycle of 

ductility 2; −11.11” of top displacement; −14.61 kips of lateral force 
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Figure 5-29 Test 4: (a) observed damage and (b) tube buckling on South side 

5.1.5.3 Test 4 Conclusions 

Test specimen #4 showed a reliable response through all ductility 1 (μ1) cycles. It is 

believed that onset of tube fracture and tube local buckling occurred early during the test at a 

ductility level of 1.5 (μ1.5), when large tensile strains were recorded along with strength 

losses. The test specimen completed all cycles of ductility 1.5 (μ1.5) with a moderate loss of 

strength, indicating onset of tube fracture. A significant drop in strength occurred at ductility 

level 2 (μ2) when fracture of the tube spiral weld was observed. Further investigations 

revealed that failure occurred due to a combination of tube local buckling and fracture of the 

tube spiral weld. It is believed that this particular specimen is capable of having a reliable 

displacement up to ductility 1 (μ1). Tube fracture occurred over the spiral weld, so the tube 

spiral welds appear to negatively influence the behavior limiting the deformation capacity of 

this particular specimen. 

Upon further examination of the inside of the spirally welded tube, it was determined 

that the thin wall tubes which made up tests 3 and 4 were not welded along the inside 
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surface, but rather only upon the outside surface. Furthermore, tension tests done on 

coupons across the spiral weld after the tests were completed indicated abrupt rupture at low 

strain levels. Further details regarding this issue with the tube spiral welds was previously 

discussed in the Material Properties section. 

5.1.6. Test 5 

5.1.6.1 Test 5 Summary 

Test 5 was conducted September 28th, 2015 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 95. No surcharge was 

applied to the soil, thus the soil stiffness was not modified. The test was successfully 

conducted to failure, which was caused by a combination of tube local buckling and tube 

fracture, resulting in a large strength degradation (~47.8%) in the third cycle at ductility 

level 4 (μ4). 

5.1.6.2 Test 5 Observations 

Test specimen #5 consisted of a 19-foot-5-inch long, reinforced concrete filled, 12-

3/4-inch diameter spirally welded steel tube without skelp or splice welds. The specimen 

was embedded 13 ft. – 9 in. into sand. The nominal wall thickness of the tube was 0.134”, 

providing a nominal D/t ratio of 95. The test was conducted with a 5-foot-8.25-inch 

cantilever length, measured from the soil surface to the point at which the lateral load was 

applied. 
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Test specimen #5 performed well through the elastic portion of the test and during all 

three cycles of ductility level 3 (μ3). It is believed that onset of tube buckling occurred 

during the displacement cycles of ductility level 2 (μ2) as large tensile strain in combination 

with minor loss of strength were observed in each cycle. A significant loss of strength, 

indicating failure, occurred during the third pull cycle at ductility level 4 (μ4), as shown in 

Figure 5-30, where the lateral force vs. top displacement response is presented; the 

deformed shape at this performance level is presented in Figure 5-31. The test was 

terminated after the first push cycle load at ductility 5 (μ5) when a significant drop in the 

force of the actuator was observed (i.e., ~47.8%). Sounds indicating steel fracture were 

heard at the same time when the strength loss occurred, indicating probable rebar or tube 

fracture. Figure 5-32 presents the observed damage after the pile-column was extracted from 

the soil. As it was thought during the test, tube fracture and tube local buckling did occur; 

bar buckling also occurred. Tube local buckling developed on both sides of the specimen. 

The sections with the largest tube local buckling occurred at depths of 3 ft. – ¼ in. and 2 ft. 

– 10 in. on the North and South sides of the specimen, respectively, which means that the 

plastic hinge developed at an average depth of 2 ft. – 11 1/8 in. with respect to the soil 

surface. The main buckled regions protruded ~7/8 in. and ~½ in. on the North and South 

sides of the specimen, respectively. Tube fracture occurred on both sides of the specimen 

and it extended about half of the cross section perimeter, resulting in a significant drop in 

strength due to lost tension capacity. 
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Figure 5-30 Test 5: lateral force vs. top displacement response 
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Figure 5-31 Test 5: (a) deformed shape, (b) South, and (c) North sides at third cycle of 

ductility 4; −22.54” of top displacement; −13.28 kips of lateral force 

  

Figure 5-32 Test 5: (a) observed damage, (b) tube fracture and buckling on North side, and 
(c) tube fracture and buckling on South side 
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5.1.6.3 Test 5 Conclusions 

Test specimen #5 showed a reliable response through all ductility 3 (μ3) cycles. It is 

believed that onset of tube local buckling occurred early during the test at a ductility level of 

1.5 (μ1.5), when large tensile strains were recorded. The test specimen completed all cycles 

of ductility 3 (μ3) with minor loss of strength. A significant drop in strength occurred at 

displacement ductility level 4 (μ4) when tube fracture developed on the North side of the 

specimen during the third pull cycle at this level. Further investigations revealed that failure 

occurred due to a combination of tube local buckling, tube fracture, and bar buckling. It is 

believed that this particular specimen is capable of having a reliable displacement up to 

ductility 3 (μ3). The main buckles as well as tube fracture did not occur over the spiral weld, 

so the spiral welds do not appear to negatively influence the behavior. 

5.1.7. Test 6 

5.1.7.1 Test 6 Summary 

Test 6 was conducted October 21st, 2015 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 95. A surcharge of ~960 

psf was applied to the soil prior to and during the test, so the soil stiffness was expected to 

change. The test was successfully conducted to failure, which was caused by a combination 

of tube local buckling and tube fracture, resulting in a large strength degradation (~34.7%) 

in the third cycle at ductility level 4 (μ4). 
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5.1.7.2 Test 6 Observations 

Test specimen # 6 consisted of a 19-foot 5.25- inch long, reinforced concrete filled, 

12-3/4-inch diameter spirally welded steel tube without skelp or splice welds. The specimen 

was embedded 13 ft. – 6.75 in. into sand. The nominal wall thickness of the tube was 

0.134”, providing a nominal D/t ratio of 95. The test was conducted with a 5-foot-10.5-inch 

cantilever length, measured from the soil surface to the point at which the lateral load was 

applied. 

Test specimen #6 performed well through the elastic portion of the test and during all 

three cycles of ductility level 3 (μ3). It is believed that onset of buckling occurred during the 

displacement cycles at ductility level 1.5 (μ1.5) as large tensile strains were recorded in each 

cycle at that displacement level. A significant loss of strength, indicating failure, occurred 

during the third push cycle at ductility level 4 (μ4), as shown in Figure 5-33, where the 

lateral force vs. top displacement response is presented. The test was terminated (Figure 

5-34) after the third push cycle load at ductility 4 (μ4) when a significant drop in the force of 

the actuator was observed (i.e., ~34.7%). Sounds indicating steel fracture were heard at the 

same time when the strength loss occurred, indicating probable rebar or tube fracture. Figure 

5-35 presents the observed damage after the pile-column was extracted from the soil. As it 

was thought during the test, tube fracture and tube local buckling did occur. Neither bar 

buckling nor bar fracture were observed. Tube local buckling developed on both sides of the 

specimen. It can be seen that two main local buckling zones developed on the North side, 

while only one developed on the South side of the specimen. The sections with the largest 

tube local buckling occurred at depths of 2 ft. – 6 in. and 2 ft. – 8 in. on the South and North 
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sides of the specimen, respectively, which means that the plastic hinge developed at an 

average depth of 2 ft. – 7 in. with respect to the soil surface. Several minor buckled regions 

were observed on both sides of the specimen, close to the main buckled regions. The main 

buckled regions protruded ~1/2 in. and ~7/16 in. on the South and North sides of the 

specimen, respectively. Tube fracture occurred on the South side of the specimen and it 

extended about half of the cross section perimeter, resulting in a significant drop in strength 

due to lost tension capacity.  

 

 

Figure 5-33 Test 6: lateral force vs. top displacement response 
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Figure 5-34 Test 6: (a) deformed shape, (b) South, and (c) North sides at third cycle of 
ductility 4; +21.36” of top displacement; +16.56 kips of lateral force 

  

Figure 5-35 Test 6: (a) observed damage observed, (b) tube fracture on South side, and (c) 
tube buckling on North side 
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5.1.7.3 Test 6 Conclusions 

Test specimen #6 showed a reliable response through all ductility 3 (μ3) cycles. It is 

believed that onset of tube local buckling occurred early during the test at a ductility level 

1.5 (μ1.5), when large tensile strains were recorded. The test specimen completed all cycles 

of ductility 3 (μ3) with minor loss of strength. A significant drop in strength occurred at 

ductility level 4 (μ4) when tube fracture developed on the South side of the specimen during 

the third push cycle at this level. Further investigations revealed that failure occurred due to 

a combination of tube local buckling and tube fracture. Neither bar fracture nor bar buckling 

were observed in the internal reinforcement. It is believed that this particular specimen is 

capable of having a reliable displacement up to ductility 3 (μ3). The main buckles as well as 

the tube fracture did not occur over the spiral weld, so the tube spiral welds do not appear to 

negatively influence the behavior. 

5.1.8. Test 7 

5.1.8.1 Test 7 Summary 

Test 7 was conducted November 11th, 2015 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 68. No surcharge was 

applied to the soil, thus the soil stiffness was not modified. The test was successfully 

conducted to failure, which was caused by a combination of tube local buckling, tube 

fracture, and bar buckling, resulting in a large strength degradation (~25.4%) in the second 

cycle at ductility level 5 (μ5). 
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5.1.8.2 Test 7 Observations 

Test specimen #7 consisted of a 19-foot 5.25- inch long, reinforced concrete filled, 

12-3/4-inch diameter spirally welded steel tube without skelp or splice welds. The specimen 

was embedded 13 ft. – 8 in. into sand. The nominal wall thickness of the tube was 3/16 in., 

providing a nominal D/t ratio of 68. The test was conducted with a 5-foot-9.25-inch 

cantilever length, measured from the soil surface to the point at which the lateral load was 

applied. 

Test specimen #7 performed well through the elastic portion of the test and during all 

three cycles of ductility level 4 (μ4). It is believed that onset of tube buckling occurred 

during the displacement cycles of ductility level 2 (μ2) as large tensile strains were recorded 

in each cycle at this level. A significant loss of strength, indicating failure, occurred during 

the second push cycle at ductility level 4.88 (μ4.88), as shown in Figure 5-36, where the 

lateral force vs. top displacement response is presented. Due to setup constrains, a maximum 

displacement ductility of 4.88 (μ4.88) was induced in the specimen head for all push cycles 

corresponding to ductility 5(μ5). The test was terminated (Figure 5-37) after the first push 

cycle load at ductility 4.88 (μ4.88) when a significant drop in the force of the actuator was 

observed (i.e., ~25.4%). Sounds indicating steel fracture were not heard. Figure 5-38 

presents the observed damage after the pile-column was extracted from the soil. As it was 

thought during the test, tube fracture and tube local buckling did occur; bar buckling also 

occurred. Tube local buckling developed on both sides of the specimen. The sections with 

the largest tube local buckling occurred at a depth of 2 ft. – 8 ¼ in. on both North and South 

sides of the specimen, where deformations protruded ~5/8 in. The plastic hinge developed at 
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an average depth of 3 ft. – ¼ in. with respect to the soil surface. Tube fracture occurred on 

the South side of the specimen and it extended about half of the cross section perimeter, 

resulting in a significant drop in strength due to lost tension capacity. 

 

 

Figure 5-36 Test 7: lateral force vs. top displacement response 
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Figure 5-37 Test 7: (a) deformed shape, (b) South, and (c) North sides at second cycle of 

ductility 4.88; +29.41” of top displacement; +23.25 kips of lateral force 

  

Figure 5-38 Test 7: (a) observed damage, (b) tube fracture and buckling on South side, and 

(c) tube buckling on North side 
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5.1.8.3 Test 7 Conclusions 

Test specimen #7 showed a reliable response through all ductility 4 (μ4) cycles. It is 

believed that onset of tube local buckling occurred during the test at ductility level 2 (μ2), 

when large tensile strains were recorded. The test specimen completed all cycles of ductility 

4 (μ4) with minor loss of strength. A significant drop in strength occurred at ductility level 

4.88 (μ4.88) when tube fracture developed on the South side of the specimen during the 

second push cycle at this level. Further investigations revealed that failure occurred due to a 

combination of tube local buckling, tube fracture, and bar buckling. Although the specimen 

was subjected to a maximum displacement ductility of 4.88 (μ4.88) in the push cycles, it is 

believed that this particular specimen is capable of having a reliable displacement up to 

ductility 4 (μ4). The main buckles as well as the tube fracture did not occur over the spiral 

weld, so the tube spiral welds do not appear to negatively influence the behavior. 

5.1.9. Test 8 

5.1.9.1 Test 8 Summary 

Test 8 was conducted December 9th, 2015 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 68. A surcharge of ~960 

psf was applied to the soil prior to and during the test, so the soil stiffness was expected to 

change. The test was successfully conducted to failure, which was caused by a combination 

of tube local buckling and tube fracture, resulting in a large strength degradation (~24.8%) 

in the third cycle at ductility level 4 (μ4). 
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5.1.9.2 Test 8 Observations 

Test specimen # 8 consisted of a 19-foot 5.25- inch long, reinforced concrete filled, 

12-3/4-inch diameter spirally welded steel tube without skelp or splice welds. The specimen 

was embedded 13 ft. – 8 in. into sand. The nominal wall thickness of the tube was 3/16 in., 

providing a nominal D/t ratio of 68. The test was conducted with a 5-foot-9.25-inch 

cantilever length, measured from the soil surface to the point at which the lateral load was 

applied. 

Test specimen #8 performed well through the elastic portion of the test and during all 

three cycles of ductility level 3 (μ3). It is believed that onset of tube local buckling occurred 

during the displacement cycles at ductility level 2 (μ2) as large tensile strains were recorded 

in each cycle at that performance level. A significant loss of strength, indicating failure, 

occurred during the third push cycle at ductility level 4 (μ4), as shown in Figure 5-39, where 

the lateral force vs. top displacement response is presented. The test was terminated (Figure 

5-40) after the third push cycle load at ductility 4 (μ4) when a significant drop in the force of 

the actuator was observed (i.e., ~24.83%). Sounds indicating steel fracture were heard at the 

same time when the strength loss occurred, indicating probable bar or tube fracture. Figure 

5-41 presents the observed damage after the pile-column was extracted from the soil. As it 

was thought during the test, tube fracture and tube local buckling did occur. Neither bar 

buckling nor bar fracture were observed. Tube local buckling developed on both sides of the 

specimen. The sections with the largest local buckling occurred at depths of 2 ft. – 5.5 in. 

and 2 ft. – 7 in. on the South and North sides of the specimen, respectively, where 

deformations protruded ~5/8 in. on both sides. The plastic hinge developed at an average 
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depth of 2 ft. – 6.25 in. with respect to the soil surface. Several ripples were observed on the 

North side of the specimen, close to the main buckled region. Tube fracture occurred on the 

South side of the specimen and it extended about half of the cross section perimeter, 

resulting in a significant drop in strength due to lost tension capacity.  

 

 

Figure 5-39 Test 8: lateral force vs. top displacement response 
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Figure 5-40 Test 8: (a) deformed shape, (b) South, and (c) North sides at third cycle of 

ductility 4; +22.95” of top displacement; +23.87 kips of lateral force 
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Figure 5-41 Test 8: (a) observed damage, (b) tube fracture and buckling on South side, and 

(c) tube fracture and buckling on North side 

5.1.9.3 Test 8 Conclusions 

Test specimen #8 showed a reliable response through all ductility 3 (μ3) cycles. It is 

believed that onset of pipe local buckling occurred early during the test at a ductility level of 

2 (μ2), when large curvatures were recorded. The test specimen completed all cycles of 

ductility 3 (μ3) with minor loss of strength. A significant drop in strength occurred at 

ductility 4 (μ4) when tube fracture developed on the South side of the specimen during the 

third push cycle at this level. Further investigations revealed that failure occurred due to a 

combination of tube local buckling and tube fracture. Neither bar fracture nor bar buckling 

were observed in the internal reinforcement on the South side of the specimen. It is believed 

that this particular specimen is capable of having a reliable displacement up to ductility 3 

(μ3). The main buckles as well as tube fracture did not occur over the spiral weld, so the tube 

spiral welds do not appear to negatively influence the behavior. 
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5.1.10. Test 9 

5.1.10.1 Test 9 Summary 

Test 9 was conducted July 13th, 2016 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile specimen was a reinforced concrete filled 

steel tube with a diameter-to-thickness (D/t) ratio of 48. Test 9 was conducted in two phases. 

First, the specimen was tested in its elastic range using a soil surcharge of ~1920 psf prior 

and during pile testing. Subsequently, the specimen was removed from the pit and the soil 

was regenerated to its pristine conditions by liquefying the pit. Then, for the second phase of 

the test, the specimen was inserted in the pit and was tested in both the elastic and inelastic 

ranges using a soil surcharge of ~960 psf prior and during pile testing. Phase 1 revealed that 

by increasing the soil surcharge the effective soil stiffness does increase thereby increasing 

the lateral strength and tensile strains. For Phase 2 the test was successfully conducted to 

failure, which was caused by a combination of tube local buckling, tube fracture, and bar 

fracture, resulting in a large strength degradation (~80.3%) in the third push cycle at 

ductility level 5 (μ5). Results presented herein are focused on Phase 2 of the experiment. 

5.1.10.2 Test 9 Observations 

Test specimen #9 consisted of a 19-foot 5.25- inch long, reinforced concrete filled, 

12-inch diameter spirally welded steel tube without skelp or splice welds. The specimen was 

embedded 13 ft. – 8 in. into sand. The nominal wall thickness of the tube was ¼ in., 

providing a nominal D/t ratio of 48. The test was conducted with a 5-foot-9.25-inch 
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cantilever length, measured from the soil surface to the point at which the lateral load was 

applied. 

Test specimen #9 performed well through the elastic portion of the test and during all 

three cycles of ductility level 4 (μ4). It is believed that onset of tube local buckling occurred 

during the displacement cycles at that displacement ductility as large tensile strains were 

recorded in each cycle. A significant loss of strength, indicating fa ilure, occurred during the 

third push cycle at ductility level 5 (μ5), as shown in Figure 5-42, where the lateral force vs. 

top displacement response is presented. The test was terminated (Figure 5-43) after the third 

push cycle load at ductility 5 (μ5) when a significant drop in the force of the actuator was 

observed (i.e., ~80.3%). Sounds indicating steel fracture were heard at the same time when 

the strength loss occurred, indicating probable bar or tube fracture. Figure 5-44 presents the 

observed damage after the pile-column was extracted from the soil. As it was thought during 

the test, tube fracture, tube local buckling and bar fracture did occur. Tube local buckling 

developed on both sides of the specimen. The sections with the largest tube buckling 

occurred at depths of 2 ft. – 2 in. and 2 ft. – 4 in. on the South and North sides of the 

specimen, respectively, where deformations protruded ~5/8 in. The plastic hinge developed 

at an average depth of 2 ft. – 3 in. with respect to the soil surface. Tube fracture occurred on 

the South side of the specimen and it extended about half of the cross section perimeter, 

resulting in a significant drop in strength due to lost tension capacity.  
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Figure 5-42 Test 9: lateral force vs. top displacement response 
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Figure 5-43 Test 9: (a) deformed shape, (b) South, and (c) North sides at third cycle of 
ductility 5; +29.50” of top displacement; +6.35 kips of lateral force 

  

Figure 5-44 Test 9: (a) observed damage, (b) tube buckling on North side, and (c) tube 
fracture and buckling on South side 
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5.1.10.3 Test 9 Conclusions 

Test specimen #9 showed a reliable response through all ductility 4 (μ4) cycles. It is 

believed that onset of local buckling occurred at that ductility level as subtle strength loss 

was observed. The test specimen completed all cycles of ductility 4 (μ4) with minor loss of 

strength. Failure of the specimen occurred at ductility level 5 (μ5) when a significant drop in 

the strength was observed as the third push cycle was imposed at the specimen head.  

Further investigations revealed that failure occurred due to a combination of tube local 

buckling, tube fracture, and bar fracture. It is believed that this particular specimen is 

capable of having a reliable displacement capacity up to ductility 4 (μ4). The main buckles 

as well as the tube fracture did not occur over the spiral weld, so the tube spiral welds do not 

appear to negatively influence the behavior. 

5.1.11. Test 10 

5.1.11.1 Test 10 Summary 

Test 10 was conducted August 5th, 2016 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 48. No surcharge was 

applied to the soil, thus the soil stiffness was not modified. The aboveground height (column 

length) was increased by 2 ft. with respect to previous tests using the same D/t ratio. The test 

was successfully conducted to failure, which was caused by a combination of tube local 

buckling, tube fracture, and bar fracture, resulting in a large strength degradation (~73%) in 

an additional push cycle at ductility level 5 (μ5), after three cycle sets at that level were 
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completed. Due to setup constrains, displacements in the pull direction only reached a 

maximum displacement ductility level 3 (μ3) for cycles of displacement ductility levels 4 

(μ4) and 5 (μ5). 

5.1.11.2 Test 10 Observations 

Test specimen #10 consisted of a 21-foot 5.25- inch long, reinforced concrete filled, 

12-inch diameter spirally welded steel tube without skelp or splice welds. The specimen was 

embedded 13 ft. – 8 in. into sand. The nominal wall thickness of the tube was ¼ in., 

providing a nominal D/t ratio of 48. The test was conducted with a 7-foot-9.25-inch 

cantilever length, measured from the soil surface to the point at which the lateral load was 

applied.  

Test specimen #10 performed well through the elastic portion of the test and during 

all three cycles of ductility level 4 (μ4). It is believed that onset of tube buckling occurred 

during the displacement cycles at ductility level 3 (μ3) as minor loss of strength was 

observed at the second and third cycle loads at that level. A significant loss of strength, 

indicating failure, occurred during an additional cycle at ductility level 5 (μ5), as shown in 

Figure 5-45, where the lateral force vs. top displacement response is presented. The test was 

terminated (Figure 5-46) after the fourth cycle load at ductility 5 (μ5) when a significant 

drop in the force of the actuator was observed (i.e., ~73%). Sounds indicating steel fracture 

were heard at the same time when the strength loss occurred, indicating probable bar or tube 

fracture. Figure 5-47 presents the observed damage after the pile-column was extracted from 

the soil. As it was thought during the test, tube fracture, tube local buckling and bar fracture 
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did occur; bar buckling was not observed. Tube local buckling developed on both sides of 

the specimen. The sections with the largest local buckling occurred at depths of 3 ft. – ½ in. 

on the South side and 2 ft. – 9.5 in. and 3 ft. – 4 in. on the North side of the specimen, 

respectively, which implies that the plastic hinge developed at an average depth of 3 ft. – 5/8 

in. with respect to the soil surface. The largest deformations due to local buckling protruded 

~5/8 in. and ~1/2 in. on the South and North sides of the specimen. Tube fracture occurred 

on the South side of the specimen and it extended about half of the cross section perimeter, 

resulting in a significant drop in strength due to lost tension capacity.  

 

 

Figure 5-45 Test 10: lateral force vs. top displacement response 
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Figure 5-46 Test 10: (a) deformed shape, (b) South, and (c) North sides at fourth cycle of 
ductility 5; +36.32” of top displacement; +6.95 kips of lateral force 

  

Figure 5-47 Test 10: (a) observed damage, (b) tube buckling and fracture on South side, and 
(c) tube buckling on North side 
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5.1.11.3 Test 10 Conclusions 

Test specimen #10 showed a reliable response through all ductility 4 (μ4) cycles. It is 

believed that onset of tube local buckling occurred at ductility level 3 (μ3) as subtle strength 

loss was observed. The test specimen completed all cycles of ductility 4 (μ4) without 

significant loss of strength. After all cycles of ductility 5 (μ5) were completed, an additional 

push cycle at the same ductility level was induced in the specimen head. Failure of the 

specimen occurred during that additional push cycle at ductility level 5 (μ5) when a 

significant drop in the strength was observed. Further investigations revealed that failure 

occurred due to a combination of tube local buckling, tube fracture, and bar fracture. 

Although in the pull direction the specimen was subjected only to a displacement ductility 

level 3 (μ3), it is believed that this particular specimen is capable of having a reliable 

displacement capacity up to ductility 5 (μ5). The main buckles as well as tube fracture did 

not occur over the spiral weld, so the tube spiral welds do not appear to negatively influence 

the behavior. 

5.1.12. Test 11 

5.1.12.1 Test 11 Summary 

Test 11 was conducted August 19th, 2016 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 95. No surcharge was 

applied to the soil, thus the soil stiffness was not modified. The aboveground height (column 

length) was increased by 2 ft. with respect to previous tests using the same D/t ratio. The test 
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was successfully conducted to failure, which was caused by a combination of tube local 

buckling, tube fracture, and bar buckling, resulting in a large strength degradation (~43%) in 

the third pull cycle at ductility level 4 (μ4). Due to issues related to one of the data 

acquisition systems, part of the data from the experiment was lost. As such, unlike in 

previous tests observations where the lateral force vs. top displacement response is 

presented, the envelopes are presented for test 11 in Figure 5-48, as part of the lost 

information included the lateral force induced by the actuator. These envelopes were plotted 

using manually recorded data at different performance levels. 

5.1.12.2 Test 11 Observations 

Test specimen #11 consisted of a 21-foot 5.25- inch long, reinforced concrete filled, 

12-3/4-inch diameter spirally welded steel tube without skelp or splice welds. The specimen 

was embedded 13 ft. – 9 in. into sand. The nominal wall thickness of the tube was 0.134”, 

providing a nominal D/t ratio of 95. The test was conducted with a 7-foot-8.25-inch 

cantilever length, measured from the soil surface to the point at which the lateral load was 

applied.  

Test specimen #11 performed well through the elastic portion of the test and during 

all three cycles of ductility level 3 (μ3). It is believed that onset of tube buckling occurred 

during the displacement cycles at ductility level 2 (μ2) as minor loss of strength was 

observed at the second and third cycles at that level. A significant loss of strength, indicating 

failure, occurred during the third pull cycle at ductility level 4 (μ4), as shown in Figure 5-48, 

where the lateral force vs. top displacement envelopes are presented. The test was 
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terminated (Figure 5-49) after the third pull cycle load at ductility 4 (μ4) when a significant 

drop in the force of the actuator was observed (i.e., ~43%). Sounds indicating steel fracture 

were heard at the same time when the strength loss occurred, indicating probable bar or tube 

fracture. Figure 5-50 presents the observed damage after the pile-column was extracted from 

the soil. As it was thought during the test, tube fracture and tube local buckling did occur; 

bar buckling was also observed. Tube local buckling developed at depths of 2 ft. – 5.5 in. 

and 3 ft. – 6 in. on the South side, and 2 ft. – 2 in. and 3 ft. – 2 in. on the North side of the 

specimen, which implies that the plastic hinge developed at an average depth of 2 ft. – 10.12 

in. with respect to the soil surface. The largest deformations due to local buckling protruded 

~½ in. on both South and North sides of the specimen. Tube fracture occurred on the North 

side of the specimen and it extended about half of the cross section perimeter, resulting in a 

significant drop in strength due to lost tension capacity. 

 

 

Figure 5-48 Test 11: lateral force vs. top displacement envelopes 
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Figure 5-49 Test 11: (a) deformed shape, (b) South, and (c) North sides at third cycle of 

ductility 4; −29.07” of top displacement; −17.60 kips of lateral force 
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Figure 5-50 Test 11: (a) observed damage, (b) tube buckling and fracture on North side, and 

(c) tube buckling on South side 

5.1.12.3 Test 11 Conclusions 

Test specimen #11 showed a reliable response through all ductility 3 (μ3) cycles. It is 

believed that onset of tube local buckling occurred at ductility level 2 (μ2) as subtle strength 

loss was observed. The test specimen completed all cycles of ductility 3 (μ3) without 

significant loss of strength. Failure of the specimen occurred during the third pull cycle at 

ductility level 4 (μ4) when a significant drop in the strength was observed. Further 

investigations revealed that failure occurred due to a combination of tube local buckling, 

tube fracture, and bar buckling. It is believed that this particular specimen is capable of 

having a reliable displacement capacity up to ductility 3 (μ3). The main buckles as well as 

tube fracture did not occur over the spiral weld, so the tube spiral welds do not appear to 

negatively influence the behavior. 
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5.1.13. Test 12 

5.1.13.1 Test 12 Summary 

Test 12 was conducted September 22nd, 2016 at the North Carolina State University 

Constructed Facilities Laboratory. The tested pile-column specimen was a reinforced 

concrete filled steel tube with a diameter-to-thickness (D/t) ratio of 68. No surcharge was 

applied to the soil, thus the soil stiffness was not modified. The aboveground height (column 

length) was increased by 2 ft. with respect to previous tests using the same D/t ratio. The test 

was successfully conducted to failure, which was caused by a combination of tube local 

buckling, tube fracture, bar buckling, and bar fracture, resulting in a large strength 

degradation (~57.9%) in the second pull cycle at ductility level 4 (μ4). Due to setup 

constrains, displacements in the push direction only reached a maximum displacement 

ductility level 3.5 (μ3.5) for all push cycles of displacement ductility level 4 (μ4). 

5.1.13.2 Test 12 Observations 

Test specimen #12 consisted of a 21-foot 5.25- inch long, reinforced concrete filled, 

12-3/4-inch diameter spirally welded steel tube without skelp or splice welds. The specimen 

was embedded 13 ft. – 9 in. into sand. The nominal wall thickness of the tube was 3/16 in., 

providing a nominal D/t ratio of 68. The test was conducted with a 7-foot-8.25-inch 

cantilever length, measured from the soil surface to the point at which the lateral load was 

applied.  

Test specimen #12 performed well through the elastic portion of the test and during 

all three cycles of ductility level 3 (μ3). It is believed that onset of tube buckling occurred 
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during the displacement cycles at ductility level 2 (μ2) as large tensile strains in combination 

with minor loss of strength were observed at the second and third cycles at that level.  A 

significant loss of strength, indicating failure, occurred during the second pull cycle at 

ductility level 4 (μ4), as shown in Figure 5-51, where the lateral force vs. top displacement 

response is presented. The test was terminated (Figure 5-52) after the second pull cycle load 

at ductility 4 (μ4) when a significant drop in the force of the actuator was observed (i.e., 

~57.9%). Sounds indicating steel fracture were heard at the same time when the strength 

loss occurred, indicating probable bar or tube fracture. Figure 5-53 presents the observed 

damage after the pile-column was extracted from the soil. As it was thought during the test, 

tube fracture, tube local buckling, and bar fracture did occur; bar buckling was observed on 

the North side of the specimen. Tube local buckling developed at depths of 2 ft. – 11.25 in. 

and 2 ft. – 11.50 in. on the South and North sides of the specimen, respectively, which 

implies that the plastic hinge developed at an average depth of 2 ft. – 11.37 in. with respect 

to the soil surface. The largest deformations due to local buckling protruded ~½ in. and ~¾ 

in. on the South and North sides of the specimen. Tube fracture occurred on the North side 

of the specimen and it extended about half of the cross section perimeter, resulting in a 

significant drop in strength due to lost tension capacity. 



 

198 

 

 

Figure 5-51 Test 12: lateral force vs. top displacement response 
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Figure 5-52 Test 12: (a) deformed shape, (b) South, and (c) North sides at second pull cycle 

of ductility 4; −32.32” of top displacement; −11.53 kips of lateral force 

  

Figure 5-53 Test 12: (a) observed damage, (b) tube fracture on North side, and (c) tube 

buckling on South side 
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5.1.13.3 Test 12 Conclusions 

Test specimen #12 showed a reliable response through all ductility 3 (μ3) cycles. It is 

believed that onset of tube local buckling occurred at ductility level 2 (μ2) as large tensile 

strains and subtle strength loss were observed. The test specimen completed all cycles of 

ductility 3 (μ3) without significant loss of strength. Failure of the specimen occurred during 

the second pull cycle at ductility level 4 (μ4) when a significant drop in the strength was 

observed. Further investigations revealed that failure occurred due to a combination of tube 

local buckling, tube fracture, bar buckling, and bar fracture. Although in the push direction 

the pile was subjected only to a displacement ductility level 3.5 (μ3.5), it is believed that this 

particular specimen is capable of having a reliable displacement capacity up to ductility 3 

(μ3). The main buckles as well as tube fracture did not occur over the spiral weld, so the tube 

spiral welds do not appear to negatively influence the behavior. 

5.2. Summary of Experimental Observations 

Summarized in Table 5-16 are the results of the experimental tests. This table 

includes the following: (1) the effective elastic stiffness, which was calculated using the 

average force and displacement from the three cycles at ductility 1 (μ1); (2) the reliable 

displacement, which was calculated as the average displacement at the ductility cycle before 

that at which the pile-column specimens reached failure; (3) the tensile strain, which 

corresponds to the average maximum tensile strain within the strain profiles recorded at the 

ductility level corresponding to the reliable displacement; and (4) the depth to the plastic 

hinge, which is the  average depth at which tube local buckling and tube fracture were 
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observed.  Further details regarding experimental observations of each pile-column 

specimen can be found elsewhere (Aguirre et al., 2016). 

The remaining of this section presents a discussion based upon the experimental 

observations and analysis of the data. For that purpose, and for the sake of brevity, 

comparison of results of six of the twelve specimens is presented considering the impacts of: 

(1) D/t ratio, (2) soil stiffness, and (3) aboveground length. It is important to note that results 

of Test 2, Test 3, and Test 4 were not considered in the analysis due to issues related to the 

data acquisition or due to issues related to fracture of the tube spiral welds. 



 

202 

Table 5-16 Summary of experimental observations 

 

 

Test 

No. 

D/t 

Ratio 

La/D 

Ratio 

Soil 
Surcharge 

Yield 
Displ. 

Yield 
Force 

Elastic 
Stiffness 

Reliable 
Displacement 

Tensile 
Strain 

Depth to 
Tensile Strain 

Depth to 
Plastic Hinge 

(psf) (in) (kips) (kip/in)   (in) (%) (ft) (ft) 

1 48 5.42 None 6.07 17.41 2.87 μ 4.0 24.92 3.28 3.27 3.23 

2 48 5.83 960 5.70 17.41 3.06 μ 5.0 28.75 NA NA 2.52 

3 95* 5.18 None 6.17 14.32 2.32 μ 2.0 12.50 NA NA NA 

4 95* 5.18 960 5.50 17.56 3.19 μ 1.5 8.30 NA NA NA 

5 95 5.35 None 5.60 12.70 2.27 μ 3.0 16.92 2.09 3.69 2.93 

6 95 5.53 960 5.29 15.47 2.92 μ 3.0 16.02 2.39 1.48 2.58 

7 68 5.43 None 5.99 15.10 2.52 μ 4.0 24.08 3.17 3.58 3.02 

8 68 5.43 960 5.72 18.91 3.31 μ 3.0 17.25 2.28 2.25 2.52 

9 48 5.77 960 5.87 17.73 3.02 μ 4.0 23.56 3.43 1.62 2.25 

10 48 7.77 None 7.73 13.75 1.78 μ 4.0 31.20 2.63 2.58 3.05 

11 95 7.24 None 7.16 12.03 1.68 μ 3.0 21.96 2.84 2.67 2.84 

12 68 7.24 None 8.03 14.74 1.84 μ 3.0 24.30 2.75 2.67 2.95 

* Steel tube spiral weld fracture due to partial joint penetration weld detail 
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5.2.1. Failure Mechanism 

The characteristic failure mode of the tested RCFST pile-column specimens was in 

agreement with that reported from experimental tests of RCFST piles in the air (Brown et 

al., 2015; González-Román et al., 2008). This failure mode is described as follows. First, as 

curvature deformations increase below ground, due to a lateral displacement induced at the 

pile-column head, ripples develop on the extreme compression and tension fibers of the 

RCFST cross section at region within the location of maximum moment. Eventually, onset 

of outward tube local buckling takes place in one or more sections on both extreme 

compression and tension fibers. As lateral displacement demands increase, deformations due 

to local buckling also increase; deformations due to local buckling protruded in average 

~5/8 in. Due to large local deformations at the buckled sections, the effective thickness of 

the tube is reduced. Therefore, these sections weaken as tube local buckling develops further 

due to repeated cycles of compression. Finally, steel tube fracture occurs at the section with 

the largest deformations due to tube local buckling. In most of the specimens tested, fracture 

developed along half of the cross section perimeter. This failure mechanism is depicted in 

Figure 5-54. 
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Figure 5-54 Typical failure mechanism 

5.2.2. Influence of Tube Spiral Welds 

As previously mentioned, two of the twelve RCFST pile-column specimens 

exhibited a different failure mechanism to that described earlier in this section. Such 

specimens were those of Test 3 and Test 4, which utilized tubes with D/t = 95*. The symbol 

“*” indicates the unexpected failure mechanism of those tubes. Such a failure mechanism 

consisted of tube spiral weld fracture (Figure 5-55) at low displacement demands, namely, 

ductility 3 (μ3) and ductility 2 (μ2), respectively, as shown in Figure 5-56. 

After the test were completed, further examination of the inside of the spirally-

welded tubes revealed that the thin wall tubes (D/t = 95*) which make up tests 3 and 4 were 

not welded along the inside surface, but rather only upon the outside surface. This indicates 

that a partial joint penetration (PJP) weld process was utilized to manufacture such tubes. 
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Furthermore, the tension test performed on the coupon with D/t =95*, across the 

spiral weld, indicated fracture of the weld at a low strain levels, and barely developing the 

yield strength of the material, as shown in Figure 5-57.  

As previously noted, the steel tube manufacturer sent three replacement tubes with 

D/t = 95 that were welded on both inside and outside surfaces, namely, a complete 

penetration joint (CPJ) weld process was utilized to manufacture this tubes. Tension tests 

conducted on coupons cut off the new set of tubes revealed that full plastic capacity was 

developed, including the coupon across the spiral weld, in which failure occurred away from 

the welded section, as shown in Figure 5-58. The new set of three tubes with D/t = 95 were 

utilized to conduct Test 5, Test 6, and Test 11. 

 

 

Figure 5-55 Spiral weld fracture observed on Test 3 and Test 4 due to incomplete weld 

penetration 
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Figure 5-56 Lateral force vs. top lateral displacement response of Test 3 and Test 4 

 

 

Figure 5-57 Spiral weld coupon tension test (D/t = 95*) 
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Figure 5-58 Spiral weld coupon tension test (D/t = 95) 

5.2.3. Depth to Plastic Hinge 

The depth to the plastic hinge was determined from the observed damage in the 

specimens once each test was completed, namely, measurements of the depth to each section 

with tube fracture, and to sections with evident signs of tube local buckling, were averaged 

to determine the depth to the plastic hinge. As previously mentioned, tube fracture occurred 

in the section with the largest deformations due to tube buckling. It is worth noting that 

some specimens exhibited more than one buckled section. The location of such sections 

depends on the depth to the maximum moment, which in turn depends on the lever arm. As 

such, depending upon the interaction of the sand filling the soil-pile gap, the lever arm will 

change, thereby moving the point to the maximum moment during the test. 

Figure 5-59 shows the measured depth to plastic hinge. Note that he above-ground 

length does not impact the depth to the plastic hinge. The soil stiffness (i.e., soil surcharge) 
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does have an effect on the depth to the plastic hinge. For example, for the specimen with D/t 

= 48 and a stiff soil profile (surcharge = 960 psf), the depth to the plastic hinge moved about 

one pile diameter closer to the surface when compared to test specimens using the same D/t 

ratio without surcharge on the soil surface. 

 

Figure 5-59 Experimental depth to plastic hinge 

5.2.4. Force–Displacement Response 

As an example of the overall response, Figure 5-60 through Figure 5-62 present a 

comparison of the top lateral force vs. displacement response for six of the twelve 

specimens. The percentage values in Figure 5-60 and Figure 5-61 represent the large-to-

small ratio between the forces of two tests, recorded at the first cycle of each displacement 

ductility level. Note from this figures that the displacements at each ductility level are 

slightly different due to the difference on the equivalent yield displace ment of each 
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specimen. In Figure 5-62 the forces developed by the specimens is not compared because 

there is a significant difference on the displacements at each ductility level. 

Regarding the impact of the D/t ratio, as expected, note from Figure 5-60 that this 

parameter has a direct effect on the behavior. For the thick wall tube (D/t = 48) the  

developed lateral strength is higher than that of the thin wall tube (D/t = 95). Note that 

during the pull cycles the developed lateral strength is slightly higher than that of the push 

cycles. 

Regarding the impact of the soil stiffness (soil surcharge), Figure 5-61 compares the 

response of specimens with D/t = 95 for two different soil conditions, namely, without soil 

surcharge (Test 5) and with a soil surcharge of 960 pfs (Test 6). Note that for the stiffer soil 

condition (Test 6) the specimen developed a higher lateral strength overall. However, as the 

displacement demand increased the difference in the lateral strength dropped from ~30% at 

ductility 1 (μ1) to ~10% at ductility 4 (μ4). 

As for the impact of the aboveground length on the force-displacement response, it 

can be seen from Figure 5-62 that a longer aboveground length (Test 12) will result in a 

smaller lateral strength when specimens with the same D/t are compared. 
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Figure 5-60 Impact of D/t ratio on force vs. displacement response 

 

  

Figure 5-61 Impact of soil stiffness on force vs. displacement response 
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Figure 5-62 Impact of above-ground length on force vs. displacement response 

The main differences of the force-displacement response can also be seen by 

comparing the effective elastic stiffness and the reliable displacement, as shown in Figure 

5-63 and Figure 5-64, respectively. The effective elastic stiffness was calculated using the 

average force and displacement recorded at the peaks of the three loading cycles at ductility 

1 (μ1). The reliable displacement was calculated using the average force and displace ment 

recorded at the peaks of the three loading cycles at the ductility level prior to that when 

failure of the specimen was observed. 

Note from Figure 5-63 that the effective elastic stiffness does not change as much for 

different D/t ratios. The soil stiffness (soil surcharge) and the aboveground length, on the 

other, do have an evident impact on the system stiffness. In the case of the elastic stiffness, 

note that only for the specimen using a tube with D/t = 48, and a soil surcharge of 960 psf 

(i.e., Test 9), this parameter did not change significantly when compared to results of Test 1, 
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in which a soil surcharge was not applied. In regards to the reliable displacement on the 

other hand, note from Figure 5-64 that there is a clear trend for such a displacement to 

decrease with an increase on the D/t ratio. Note that all specimens with D/t = 48 reached a 

reliable displacement ductility 4 (μ4), whereas all other specimens reached ductility 3 (μ3), 

except for the specimen from Test 7 (D/t = 68, no surcharge), which reached a reliable 

displacement ductility 4 (μ4). 

 

  

Figure 5-63 Experimental elastic stiffness 
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Figure 5-64 Experimental reliable displacement 

5.2.5. Hysteretic Equivalent Viscous Damping 

The effects of the D/t ratio, soil stiffness (surcharge), and aboveground length on the 

hysteretic equivalent viscous damping (EVD) are presented in Figure 5-65 through Figure 

5-67, respectively. It can be seen from Figure 5-65 that major differences on the hysteretic 

EVD due to the D/t ratio occurred mostly at small and large ductility levels, namely, 

ductility 1 (μ1) and ductility 4 (μ4). Furthermore, the contribution of the soil and the effect of 

the soil stiffness on the hysteretic EVD can be seen in Figure 5-66. This figure also includes 

results (continuous black line) calculated using the equation proposed by Brown et al. 

(2015), which only accounts for the contribution of the RCFST element to the hysteretic 

EVD by considering the D/t ratio. Note that there is a clear difference with the experimental 

results of Test 5 (D/t = 95, no surcharge) and Test 6 (D/t = 95, surcharge = 960 psf), that is, 

the hysteretic EVD was ~3.5% and ~2% higher, respectively, than that of the results which 
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do not consider the soil contribution. Also, note that results from Test 6 (surcharge = 960 

psf) are consistently smaller than those from Test 5 (no surcharge); this is indeed related to 

the higher lateral strength observed in Test 6 in combination with the smaller induced 

displacements that resulted from the smaller equivalent yield displacement of Test 6.  

In Figure 5-66, of especial interest are the experimental results at ductility 1 (μ1); 

note that EVD values of 6.6% and 5.9% were obtained for Test 5 and Test 6, respectively. 

This implies that for small displacement demands, in the range of the equivalent yield 

displacement, there is a large energy dissipation. This could be an important consideration 

for seismic design because for low-to-moderate seismic activity the soil contribution could 

potentially result in a significant reduction in the demand of a pile-column system. 

  

Figure 5-65 Impact of D/t ratio on hysteretic equivalent viscous damping 
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Figure 5-66 Impact of soil stiffness on hysteretic equivalent viscous damping 

Figure 5-67 shows the effects of the aboveground length on the hysteretic EVD for  

specimens with D/t = 68. Note that there is a small difference (~0.5%) on the results due to 

the different aspect ratio. 

 

Figure 5-67 Impact of above-ground length on hysteretic equivalent viscous damping 
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5.2.6. Strain Limit States 

Tensile strain profiles for the first push and pull cycles at different ductility levels are 

presented in Figure 5-68 through Figure 5-69. Note that the D/t ratio has a minor impact on 

the tensile strains, as shown in Figure 5-68. The soil stiffness (surcharge), on the other hand, 

does have a significant impact on the strain profiles. Note from Figure 5-69  that not only 

does the depth to the maximum strain is different, between specimens of Test 5 (no 

surcharge) and Test 6 (surcharge =960 psf), but also the strain gradient (i.e., moment 

gradient) changes. This means that, as evidenced from the strain profiles with a stiffer soil 

profile, the maximum strains occurred closer to the soil surface, which correlates well with 

an increased lateral strength due to a shorter lever arm. Therefore, the spread of inelastic 

action is reduced, which causes slightly larger tensile strains. 

Moreover, of particular interest are the results presented in Figure 5-70. In this case, 

the comparison of strain profiles is focused on specimens with D/t = 68 and different 

aboveground lengths, namely, Test 7 (La = 5.5 D) and Test 12 (La = 7.5 D). Note that for a 

longer aboveground length, the spread of inelastic action increases and the depth to the 

maximum strain moves closer to the soil surface. In addition, note that tensile strains are 

consistently higher (~0.5%) for a longer aboveground length. A summary of the tensile 

strains, observed at the ductility level prior to that when tube fracture occurred, is presented 

in Figure 5-71. Note that the experimental results do not have a clear trend but rather they 

are consistent with the limit of 2.5% reported by Brown et al., 2015. 
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Figure 5-68 Impact of D/t ratio on tensile strains 
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Figure 5-69 Impact of soil stiffness on tensile strains 
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Figure 5-70 Impact of above-ground length on tensile strains 
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Figure 5-71 Summary of tensile strain prior tube fracture 
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CHAPTER 6 

6. PARAMETRIC STUDY RESULTS 

This chapter presents the results of the 36 moment-curvature analyses and the 648 

simulations, conducted on RCFST shafts. The results are presented in terms of the variables 

studied and the resulting equations in four parts. The first part shows the results of the 

section analyses. Then, the second and third parts show results of the simulations on pinned-

head and fixed-head RCFST shafts, respectively. Finally, an evaluation of the proposed 

model is presented by means of a comparison between simulated results and those predicted 

using the proposed equations. 

6.1. Section Analysis 

Moment-curvature analyses were conducted on RCFST sections using three 

diameters and D/t ratios, along with four levels of axial load. Analysis for RC sections were 

not conducted as recommendations regarding the yield curvature parameter (cϕy) and the 

neutral axis depth (c) can be found in the literature (Priestley et al., 2007); for completion, 

such recommendations are presented here, though they were introduced in previous sections. 

For circular RC columns, Priestley et al. (2007) suggest cϕy to be taken as 2.25 and the 

neutral axis depth to be calculated as show in Equation 6-1.  

0.2 0.65
'ce g

c P

D f A
   Equation 6-1 
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6.1.1. Yield curvature parameter for RCFSTs 

Figure 6-1 and Figure 6-2 show the impact of D/t ratio and axial load ratio (ALR) on 

the yield curvature parameter (cϕy). Note that in both cases the impact is negligible. In fact, 

note from the dotted lines in Figure 6-2 that the results fall within ± 2.5% of the predicted 

average value cϕy = 2.67. 

  

  

Figure 6-1 Impact of D/t ratio on cϕy for: (a) D = 610 mm and (b) D = 1830 mm 

  

Figure 6-2 Impact of ALR ratio on cϕy for: (a) D = 1220 mm and (b) D = 1830 mm 
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6.1.2. Neutral Axis Depth for RCFSTs 

Figure 6-3 and Figure 6-4 show the impact of D/t ratio and axial load ratio (ALR) on 

the normalized neutral axis depth (c/D). In both cases, note that although there is a slight 

non- linear relationship with the parameter under consideration, a linear assumption would 

not induce significant errors. As such, Equation 6-2 was developed using linear regression 

analysis, with a corresponding R-squared value of 0.91, which means that the results are in 

close agreement with the equation. This is observed in Figure 6-5, where all the collected 

data points are presented along with the results of Equation 6-2. 

It is worth noting that Equation 6-2 produces larger results than Equation 6-1 (RC 

sections). This is expected since RCFSTs have more area of steel in tension, which in turn 

requires a larger concrete compression zone. Moreover, note that depending upon the D/t 

ratio, predicted values can have differences of up to 5%. However, it is important to mention 

that Equation 6-2 is to be used at the beginning of the analysis or design processes. Some 

iteration may be required depending on the curvature limit state. 

  

Figure 6-3 Impact of D/t ratio on neutral axis depth for: (a) D = 610 mm and (b) D = 
1830mm 
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Figure 6-4 Impact of ALR on neutral axis depth for: (a) D = 610 mm and (b) D = 1830mm 

0.31 0.242
' 4300ce g

c P D

D f A t
    Equation 6-2 

 

  

Figure 6-5 Neutral axis depth data points and Equation 6-2 trends 

6.2. Pinned-Head RCFST Shafts 

The depth to plastic hinge (Hig), yield displacement parameter (Δy), plastic hinge 

length (Lp), and equivalent viscous damping (ξeq) were analyzed from 324 the simulations 
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on pinned-head RCFST shafts. First, each parameter was plotted in a surface as a function of 

the La/D ratio, D/t ratio, and axial load ratio (ALR), in combination with the soil strength. In 

each case, the remaining variables were fixed for a prescribed value. For example, to assess 

the impact of the La/D ratio on the depth to plastic hinge for sand, a surface plot was 

generated with La/D ratios on the X axis, friction angles on the Y axis, and corresponding 

Hig/D values on the Z axis, as shown in Figure 6-6(a), where results correspond to fixed 

values of ALR and D/t of 10% and 48, respectively. After the surface plots were generated 

for each variable and soil type, regression analyses were conducted to determine the best fit 

equation. Lastly, equation trends along with the corresponding data points are plotted for 

each soil type to show the accuracy. 

6.2.1. Depth to Plastic Hinge 

Figure 6-6 through Figure 6-8 present the variation of the depth to plastic hinge (Hig) 

with La/D ratio, D/t ratio, and ALR. Notice that all the variables have a linear relationship 

for sand, including the friction angle. Moreover, Hig/D values within 6.5 and 16.5 were 

observed for sand. 

For clay, on the other hand, results vary in a non-linear manner in terms of D/t and 

ALR and for the different undrained shear strengths considered. However, the impact of 

ALR is not as significant, and the variation with the D/t ratio can be assumed linear. Hig/D 

values within 7.5 and 19.5 were observed for clay. 
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Figure 6-6 Impact of La/D ratio and soil strength on Hig/D ratio for: (a) sand and (b) clay 

 

 

Figure 6-7 Impact of D/t ratio and soil strength on Hig/D ratio for: (a) sand and (b) clay 
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Figure 6-8 Impact of ALR and soil strength on Hig/D ratio for: (a) sand and (b) clay 

Results of the regression analyses are presented in Equation 6-3 and Equation 6-4 for 

sand and clay, with corresponding R-squared values of 0.98 and 0.97, respectively. 

Regarding clay, the resulting equation depends upon the units of the undrained shear 

strength (Cu). There were attempts to normalize Cu using the unit weight and diameter to 

make Equation 6-4 not dependent of units, but the results were not successful. Alternatively, 

different versions of the equation could have been developed for each value of Cu studied. 

However, it was decided to keep the format such that the equation can be used for any value 

of Cu within the range of values studied. 
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Figure 6-9 through Figure 6-11 present simulation results for sand along with the 

trends generated using Equation 6-3 for each of the friction angles studied. Similarly, Figure 
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6-12 through Figure 6-14 show simulation results for clay along with the trends generated 

using Equation 6-4 for each undrained shear strength studied. Note that in both cases, 

predicted and simulated results are in close agreement. 

 

 

Figure 6-9 Hig/D ratio for sand with ϕ = 30°: (a) simulations and (b) equation trends 

 

 

Figure 6-10 Hig/D ratio for sand with ϕ = 35°: (a) simulations and (b) equation trends 
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Figure 6-11 Hig/D ratio for sand with ϕ = 40°: (a) simulations and (b) equation trends 

 

 

Figure 6-12 Hig/D ratio for clay with Cu = 12kPa: (a) simulations and (b) equation trends 
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Figure 6-13 Hig/D ratio for clay with Cu = 36kPa: (a) simulations and (b) equation trends 

 

Figure 6-14 Hig/D ratio for clay with Cu = 72kPa: (a) simulations and (b) equation trends 

6.2.2. Yield Displacement Parameter 

Figure 6-15 through Figure 6-17 show the variation of the yield displacement 

parameter (c1) with La/D, D/t, and ALR. Regarding sand, note that in terms of La/D ratio, the 

parameter has a non- linear variation, while the other two variables have a clear linear 
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variation; c1 values within 0.5 and 0.9 were observed. In terms of the friction angle, overall 

the variation is linear. 

Regarding results for clay on the other hand, the scatter in the simulated data is 

higher. This is reflected in the shape of the shown surfaces. However, it can be concluded 

that there is a linear variation with La/D. Moreover, note from Figure 6-17 that the ALR has 

no effect at all in the results, neither for clay nor for sand, since values remain constant. 

 

Figure 6-15 Impact of La/D ratio and soil strength on C1 for: (a) sand and (b) clay 

 

Figure 6-16 Impact of D/t ratio and soil strength on C1 for: (a) sand and (b) clay 
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 Figure 6-17 Impact of ALR and soil strength on C1 for: (a) sand and (b) clay 

Results of the regression analyses are presented in Equation 6-5 and Equation 6-6 for 

sand and clay, with an R-squared value of 0.97 in both cases. For clay, note that the same 

conclusion from the previous section applies regarding the units. 
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Figure 6-18 through Figure 6-20 present simulation results for sand along with the 

trends generated using Equation 6-5 for each of the friction angles studied. Similarly, Figure 

6-21 through Figure 6-23 show simulation results for clay along with the trends generated 

using Equation 6-6 for each undrained shear strength studied. Note that in both cases, 

predicted and simulated results are in close agreement. However, some of the simulated 

points are outside the trends, especially for clay, though note that the predicted values are 

not that far off.  
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Figure 6-18 C1 for sand with ϕ = 30°: (a) simulations and (b) equation trends 

 

 

Figure 6-19 C1 for sand with ϕ = 35°: (a) simulations and (b) equation trends 
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Figure 6-20 C1 for sand with ϕ = 40°: (a) Simulations and (b) equation trends 

 

 

Figure 6-21 C1 for clay with Cu = 12 kPa: (a) simulations and (b) equation trends 
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Figure 6-22 C1 for clay with Cu = 36 kPa: (a) simulations and (b) equation trends 

 

Figure 6-23 C1 for clay with Cu = 72 kPa: (a) simulations and (b) equation trends 

6.2.3. Plastic Hinge Length 

Figure 6-24 shows the normalized plastic hinge length (Lp/D) for both sand and clay 

as a function of the displacement ductility induced at the head of the specimens. Notice that 

in both cases the plastic hinge length tends to saturate after ductility 2 (μ2). Observed values 

range within 3 and 5 for sand and within 4 and 15 for clay. Regarding the latter, it was 
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expected to obtain larger values as clay is more flexible than sand, thus displacements are 

higher for a prescribed ductility level. However, note from Figure 6-24(b) that some of the 

simulation results indicate values within 10 and 20. These results correspond to the lowest 

level in terms of undrained shear. The reason is that under the most flexible soil condition 

(Cu = 12 kPa), displacements are large as more soil is mobilized. 

 

Figure 6-24 Back-calculated plastic hinge length for: (a) sand and (b) clay 

Considering the discussion above, it was decided to further study the role of the 

plastic hinge in terms of ductility (μ). For that purpose, strain limit states at onset of tube 

local buckling and at tube fracture were analyzed. Regarding the former, the displacement 

ductility prior tube local buckling was calculated using the Brown et al. (2015) model, as 

shown in Equation 6-7. As such, for each simulation this strain limit state was calculated to 

determine the corresponding displacement ductility by interpolating results of the recorded 

tensile strain data. Figure 6-25 through Figure 6-27 show the displacement ductility at onset 

of tube buckling. Results are organized in terms of D/t ratio, La/D ratio, and ALR, 

respectively. Note that most of the points fall within ductility 2 (μ2) and ductility 3 (μ3). 
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Regarding the limit state at tube fracture, based on the experimental results, a 

maximum displacement ductility capacity of 3 (μ3) can be assumed for RCFST shafts, 

though for thicker tubes (D/t = 48) higher values could be expected. Note from Figure 6-25 

that onset of tube buckling occurs closer to a ductility level 3 (μ3). This is tune with the 

experimental observations presented in the previous chapter, which also suggested a 

maximum displacement ductility capacity of 4 (μ4) for tubes with D/t = 48. 

 

Figure 6-25 Ductility at onset of buckling in terms of D/t ratio 
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Figure 6-26 Ductility at onset of buckling in terms of La/D ratio 

 

Figure 6-27 Ductility at onset of buckling in terms of ALR 

Based upon the discussion above, it was decided to average the normalized plastic 

hinge length (Lp/D) using the values corresponding to ductility 2 (μ2) and ductility 3 (μ3), 

since some of the data was not available at ductility 4 (μ4) due to second order effects and 

convergence issues on some of the simulated specimens. By doing this, the plastic hinge 
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length parameter is not a function of ductility (μ), and thus an analysis like that of the 

previous section can be conducted. 

Figure 6-28 through Figure 6-30 show the variation of the plastic hinge length 

parameter (Lp/D) with La/D, D/t, and ALR. Regarding sand, note that all variables indicate a 

linear relationship, including the friction angle; values of Lp/D within 2 and 5 were 

observed.  

Regarding results for clay, on the other hand, the parameter has a non-linear and 

more complex variation with all the variables. This is reflected in the shape of shown 

surfaces and in the scatter of the data, as shown at the end of this section; values of Lp/D 

within 3.5 and 13 were observed. 

  

Figure 6-28 Impact of La/D ratio on plastic hinge length for: (a) sand and (b) clay 
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Figure 6-29 Impact of D/t ratio on plastic hinge length for: (a) sand and (b) clay 

  

Figure 6-30 Impact of ALR on plastic hinge length for: (a) sand and (b) clay 

Results of the regression analyses are presented in Equation 6-8 and Equation 6-9 for 

sand and clay, respectively, with R-squared values of 0.97 and 0.94, respectively. Note that 

the equations depend on the units of the diameter and the undrained shear strength. 
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Figure 6-31 through Figure 6-33 present simulation results for sand along with the 

trends generated using Equation 6-8 for each of the friction angles studied. Similarly, Figure 

6-34 through Figure 6-36 show simulation results for clay along with the trends generated 

using Equation 6-9 for each undrained shear strength studied. The complexity of the 

equations above is related to the scatter in the data. Note that for sand, for example, 

simulation data indicated a spread in the result of the plastic hinge length (Lp) within 1D and 

2D. For clay, on the other hand, the spread in the results is within 2D and 5D. However, 

note that in both cases, predicted and simulated results are in close agreement.  

 

 

Figure 6-31 Lp/D for sand with ϕ = 30°: (a) simulations and (b) equation trends 
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Figure 6-32 Lp/D for sand with ϕ = 35°: (a) simulations and (b) equation trends 

 

 

Figure 6-33 Lp/D for sand with ϕ = 40°: (a) simulations and (b) equation trends 
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Figure 6-34 Lp/D for clay with Cu = 12 kPa: (a) simulations and (b) equation trends 

 

 

Figure 6-35 Lp/D for clay with Cu = 36 kPa: (a) simulations and (b) equation trends 
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Figure 6-36 Lp/D for clay with Cu = 72 kPa: (a) simulations and (b) equation trends 

6.2.4. Equivalent Viscous Damping 

Figure 6-37 and Figure 6-38 show the observed system equivalent viscous damping 

(EVD) for sand and clay, respectively, as a function of the displacement ductility (μ). Along 

with the simulation results, these figures also present results of Equation 6-10, which was 

developed for RCFSTs in the air (Brown et al., 2015). Note that for both sand and clay 

simulation results show consistently higher values, which can be attributed to the soil 

contribution to the equivalent damping. 
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 Equation 6-10 
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Figure 6-37 Observed system equivalent viscous damping for sand 

  

Figure 6-38 Observed system equivalent viscous damping for clay 

Considering the results presented in Figure 6-37 and Figure 6-38, there are two 

alternatives that could be implemented to predict the system EVD. The first option could be 

to develop a new model to include the energy dissipation of both the RCFST shaft and soil. 
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A second alternative could be to consider the model developed by Brown et al. (2015), and 

back-calculate the soil damping. The feasibility of implementing the latter was explored first 

and the results are presented in Figure 6-39 for both sand and clay. Note that there seems to 

be a wide spread in the results. As such, to better understand the results, Figure 6-39 is 

repeated in Figure 6-40 but with results plotted in terms of La/D ratio. Note that there is a 

trend in the data to change the slope of the curves as a function of La/D. However, note that 

overall soil damping results vary within 1% and 5%. On the other hand, if the averaged soil 

damping at each ductility level is utilized for prediction purposes, then the predicted soil 

damping could be within 0.5% and 2.5% of the actual value. By comparing these values 

with the total system EVD values shown in Figure 6-37 and Figure 6-38, it can be concluded 

that predicting the soil damping with average results could induce errors within 5% and 10% 

of the actual system EVD.  

 

  

Figure 6-39 Back-caluclated soil damping for: (a) sand and (b) clay 
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Figure 6-40 Soil damping in terms of La/D for: (a) sand and (b) clay 

Considering the inherent uncertainty of soils and their properties, and recognizing 

that the RCFST shaft dissipates most of the energy, it seems reasonable to propose a bilinear 

model for soil damping. In such a model, a constant value of soil damping can be assumed 

up to ductility 2 (μ2), and a linear variation can be considered up until ductility 4 (μ4). This 

approach was implemented and the results are shown in Equation 6-11 and Equation 6-12 

for sand and clay, respectively. Moreover, results of these equations are presented in Figure 

6-41 along with the simulated results. 
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Figure 6-41 Soil damping results and equation trends for: (a) sand and (b) clay 

Equation 6-11 and Equation 6-12 represent the soil contribution to the system EVD. 

As such, by adding the equivalent viscous damping of the RCFST shaft (Brown et al., 

2015), the system EVD can be calculated for sand and clay, as shown in Equation 6-13 and 

Equation 6-14, respectively. Results of these equations have been plotted along with the 

simulated data in Figure 6-42 and Figure 6-43 for sand and clay, respectively. Note that 

results are in close agreement, especially at low ductility levels. 
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Figure 6-42 System equivalent viscous damping results and equation trends for sand 

 

 

Figure 6-43 System equivalent viscous damping results and equation trends for clay 
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6.3. Fixed-Head RCFST Shafts 

Similar analyses were conducted for fixed-head RCFST shafts. Besides the depth to 

plastic hinge (Hig), yield displacement (Δy), and equivalent viscous damping (ξeq), the main 

difference is that instead of the plastic hinge length (Lp) the parameter β was analyzed. The 

process in general was the same as that implemented for pinned-head shafts, that is, each 

parameter was plotted in a surface plot as a function of the La/D ratio, D/t ratio, and axial 

load ratio (ALR), in combination with the soil strength. In each case, the remaining 

variables were fixed for a prescribed value. For example, to assess the impact of the La/D 

ratio on the depth to plastic hinge for sand, a surface plot was generated with La/D ratios on 

the X axis, friction angles on the Y axis, and corresponding Hig/D values on the Z axis, as 

shown in Figure 6-44(a). These results correspond to fixed values of ALR and D/t of 10% 

and 48, respectively. After the surface plots were generated for each variable and soil type, 

regression analyses were conducted to determine the best-fit equation. Lastly, equation 

trends along with the corresponding data points are plotted for each soil type to show the 

accuracy. 

6.3.1. Depth to Plastic Hinge 

Figure 6-44 through Figure 6-46 present the variation of the depth to plastic hinge 

(Hig) with La/D ratio, D/t ratio, and ALR. Notice that all the variables have a linear 

relationship for sand, including the friction angle; values of Hig/D within 7 and 16.5 were 

observed. For clay, on the other hand, results vary in a linear manner except in terms of the 

undrained shear strength considered; values of Hig/D within 8 and 19.5 were observed. 
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Figure 6-44 Impact of La/D ratio and soil strength on Hig/D ratio for: (a) sand and (b) clay 

 

 

Figure 6-45 Impact of D/t ratio and soil strength on Hig/D ratio for: (a) sand and (b) clay 
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Figure 6-46 Impact of ALR and soil strength on Hig/D ratio for: (a) sand and (b) clay 

Results of the regression analyses are presented in Equation 6-15 and Equation 6-16 

for sand and clay, with corresponding R-squared values of 0.99 and 0.98, respectively. 

Regarding clay, the resulting equation depends upon the units of the undrained shear 

strength (Cu).  
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Figure 6-47 through Figure 6-49 present simulation results for sand along with the 

trends generated using Equation 6-15 for each of the friction angles studied. Similarly, 

Figure 6-50 through Figure 6-52 show simulation results for clay along with the trends 

generated using Equation 6-16 for each undrained shear strength studied. Note that in both 

cases, predicted and simulated results are in close agreement. 
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Figure 6-47 Hig/D ratio for sand with ϕ = 30°: (a) Simulations and (b) equation trends 

 

 

Figure 6-48 Hig/D ratio for sand with ϕ = 35°: (a) Simulations and (b) equation trends 
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Figure 6-49 Hig/D ratio for sand with ϕ = 40°: (a) Simulations and (b) equation trends 

 

 

Figure 6-50 Hig/D ratio for clay with Cu = 12kPa: (a) Simulations and (b) equation trends 
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Figure 6-51 Hig/D ratio for clay with Cu = 36kPa: (a) Simulations and (b) equation trends 

 

Figure 6-52 Hig/D ratio for clay with Cu = 72kPa: (a) Simulations and (b) equation trends 

6.3.2. Yield Displacement Parameter 

Figure 6-53 through Figure 6-55 show the variation of the yield displacement 

parameter (c1) with La/D, D/t, and ALR. Regarding sand, note that the parameter varies 

linearly only with La/D. However, note that in terms of D/t and ALR the values do not 
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change as much, thus a linear approximation could be appropriate; values of c1 within 0.14 

and 0.21 were observed. 

Regarding results for clay on the other hand, the variable that has more influence on 

c1 is the D/t ratio, while values vary non-linearly in terms of the undrained shear strength. 

 

 

Figure 6-53 Impact of  La/D ratio and soil strength on C1 for: (a) sand and (b) clay 

 

 

Figure 6-54 Impact of  D/t ratio and soil strength on C1 for: (a) sand and (b) clay 
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Figure 6-55 Impact of  ALR and soil strength on C1 for: (a) sand and (b) clay 

Results of the regression analyses are presented in Equation 6-17 and Equation 6-18 

for sand and clay, with R-squared values of 0.91 and 0.81, respectively. For clay, note that 

the equation depends on the units of the undrained shear strength. Moreover, although the R-

squared values are not as high as in other of the previous regression analyses, it will be seen 

that the prediction are rather good. 
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Figure 6-56 through Figure 6-58 present simulation results for sand along with the 

trends generated using Equation 6-17for each of the friction angles studied. Similarly, 

Figure 6-59 through Figure 6-61 show simulation results for clay along with the trends 

generated using Equation 6-18 for each undrained shear strength studied. Note that in both 

cases, predicted and simulated results are in close agreement. However, some of the 
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simulated points are outside the trends, especially for clay, though note that the difference of 

the predicted values is only about 0.01.  

 

  

Figure 6-56 C1 for sand with ϕ = 30°: (a) Simulations and (b) equation trends 

 

 

Figure 6-57 C1 for sand with ϕ = 35°: (a) Simulations and (b) equation trends 
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Figure 6-58 C1 for sand with ϕ = 40°: (a) Simulations and (b) equation trends 

 

 

Figure 6-59 C1 for clay with Cu = 12kPa: (a) Simulations and (b) equation trends 
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Figure 6-60 C1 for clay with Cu = 36kPa: (a) Simulations and (b) equation trends 

 

Figure 6-61 C1 for clay with Cu = 72kPa: (a) Simulations and (b) equation trends 

6.3.3. Plastic Displacement Parameter 

Figure 6-62 shows the variation of the parameter β in terms of the displacement 

ductility (µ) for both sand and clay. Note that the parameter tends to saturate after ductility 

1.5. As such, it was decided to average the results within ductility 1.5( µ1.5) and ductility 4 

(µ4).  
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Figure 6-62 Plastic displacement parameter (β) for (a) sand and (b) clay 

Using the averaged values of the parameter β, Figure 6-63 through Figure 6-65 show 

the variation of the parameter with La/D, D/t, and ALR. Regarding sand, note that all 

variables indicate a linear relationship, including the friction angle; values of β within 0.2 

and 0.7 were observed. Regarding results for clay, on the other hand, it can be inferred that 

results vary linearly with all the parameters except in terms of the undrained shear strength; 

values of β within 0.3 and 1.1 were observed. 

  

Figure 6-63 Impact of La/D ratio and soil strength on β for: (a) sand and (b) clay 
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Figure 6-64 Impact of D/t ratio and soil strength on β for: (a) sand and (b) clay 

 

Figure 6-65 Impact of ALR and soil strength on β for: (a) sand and (b) clay 

Results of the regression analysis are presented in Equation 6-19 and Equation 6-20 

for sand and clay, with corresponding R-squared values of 0.98 and 0.97, respectively. 

Although the equations seem long and somewhat complex, it is worth recognizing that 

accurate prediction of the parameter β is important as it is used to modify the effective 
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length (Le) of the RCFST shaft to calculate the plastic displacement. Therefore, small 

variations in the prediction of β could lead to large errors in the calculated displacement. 
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Figure 6-66 through Figure 6-68 present simulation results for sand along with the 

trends generated using Equation 6-19 for each of the friction angles studied. Similarly, 

Figure 6-69 through Figure 6-71 present simulation results for clay along with the trends 

generated using Equation 6-20. Note that in all cases results are in close agreement. 

 

 

Figure 6-66 Parameter β for sand with ϕ = 30°: (a) simulations and (b) equation trends 
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Figure 6-67 Parameter β for sand with ϕ = 35°: (a) simulations and (b) equation trends 

 

 

Figure 6-68 Parameter β for sand with ϕ = 40°: (a) simulations and (b) equation trends 
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Figure 6-69 Parameter β for clay with Cu = 12 kPa: (a) simulations and (b) equation trends 

 

 

Figure 6-70 Parameter β for clay with Cu = 36 kPa: (a) simulations and (b) equation trends 
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Figure 6-71 Parameter β for clay with Cu = 72 kPa: (a) simulations and (b) equation trends 

6.3.4. Equivalent Viscous Damping 

Fixed-head RCFST shafts are controlled by the plastic hinge that develops at the 

column-cap beam interface, where the steel tube only provides confinement and not flexural 

strength. Simulation results in terms of the system equivalent viscous damping (EVD) are 

plotted in Figure 6-72 along with results from Equation 6-21, which corresponds to EVD of 

reinforced concrete bridge columns (Priestley et al., 2007). Note that there is a linear trend 

in the simulated results. Moreover, notice that at ductility 1 (µ1) simulated results are 

consistently higher than those from Equation 6-21, this is due to the contribution of the soil 

to the system EVD. Furthermore, for high ductility levels the simulated results are 

consistently lower. This is due to the fact that, although there is energy dissipation at the top 

plastic hinge, the system has reserved capacity as the flexural stiffness below the top plastic 

hinge is provided by the RCFST. This means that while the system experiences degradation, 

the strength continues to develop as the bottom plastic hinge is activated.  
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Figure 6-72 Observed system EVD for: (a) sand and (b) clay 

Based on the discussion above, simulated data was analyzed first as a function of 

ductility (µ). As such, a linear relation variation was assumed as results showed linear, 

concave, and convex trends. Thus, the form of Equation 6-22 was adopted. Then, the 

coefficients b0 and b1 were determined as a function of the La/D ratio, D/t ratio, and ALR, 

for both sand and clay independently.  

 0 1 1eq b b     Equation 6-22 

Results of the regression analyses are presented in Equation 6-23 and Equation 6-24 

for sand and clay, with corresponding R-squared values of 0.98 and 0.97. Furthermore, 

Figure 6-73 through Figure 6-75 show the simulated results for sand along with the trends 

generated using Equation 6-23. Similarly, Figure 6-76 through Figure 6-78 show the 

simulated results for clay along with the trends generated using Equation 6-24. Notice tha 
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although a linear variation was assumed with ductility, the results are in close agreement in 

all cases. 
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Figure 6-73 System EVD for sand with ϕ = 30°: (a) simulations and (b) equation trends 

 

Figure 6-74 System EVD for sand with ϕ = 35°: (a) simulations and (b) equation trends 
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Figure 6-75 System EVD for sand with ϕ = 40°: (a) simulations and (b) equation trends 

 

 

Figure 6-76 System EVD for sand with Cu = 12 kPa: (a) simulations and (b) equation trends 
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Figure 6-77 System EVD for sand with Cu = 36 kPa: (a) simulations and (b) equation trends 

 

Figure 6-78 System EVD for sand with Cu = 72 kPa: (a) simulations and (b) equation trends 

6.4. Depth to plastic Hinge Revisited 

Based on the results of the regression analyses for both pinned-head and fixed-head 

shafts, it was noticed that the resulting equations for the depth top plastic hinge parameter 

(Hig/D) were similar. Thus, and additional analysis was conducted for this parameter, 



 

271 

considering data from both types of specimens. Results are presented in Equation 6-25 and 

Equation 6-26 for sand and clay, with corresponding R-squared values of 0.97 and 0.96, 

respectively. 

8.57 0.88
130 10

ig a
H L D

D D t


     Equation 6-25 

   17.90 0.68 2.49 ,
55

ig a

u u

H L D
Ln C C kPa

D D t
     Equation 6-26 

Figure 6-79 through Figure 6-81 present the simulated results for sand along with the 

trends generated using Equation 6-25. Similarly, Figure 6-82 through Figure 6-84 present 

the simulated results for clay along with the trends generated using Equation 6-26. Note in 

all cases that, although there is more variation in the results, due to the consideration of data 

from both pinned and fixed-head specimens, the results are in close agreement and the 

differences would not lead to significant errors. 

 

 

Figure 6-79 Hig/D ratio for sand with ϕ = 30°: (a) simulations and (b) equation trends 
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Figure 6-80 Hig/D ratio for sand with ϕ = 35°: (a) simulations and (b) equation trends 

 

 

Figure 6-81 Hig/D ratio for sand with ϕ = 40°: (a) simulations and (b) equation trends 
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Figure 6-82 Hig/D ratio for sand with Cu = 12 kPa: (a) simulations and (b) equation trends 

 

 

Figure 6-83 Hig/D ratio for sand with Cu = 36 kPa: (a) simulations and (b) equation trends 

 



 

274 

 

Figure 6-84 Hig/D ratio for sand with Cu = 72 kPa: (a) simulations and (b) equation trends 

6.5. Evaluation of the Proposed Model  

The proposed equivalent cantilever plastic hinge approach was evaluated by 

comparison with the simulated data. For that purpose, the proposed method was 

implemented to predict displacements at two limit states for each of the specimens 

considered in the parametric study. Figure 6-85 and Figure 6-86 show the predicted to 

measured displacement ratio for the yield displacement and the displacement at onset of 

tube local buckling of the pinned-head specimens, respectively. Results are presented along 

with mean values (continuous line) and 95% confidence upper and lower bounds (dotted 

line). Note that predicted values fall within 16.4% and 16.0% of the simulated results. 
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Figure 6-85 Predicted to simulated yield displacement for pinned-head shafts 

 

 

Figure 6-86 Predicted to simulated displacement for pinned-head shafts at onset of tube 

buckling 
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Similarly, Figure 6-87 and Figure 6-88 show the predicted to measured displacement 

ratio for the yield displacement and the displacement at bar buckling of the pinned-head 

specimens, respectively. Results are presented along with mean values (continuous line) and 

95% confidence upper and lower bounds (dotted line). Note that predicted values fall within 

15.9% and 17.1% of the simulated results. 

 

  

Figure 6-87 Predicted to simulated yield displacement for fixed-head shafts 
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Figure 6-88 Predicted to simulated displacement for fixed-head shafts at onset of bar 

buckling 

6.6. Summary of System Behavior from Simulated Data 

This section presents a summary of the behavior of pinned-head and fixed-head 

RCFST shafts based upon the simulated data. For that purpose, performance was evaluated 

in terms of: (1) force vs. displacement response; (2) displacement, moment, and shear 

distribution profiles; (3) moment, curvature, and tensile strain distribution profiles; and (4) 

tensile strain vs. displacement envelopes. Results are presented in terms of the impact 

induced by the D/t ratio, La/D ratio, and soil stiffness. Moreover, all results correspond to a 

1220-mm (4 ft.) diameter RCFST shaft embedded in sand, with all other variables varying, 

depending upon the parameter under consideration as follows: (1) to examine the impact of 

D/t ratio, two cases were considered, namely, D/t = 48 and D/t = 95, both with La/D = 8, 

ALR = 10%, and medium sand (ϕ = 35°) ; (2) regarding La/D ratio, cases corresponding to 

La/D = 4 and La/D = 12 were studied, both with D/t = 48, ALR = 10%, and medium sand (ϕ 
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= 35°); and (3) to evaluate the impact of soil stiffness, the cases considered were loose (ϕ = 

30°) and dense sand (ϕ = 40°), both with D/t = 48, La/D = 8, and ALR = 10%. 

6.6.1. Pinned-Head RCFST Shafts 

6.6.1.1 Force-Displacement Response 

Regarding the impact of D/t ratio, note from Figure 6-89 that this parameter clearly 

influences the strength of the system, though the displacement ductility levels are rather 

similar. In terms of La/D ratio, note from Figure 6-90 that for La/d = 12 the strength of the 

system is less than half that for La/D = 4; however, notice that the latter has a larger 

displacement ductility capacity. At ductility 4 (μ4), the displacement is more than 3.0 m. and 

although the system has a negative post-yield stiffness, it shows a stable response. Lastly, 

regarding soil stiffness, the strength of the system is not impacted as much, as shown in 

Figure 6-91, whereas lower displacements are observed for increasing levels of soil stiffness 

(i.e., dense sand, ϕ = 40°). 
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Figure 6-89 Impact of D/t ratio on force vs. displacement response 

 

   

Figure 6-90 Impact of La/D ratio on force vs. displacement response 
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Figure 6-91 Impact of soil stiffness on force vs. displacement response 

6.6.1.2 Displacement-Moment-Shear Distribution 

Figure 6-92, Figure 6-93, and Figure 6-94 show the impact of D/t ratio, La/d ratio, 

and soil stiffness, respectively, on the displacement, moment and shear profiles at 

displacement ductility 3 (μ3) . Note that thicker tubes (D/t = 48) induce higher shear forces, 

which correlates with the higher strength of the system, also represented in increased 

moments below ground; this parameter does not seem to affect the depth to maximum 

moment as much. On the other hand, note that a larger La/D ratio decreases the shear 

demand as the lever arm increases, pushing the plastic hinge slightly upward, closer to the 

ground surface, as shown in Figure 6-93, due to the increased spread of plasticity. Regarding 

the soil stiffness, note from Figure 6-94 that it affects the moment grading, which is also 

reflected with an increased shear demand below ground, though moments values are rather 

similar. However, note that the top displacements are different due to the definition of the 
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equivalent yield displacement on each system. This means that for similar displacement 

moment are expected to be larger for stiffer soil conditions. 

  

Figure 6-92 Impact of D/t ratio on displacement, moment, and shear profiles 
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Figure 6-93 Impact of La/D ratio on displacement, moment, and shear profiles 
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Figure 6-94 Impact of soil stiffness on displacement, moment, and shear profiles 

6.6.1.3 Moment-Curvature-Tensile Strain Distribution 

The impacts of D/t ratio, La/d ratio, and soil stiffness on the displacement, moment 

and shear profiles at displacement ductility 3 (μ3) are presented in Figure 6-95, Figure 6-96, 

and Figure 6-97, respectively. In terms of D/t ratio, note that while moments are larger for 

ticker tubes (D/t = 48), curvature and thus strains are rather similar, as shown in Figure 6-95. 

Moreover, note from Figure 6-96 that although for La/D = 12 there is a larger spread of 

plasticity, curvature and strains are similar. This means that a prescribed ductility level 

induces about the same curvature demand in systems with different aspect ratio. In terms of 

soil stiffness, a stiffer soil profile induces a higher moment gradient, thus inducing a smaller 

spread of plasticity, as shown in Figure 6-97. However, curvature and strain levels are 
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similar, though recognizing that higher values should be expected for similar levels of 

displacement in stiffer soil profiles. 

 

Figure 6-95 Impact of D/t ratio on moment, curvature, and tensile strain profiles 
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Figure 6-96 Impact of La/D ratio on moment, curvature, and tensile strain profiles 
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Figure 6-97 Impact of soil stiffness on moment, curvature, and tensile strain profiles 

6.6.1.4 Tensile Strain-Displacement Envelopes 

The impact of D/t ratio, La/D ratio, and soil stiffness, are presented in terms of the 

tensile strain vs. displacement envelopes on Figure 6-98, Figure 6-99, an Figure 6-100, 

respectively; note that all the figures have been plotted at the same scale for comparison 

purposes. In these figures, each dot represents the results from a prescribed ductility level. 

Notice that strains are consistent at each ductility level within all figures. Moreover, as noted 

in previous sections, note from Figure 6-98 that results are similar when compared in terms 

of D/t ratio. Also, note from Figure 6-99 that while the strain levels are similar, the required 

displacements to achieve such levels are significantly higher for large La/D ratios. A similar 

trend was observed in terms of soil stiffness, though required displacement in that case are 



 

287 

not significantly different. In terms of strain limit states, note that for all cases onset of tube 

buckling occurs between ductility 2 (μ2) and 3 (μ3). Moreover, tube fracture was exceeded 

before ductility 4 (μ4). However, it is important to note that these limits would be reach at 

large displacements demand. Note that except for the case with La/D = 4 (Figure 6-99), for 

example, all other cases shown require a displacement demand of more than 1200 mm. 

 

Figure 6-98 Impact of D/t ratio on tensile strain vs. displacement envelopes 

  

Figure 6-99 Impact of La/D ratio on tensile strain vs. displacement envelopes 
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Figure 6-100 Impact of soil stiffness on tensile strain vs. displacement envelopes 

6.6.2. Fixed-Head RCFST Shafts 

6.6.2.1 Force-Displacement Response 

Regarding D/t ratio, note from Figure 6-101 that this parameter impacts the strength 

of the system, decreasing about 25% for thinner tubes (D/t = 95), though displacement levels 

are similar. In terms of La/D ratio, this parameter induces the most significant impact, as 

shown in Figure 6-102. Notice that for an aspect ratio La/D = 12, the system has roughly half 

of the strength and more than twice the displacement capacity than that for La/D = 4. 

Regarding soil stiffness, note from Figure 6-103 that for a stiffer soil profile (dense sand 

with ϕ = 40°) the displacements at a prescribed ductility decrease. It is worth nothing that 

these observations are similar to those corresponding to pinned-head shafts. However, note 

that in terms of the developed strength, the values are similar, but displacement levels are 

significantly lower, with values roughly three times larger for pinned-head shafts. 
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Figure 6-101 Impact of D/t ratio on force vs. displacement response 

  

Figure 6-102 Impact of La/D ratio on force vs. displacement response 
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Figure 6-103 Impact of soil stiffness on force vs. displacement response 

6.6.2.2 Displacement-Moment-Shear Distribution 

Regarding D/t ratio, although displacements are similar, Figure 6-104 shows an 

increase in the moment and shear demands for ticker tubes (D/t= 48). In terms of La/D ratio, 

note from Figure 6-105 that the spread of plasticity increases with similar peak moments, 

but with reduced shear demand for La/D = 12. Regarding soil stiffness, Figure 6-106 shows 

that for stiffer soil profiles (dense sand with ϕ = 40°), there is an increase in shear demand 

due to an increase in the moment gradient. 
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Figure 6-104 Impact of D/t ratio on displacement, moment, and shear profiles 
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Figure 6-105 Impact of La/D ratio on displacement, moment, and shear profiles 
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Figure 6-106 Impact of soil stiffness on displacement, moment, and shear profiles 

6.6.2.3 Moment-Curvature-Tensile Strain Distribution 

In terms of D/t ratio, note from Figure 6-107 that it does not affect the top plastic 

hinge at all, this is expected because the flexural strength of the top plastic hinge is 

controlled by the longitudinal reinforcement. Moreover, note from Figure 6-108 that due to 

an increased spread of plasticity for La/D = 12, curvature and thus strains result smaller for 

such a case, which is in turn due to a reduced moment grading. It is worth noting that these 

results correspond to displacements of about twice those corresponding to La/D = 4. Lastly, 

in terms of soil stiffness, note from Figure 6-109 that the soil stiffness has no effect on the 

top plastic hinge for a prescribed displacement ductility level; however, larger curvature and 

thus trains would be expected for similar levels of displacement. 
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Figure 6-107 Impact of D/t ratio on moment, curvature, and strain profiles of top plastic 
hinge 

 

 

Figure 6-108 Impact of La/D ratio on moment, curvature, and strain profiles of top plastic 
hinge 
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Figure 6-109 Impact of soil stiffness on moment, curvature, and strain profiles of top plastic 

hinge 

6.6.2.4 Tensile Strain-Displacement Envelopes 

The impact of D/t ratio, La/D ratio, and soil stiffness, are presented in terms of the 

tensile strain vs. displacement envelopes on Figure 6-110, Figure 6-111, and Figure 6-112, 

respectively; note that all the figures have been plotted at the same scale for comparison 

purposes. In these figures, each dot represents the results from a prescribed ductility level. 

Notice that strains are consistent at each ductility level in terms of D/t ratio and soil 

stiffness. 

As noted in previous sections, note from Figure 6-110 that results are similar when 

compared in terms of D/t ratio. A significant difference is clearly seen in terms of La/D ratio 

(Figure 6-111). Notice that for La/D = 12 the required displacement to develop onset of tube 

buckling is more than 900 mm., whereas for La/D = 4 the required displacement is less than 

one-third of that value. Also, note from Figure 6-99 that while the strain levels are similar, 

the required displacements to achieve such levels are significantly higher for large La/D 
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ratios. A similar trend was observed in terms of soil stiffness, though required displacement 

in that case are not significantly different. This effect is attributed to the distribution of 

lateral stiffness and the spread of plasticity. A longer aspect ratio results in more flexibility 

in the system thus inducing smaller curvature demands, which in turn results in smaller 

strains. Lastly, in terms of soil stiffness, note from Figure 6-112 that the impact of a stiffer 

soil profile slightly alters the displacement at a prescribed ductility level. 

In terms of strain limit states, note that for all cases onset of bar buckling occurs 

between ductility 3 (μ3) and 4 (μ4). Moreover, while bar fracture was exceeded at ductility 4 

(μ4) in one of the cases studied, it seems appropriate to establish ductility 4 (μ4) as an 

ultimate limit state. Furthermore, note that for all the studied cases, displacement demands 

are certainly possible to occur during an earthquake event. Note that in all case the required 

displacements are below 1000 mm. 

 

  

Figure 6-110 Impact of D/t ratio on tensile strain vs. displacement envelopes 
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Figure 6-111 Impact of La/D/t ratio on tensile strain vs. displacement envelopes 

 

Figure 6-112 Impact of soil stiffness on tensile strain vs. displacement envelopes 
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CHAPTER 7 

7. DESIGN RECOMMENDATIONS 

The proposed equivalent cantilever plastic hinge approach can be used in two 

different ways. Within the current bridge design practice (AASHTO, 2011), designers could 

use the method for design or assessment to calculate the displacement capacity of RCFST 

shafts, and then compare the results with the displacement demand. On the other hand, if a 

displacement based design approach is implemented (e.g., Priestley et al., 2007), the 

proposed method can be used to determine the design displacement RCFST shafts. 

The method was developed considering a uniform layer of sand or clay and it 

accounts for effects of the diameter-to-thickness (D/t) ratio, aboveground length-to-diameter 

(La/D) ratio, axial load ratio (ALR), and P-Δ effects. Regarding material properties, an 

expected concrete compressive strength fc’ = 36.4 MPa (5.2 kis) was assumed. Moreover, 

the model assumes steel tubes manufactured in accordance to API 5L x 52, with expected 

yield and tensile strengths fye = 396 MPa (57.2 ksi) and fue = 500.5 MPa (72.6 ksi), 

respectively. As for the internal reinforcement (longitudinal and transverse), A706 Gr. 60 

steel was considered with expected yield and tensile strengths fye = 462 MPa (66 ksi) and fue 

= 605 MPa (88 ksi), respectively. Regarding the steel content, the longitudinal and 

transverse steel ratios were assumed to be 2% and 1%, respectively. 

While the method was not developed for layered soil profiles or for soil layers with 

potential for liquefaction, the designer is encouraged to use judgment and experience to use 

the method with equivalent uniform layer properties. By doing this, the resulting 
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displacements will be approximate, though these could be useful in preliminary stages of 

design or assessment. For final design and verification purposes, designers should develop a 

detailed analytical model that accounts for the effects of layered soil profiles and/or soil 

layers with potential for liquefaction. 

The model requires knowledge of the following parameters: tube yield strain (εy,tube), 

bar yield strain (εy,bar), tube diameter (D), tube thickness (t), tube-cap beam gap (g), clear 

cover to longitudinal reinforcement (cbl), La/D ratio, and axial load ratio (ALR). The latter is 

defined as shown in Equation 7-1, where P is the axial load acting on the shaft, fce’ is the 

expected concrete compressive strength, and Ag is the gross area of the RCFST.  

'ce g

P
ALR

f A
  Equation 7-1 

Furthermore, the model also requires the soil strength in terms of the friction angle 

(ϕ) for sand, and in terms of the undrained shear strength (Cu) for clay. The equations that 

will be presented later in this chapter, are valid for friction angles within 30° and 40° for 

sand, and undrained shear strengths of 12 kPa (250 psf) and 72 kPa (1500 psf) for clay. The 

remaining of this chapter presents a description of the system behavior, equations, and 

examples for each system and soil type. The chapter concludes with final remarks that are 

aimed to reconcile the results observed during the experimental and analytical portions of 

this study. 
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7.1. Pinned-Head RCFST Shafts 

7.1.1. System Behavior and Performance Limit States 

The inelastic behavior of pinned-head RCFST shafts is controlled by a plastic hinge 

that develops inground. As lateral displacements are induced at the shaft head under cyclic 

lateral loading, maximum moments develop below ground at a depth within three to five 

times the shaft diameter. As tension stresses increase for increased displacement demands, 

onset of tube buckling takes place at the location of maximum moment. As deformations 

increase, so does tube buckling, weakening the system up until tube fracture occurs at the 

same location. 

To illustrate this behavior, Figure 7-1 presents an example of the displacement, 

curvature, and moment profiles of a 1.22 m (4 ft.) diameter, pinned-head RCFST shaft 

embedded into medium sand (ϕ = 35°), with D/t = 48, La/D = 8, and supporting and axial 

load ratio ALR = 10%. Results are presented for displacement ductility 1 (μ1) and 4 (μ4). 

Note that the maximum moment in both cases occurs at the same depth because after onset 

of the inground hinge this location does not change. To further explain the behavior of this 

system, Figure 7-2 presents the curvature distribution and the tensile strain profiles at 

ductility 4 (μ4). Note that damage control and ultimate performance limit states are also 

presented; definitions of such limits are presented later in this section. Notice that both 

limits have been exceeded at this displacement level. However, note from  Figure 7-1 that 

such a displacement corresponds to more than 2,000 mm, which in terms of a displacement 

demand is unlikely to occur. 
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Figure 7-1 Example: displacement, moment, and curvature profiles of a pinned-head RCFST 

shaft 
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Figure 7-2 Example: inground plastic hinge curvature and tensile strain profiles of a pinned-

head RCFST shaft 

Based upon analytical and experimental observations, it was found that the system 

can exhibit a stable and reliable response up to displacement ductility 3 (μ3), though 

recognizing that for ticker tubes (D/t = 48) the system can have a displacement capacity of 

up to ductility 4 (μ4), as was shown in the previous example. In terms of performance limit 

states, the system can be characterized with serviceability, damage control, and ultimate 

limits. The serviceability limit state corresponds to a tube tensile strain of 1.5%. The damage 

control limit state can be associated with onset of tube local buckling, where the tube tensile 

strain is limited as shown in Equation 7-2, based on the recommendations by Brown et al. 

(2015).  

 , 0.021
9100

t buckling y tube

D

t
     Equation 7-2 
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Analytical and experimental data revealed that this limit state can be expected to 

develop within a displacement ductility of 2 (μ2) and 3 (μ3). Furthermore, the ultimate limit 

state is associated to onset of tube fracture, with a maximum tube tensile strain of 2.5% 

(Brown et al. 2015). Based on analytical and experimental data, this limit is expected to 

develop at a displacement ductility 3 (μ3), though recognizing that thick tubes (e.g., D/t = 

48) can reach displacement ductility 4 (μ4). Performance limit states for the inground plastic 

hinge are summarized in Table 7-1. In terms of the analysis method, RCFST sections can be 

analyzed assuming equilibrium and strain compatibility, as experimental results show that 

this assumption is adequate up until onset of tube local buckling, and even beyond that level 

(Brown et al. 2015). 

Table 7-1 Inground plastic hinge performance levels and associated strain limits 

Strain 
Performance Level 

Serviceability Damage Control Ultimate 

Tension 0.015   0.021
9100

t y tube

D

t
      0.025  

Described next is the formulation of the proposed equivalent cantilever plastic hinge 

model for pinned-head RCFST shafts. Application examples for both sand and clay are also 

presented in the next section. 

7.1.2. Proposed Model and Examples 

Figure 7-3 presents a schematic of the proposed equivalent cantilever model for 

pinned-head RCFST shafts. In this approach, a single RCFST shaft that can be characterized 

with a detailed FE analytical model, is simplified to an equivalent fixed-base cantilever with 

effective length Le. This length is measured from the pile head to the depth-to-maximum 



 

304 

moment, which is also known as the depth-to-plastic hinge (Hig). The model is used to 

determine the displacement at the column head at a prescribed limit state (ΔLS) by 

calculating elastic (Δy) and plastic (Δp) displacement components, which depend on the 

elastic curvature (ϕy) and an equivalent plastic hinge length (Lp). The performance limit 

state is dictated by the inground plastic hinge based upon strain limit states, as previously 

described. Described next is the step-by-step calculation process for sand and clay along 

with examples at the end of this section. 

  

Figure 7-3 Equivalent cantilever model for pinned-head RCFST shafts 

7.1.2.1 Equations for Sand 

Step 1: calculate the yield curvature. For RCFST columns, cϕy = 2.67 
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 y tube

y yc
D




   

Equation 7-3 

 

 

Step 2: calculate the yield displacement 

a. Calculate the yield displacement parameter: 

 1 1.378 0.20 ,
2050 130

aL D
C Ln

D t




 
     

 
 Equation 7-4 

b. Calculate the depth to plastic hinge: 

8.57 0.88
130 10

ig a
H L D

D D t


     Equation 7-5 

c. Determine the effective length: 

e igL H
 

Equation 7-6 

d. Lastly, determine the yield displacement as follows: 

2

1y y ec L   Equation 7-7 

Step 3: calculate the plastic displacement 

a. Calculate the equivalent plastic hinge length: 

     5.44 0.74 0.06 1 9.85 0.063 , ,
210

p a
L L D

D ALR D m
D D t

         Equation 7-8 

b. Calculate the limit state curvature: 
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Figure 7-4 Curvature and associated strains for RCFST sections 

0.31 0.242
4300

c D
ALR
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    Equation 7-9 

'D D t   Equation 7-10 
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'
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LS t
D c


 


 Equation 7-11 

c. Determine the plastic curvature: 

p LS y     Equation 7-12 

d. Lastly, calculate the plastic displacement as follows: 

p p p eL L   Equation 7-13 

Step 4: calculate the limit state displacement 

LS y p      Equation 7-14 

Step 5: calculate the system equivalent viscous damping (for DDBD design) 

 

0.012 1 21
0.07 0.85

0.012 0.009 2 21000 10.5
eq

D

t




 

   
      

     
 Equation 7-15 
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7.1.2.2 Equations for Clay 

Step 1: calculate the yield curvature. For RCFST columns, cϕy = 2.67 

 y tube

y yc
D




   

Equation 7-16 

Step 2: calculate the yield displacement 

a. Calculate the yield displacement parameter: 

 
 1 1.279 1 ,

40 430 16

ua

u

Ln CL D
C C kPa

D t

 
    

 
 Equation 7-17 

 

 

b. Calculate the depth to plastic hinge: 

   17.90 0.68 2.49 ,
55

ig a

u u

H L D
Ln C C kPa

D D t
     Equation 7-18 

c. Determine the effective length: 

e igL H  Equation 7-19 

d. Lastly, calculate the yield displacement as follows: 

2

1y y ec L   Equation 7-20 

Step 3: calculate the plastic displacement 

a. Calculate the equivalent plastic hinge length: 

 50.91 0.06 0.23 1 8.02 4.54 1 , ( )
220

p a

u u

L L D D D
ALR Ln Ln C C kPa

D D t t t

    
         

     
 Equation 7-21 
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b. Calculate the limit state curvature:  

 

Figure 7-5 Curvature and associated strains for RCFST sections 
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c D
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    Equation 7-22 

'D D t   Equation 7-23 
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 Equation 7-24 

c. Determine the plastic curvature: 

p LS y     Equation 7-25 

d. Lastly, calculate the plastic displacement as follows: 

p p p eL L   Equation 7-26 

Step 4: calculate the limit state displacement 

LS y p      Equation 7-27 

Step 5: calculate the system equivalent viscous damping (for DDBD design) 

 

0.019 1 21
0.07 0.85

0.019 0.55 2 21000 10.5
eq

D

t




 

   
      

     
 Equation 7-28 



 

309 

7.1.2.3 Example: displacement capacity or design displacement 

To illustrate the sequence of operations for sand and clay, consider an RCFST pile-

column part of a bridge bent, pin-connected to the superstructure under seismic response in 

the longitudinal direction. The RCFST shaft has a tube outer diameter D = 1.22 m. (4 ft.), a 

D/t ratio of 48, which means the tube has a wall thickness t = 25.4 mm (1 in.), an aspect 

ratio La/D = 8, and supports an axial load, including self weight, of 4,260 kN (960 kips). 

Material properties are concrete compressive strength fc’ = 28 MPa (hence fce’ = 36.4 MPa 

(5.2 ksi)), and tube yield strength fyt = 360 MPa (hence fype = 396 MPa (57.2 ksi)). 

The goal of this example is to illustrate calculations for both sand and clay to 

determine the displacement at onset of tube buckling, which is determined based on the 

tensile strain from Equation 7-2 as εt = 0.0157. Furthermore, for sand, consider a uniform 

profile with friction angle ϕ = 35° (medium sand). For clay, consider a uniform profile with 

undrained shear strength Cu = 36 kPa (medium clay). It is assumed that the RCFST shaft is 

embedded deep enough into the ground. The solutions for both soil types are presented next. 

7.1.2.3.1 Sand 

Step 1: calculate the yield curvature. From Equation 7-3: 

  396 / 200,000 1
2.67 0.00433

1.22

y tube

y yc
D m






 
   

 
 

Step 2: calculate the yield displacement. 

a. Calculate the yield displacement parameter, from Equation 7-4: 

 1

48 35
1.378 0.20 1.378 0.20 8 0.6695

2050 130 2050 130

aL D
C Ln Ln

D t

 
         

 
 



 

310 

b. Calculate the depth to plastic hinge, from Equation 7-5: 

 
48 35

8.57 0.88 8.57 0.88 8 11.741
130 10 130 10

ig a
H L D

D D t


          

 11.74 11.74 1.22 14.324igH D m m    

c. Determine the effective length, from Equation 7-6: 

14.32e igL H m   

d. Lastly, from Error! Reference source not found., the yield displacement is: 

 2 2

1

1
0.669 0.00433 14.32 0.595y y ec L m m

m


 
    

 
 

Step 3: calculate the plastic displacement  

a. Calculate the equivalent plastic hinge length, from Equation 7-8:  

 5.44 0.74 0.06 1 9.85 0.063
210

p a
L L D

D ALR
D D t

       

  2

4,260
0.10

' 36.4 1.169 1000ce g

P kN
ALR

f A MPa m
    

        
48

5.44 0.74 1.22 0.06 8 1 9.85 0.10 0.063 35 3.056
210

pL

D
        

 3.056 3.056 1.22 3.730pL D m m    

b. Calculate the limit state curvature:  

From Equation 7-9, the neutral axis depth is: 

 
48

0.31 0.242 0.10 0.323
4300

c

D
     

 0.323 0.323 1.22 0.394c D m    

From Equation 7-10: 
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' 1,220 25.4 1,194.6D D t mm mm mm      

From Equation 7-11: 

,

0.0157 1
0.0196

' 1.1946 0.394

t

LS t
D c m


   

 
 

c. Determine the plastic curvature from Equation 7-12: 

1
0.0196 0.00433 0.0153p LS y

m
        

d. Lastly, calculate the plastic displacement from Equation 7-13: 

  
1

0.0153 3.73 14.32 0.817p p p eL L m m m
m


 

    
 

 

Step 4: calculate the limit state displacement from Equation 7-14: 

0.595 0.817 1.412LS y p m m m         

7.1.2.3.2 Clay 

Step 1: calculate the yield curvature. From Equation 7-16: 

  396 / 200,000 1
2.67 0.00433

1.22

y tube

y yc
D m






 
   

 
 

Step 2: calculate the yield displacement. 

a. Calculate the yield displacement parameter, from Equation 7-20: 

 
1 1.279 1

40 430 16

ua
Ln CL D

C
D t

 
    

 
 

 
1

368 48
1.279 1 0.833

40 430 16

Ln
C

 
     

 
 

b. Calculate the depth to plastic hinge, from Equation 7-18: 

 17.90 0.68 2.49
55

ig a

u

H L D
Ln C

D D t
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48

17.90 0.68 8 2.49 36 13.544
55

igH
Ln

D
      

 13.544 13.544 1.22 16.524igH D m m    

c. Determine the effective length, from Equation 7-19: 

16.524e igL H m   

d. Lastly, from Equation 7-20, the yield displacement is: 

 2 2

1

1
0.833 0.00433 16.524 0.985y y ec L m m

m


 
    

 
 

Step 3: calculate the plastic displacement  

a. Calculate the equivalent plastic hinge length, from Equation 7-21:  

 50.91 0.06 0.23 1 8.02 4.54 1
220

p a

u

L L D D D
ALR Ln Ln C

D D t t t

    
         

     
 

  2

4,260
0.10

' 36.4 1.169 1000ce g

P kN
ALR

f A MPa m
    

        
48

50.91 0.06 8 0.23 0.1 48 1 8.02 48 4.54 36 1 7.194
220

pL
Ln Ln

D

 
          

 
 

 7.194 7.194 1.22 8.776pL D m m    

b. Calculate the limit state curvature:  

From Equation 7-22, the neutral axis depth is: 

 
48

0.31 0.242 0.10 0.323
4300

c

D
     

 0.323 0.323 1.22 0.394c D m    

From Equation 7-23: 

' 1,220 25.4 1,194.6D D t mm mm mm      
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From Equation 7-24: 

,

0.0157 1
0.0196

' 1.1946 0.394

t

LS t
D c m


   

 
 

c. Determine the plastic curvature from Equation 7-25: 

1
0.0196 0.00433 0.0153p LS y

m
        

d. Lastly, calculate the plastic displacement from Equation 7-26: 

  
1

0.0153 8.776 16.524 2.216p p p eL L m m m
m


 

    
 

 

Step 4: calculate the limit state displacement from Equation 7-27: 

0.985 2.216 3.20LS y p m m m         

7.2. Fixed-Head RCFST Shafts 

7.2.1. System Behavior 

Fixed-head RCFST shafts can potentially develop two plastic hinges, one of the at 

the top at the column-cap beam interface, and another one at the bottom, below ground. 

However, due to the distribution of flexural stiffness, fixed-head RCFST shafts are 

controlled by the plastic hinge that develops above ground at the column-cap beam 

interface. Since the steel tube is cut short before the cap-beam, it does not provide flexural 

strength to the top plastic hinge, thus the flexural stiffness of the top plastic hinge 

corresponds effectively to that of an RC section confined by a steel tube. After onset of the 

top plastic hinge, there is a redistribution of moments and the maximum inground moment 

starts to increase far beyond the level of the top hinge, since the flexural stiffness of the 
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inground hinge corresponds effectively to that of an RCFST section, which is larger than 

that of the RC section at the top hinge. 

To illustrate this behavior, Figure 7-6 presents an example of the displacement, 

curvature, and moment profiles of a 1.22 m (4 ft.) diameter, fixed-head RCFST shaft 

embedded into medium sand (ϕ = 35°), with D/t = 48, La/D = 8, and supporting and axial 

load ratio ALR = 10%. Results are presented for displacement ductility 1 (μ1) and 4 (μ4). 

Notice that curvature demands at the top plastic hinge are significantly larger to those of the 

inground hinge. On the other hand, notice that while at ductility 1 (μ1) moments are rather 

similar at top and inground hinges, at ductility 4 (μ4) the inground moment is more than 

twice that of the top hinge.  
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Figure 7-6 Example: displacement, moment, and curvature profiles of a fixed-head RCFST 

shaft 

These two observations are directly associated to the effective flexural stiffness, as 

the top hinge corresponds to an RC section confined by a steel tube, while the inground 

hinge corresponds to an RCFST section. This behavior can be thought in terms of capacity 

design principles, where the enhanced deformation and strength capacity of the RCFST 

shaft forces inelastic action to occur at the top plastic hinge (weak link). This can be 

beneficial because it could be used to ensure that damage will occur only above ground 

during an earthquake event, where it is easy to inspect and repair. 

To further explain the behavior of this system, Figure 7-7 and Figure 7-8 presents the 

curvature distribution and the tensile strain profiles at ductility 4 (μ4) for the top and 
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inground plastic hinges, respectively. Note that strain limits at damage control and ultimate 

have been included for the top plastic hinge, while yield and serviceability are plotter for the 

inground hinge. Regarding the top plastic hinge, notice that at displacement ductility 4 (μ4), 

the damage control limit state has been exceeded and the top hinge is close to reach failure. 

At the same level of displacement, note that the inground hinge has barely exceeded first 

yield of the tube. This means that the system has reserved capacity in terms of the inground 

hinge; however, at this level of deformation the top hinge is close to imminent failure. 

 

  

Figure 7-7 Example: top hinge curvature and tensile strain profiles at ductility 4 (μ4) 
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Figure 7-8 Example: inground hinge curvature and tensile strain profiles at ductility 4 (μ4) 

Based upon analytical results, it was found that the system can exhibit a stable and 

reliable response up to displacement ductility 4 (μ4). It was observed that at this level of 

displacement, the top plastic hinge reaches its ultimate limit state while the inground plastic 

hinge reaches its yield limit state. As such, while the system has reserved displacement 

capacity, attributed to the inground plastic hinge, at this level of displacement the top plastic 

hinge is close to its ultimate limit state. Therefore, displacement demands beyond a 

displacement ductility 4 (μ4) would result in issues related to structural stability, since the 

top plastic hinge is at imminent failure. 

In terms of performance limit states, recommendations of the POLA Seismic Code 

(2010) seem appropriate considering results of experimental tests conducted on fixed-head 

RCFST columns (Montejo et al., 2012). As such, the system can be characterized with 

serviceability, damage control and ultimate limit states, that are defined based on tensile 

strain limits of 1.5%, 6% or 0.6εsm (whichever is smaller), and 8% or 0.08εsm (whichever is 

smaller), respectively. Performance limit states and corresponding strain limits are 
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summarized in Table 7-2. In terms of the analysis method, the assumption of strain 

compatibility is appropriate as the top plastic hinge corresponds to an RC section. 

Table 7-2 Top plastic hinge strain limits POLA (2010)  

Strain 
Performance Level 

Serviceability Damage Control Ultimate 

Tension 0.015  0.6εsm ≤ 0.06  0.8εsm ≤ 0.08 

Described next is the formulation of the proposed equivalent cantilever plastic hinge 

model for fixed-head RCFST shafts. Application examples for both clay and sand are also 

presented at the end. 

7.2.2. Proposed Model and Examples 

Figure 7-9 presents a schematic of the proposed equivalent cantilever model for 

fixed-head RCFST shafts. In this approach, a single RCFST shaft that can be characterized 

with a detailed FE analytical model, is simplified to an equivalent fixed-base cantilever with 

effective length Le. This length is measured from the pile head to the depth-to-maximum 

moment, which is also known as the depth-to-plastic hinge (Hig), in addition to the strain 

penetration length (Lsp) into the cap beam. The model assumes that only the top plastic 

hinge is developed. This assumption was made considering that, while onset of the inground 

hinge is possible, it would only occur at large levels of damage of the top plastic hinge, at 

which structural stability issues may be of concern. The model is used to calculate the 

displacement at the pile head at a prescribed limit state (ΔLS) by calculating elastic (Δy) and 

plastic (Δp) displacement components, which depend on the elastic curvature (ϕy) and a 

plastic displacement parameter (β). The performance limit state is dictated by the top plastic 
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hinge based upon strain limit states, as previously described. Described next is the step-by-

step calculation process. 

  

Figure 7-9 Equivalent cantilever model for pinned-head RCFST shafts 

7.2.2.1 Equations for Sand 

Step 1: calculate the yield curvature. For RC columns, cϕy = 2.25 

   

 y rebar

y top y top
c

D



   

Equation 7-29 

Step 2: calculate the yield displacement 

a. Calculate the yield displacement parameter: 

 1 0.207 ,
300 2800 960

aL D
C

D t


      Equation 7-30 
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b. Calculate the depth to plastic hinge: 

8.57 0.88
130 10

ig a
H L D

D D t


     Equation 7-31 

c. Calculate the strain penetration length: 

 0.022 ,sp ye blL f d MPa  Equation 7-32 

d. Determine the effective length: 

e ig spL H L   Equation 7-33 

 

e. Lastly, calculate the yield displacement as follows: 

 
2

1y ey top
c L   Equation 7-34 

Step 3: calculate the plastic displacement 

a. Calculate the equivalent plastic hinge length (Chai et al., 1991): 

 
2 spp top

L L g   Equation 7-35 

b. Calculate the plastic displacement parameter: 

   0.255 0.1 1 0.7 , ,
50 170 160

aL D
D ALR D m

D t


 

 
       

 
 Equation 7-36 

c. Calculate the limit state curvature: 

 

Figure 7-10 Curvature and associated strains for RC sections 
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0.2 0.65
c

ALR
D
   Equation 7-37 

2concD D t   Equation 7-38 

2

bl

conc bl

d
d D c    Equation 7-39 

,

t

LS t
d c


 


 Equation 7-40 

d. Determine the plastic curvature: 

     p top LS top y top
     Equation 7-41 

e. Lastly, calculate the plastic displacement as follows: 

   p ep top p top
L L    Equation 7-42 

Step 4: calculate the limit state displacement 

LS y p      Equation 7-43 

Step 5: calculate the system equivalent viscous damping (for DDBD design) 

 
1

0.094 1
1000 3200 160 1200 12000

a a

eq

L L D

D D t


 

 
       

 
 Equation 7-44 

7.2.2.2 Equations for Clay 

Step 1: calculate the yield curvature. For RC columns, cϕy = 2.25 

   

 y rebar

y top y top
c

D



   

Equation 7-45 

Step 2: calculate the yield displacement 

a. Calculate the yield displacement parameter: 

 
 1 0.135 ,

900 2500 200

ua

u

Ln CL D
C C kPa

D t
     Equation 7-46 
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b. Calculate the depth to plastic hinge: 

   17.90 0.68 2.49 ,
55

ig a

u u

H L D
Ln C C kPa

D D t
     Equation 7-47 

c. Calculate the strain penetration length: 

 0.022 ,sp ye blL f d MPa  Equation 7-48 

d. Determine the effective length: 

e ig spL H L   Equation 7-49 

e. Lastly, calculate the yield displacement as follows: 

 
2

1y ey top
c L   Equation 7-50 

Step 3: calculate the plastic displacement 

a. Calculate the equivalent plastic hinge length (Chai et al., 1991): 

 
2 spp top

L L g   Equation 7-51 

b. Calculate the plastic displacement parameter: 

     0.631 0.2 1 1.08 0.16 , ,
40 380

a

u u

L D
D ALR Ln C D m C kPa

D t


 
      

 
 Equation 7-52 

c. Calculate the limit state curvature: 

 

Figure 7-11 Curvature and associated strains for RC sections 
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0.2 0.65
c

ALR
D
   Equation 7-53 

2concD D t   Equation 7-54 

2

bl

conc bl

d
d D c    Equation 7-55 

,

t

LS t
d c


 


 Equation 7-56 

d. Determine the plastic curvature: 

     p top LS top y top
     Equation 7-57 

e. Lastly, calculate the plastic displacement as follows: 

   p ep top p top
L L    Equation 7-58 

Step 4: calculate the limit state displacement 

LS y p      Equation 7-59 

Step 5: calculate the system equivalent viscous damping (for DDBD design) 

 
   

1
0.13 1 ,

600 160 300 1400 14000

ua a

eq u

Ln CL L D
C kPa

D D t
 

 
       

 
 Equation 7-60 

7.2.2.3 Example: displacement capacity or design displacement 

To illustrate the sequence of operations for sand and clay, consider an RCFST pile-

column, part of a bridge bent, and connected to other shafts with a cap beam, under seismic 

response in the transverse direction. The geometry and material properties are the same as 

for the example for pinned-head shafts; those details are repeated here for convenience. 

Additional required details are also provided. 
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 The RCFST shaft has a tube outer diameter D = 1.22 m. (4 ft.), a D/t ratio of 48, 

which means the tube has a wall thickness t = 25.4 mm (1 in.), an aspect ratio La/D = 8, and 

supports an axial load, including self weight, of 4,260 kN (960 kips). Specified material 

properties are concrete compressive strength fc’ = 28 MPa (hence fce’ = 36.4 MPa (5.2 ksi)); 

tube yield strength fyt = 360 MPa (hence fype = 396 MPa (57.2 ksi)); and reinforcing steel 

(longitudinal and transverse) yield strength fyr = 420 MPa (hence fyre = 462 MPa (66 ksi)). 

Longitudinal bar diameter is 43 mm (1.693 in.), with 50 mm (1.97 in) cover between the 

inside of the steel tube and outside of the transverse reinforcement. Spiral bar diameter is 16 

mm (0.625 in). 

The goal of this example is to illustrate calculations for both sand and clay to 

determine the displacement at onset of bar buckling, which is determined at a tensile strain εt 

= 0.06. Furthermore, for sand, consider a uniform profile with friction angle ϕ = 35° 

(medium sand), while for clay, consider a uniform profile with undrained shear strength Cu 

= 36 kPa (medium clay). It is assumed that the RCFST shaft is embedded deep enough into 

the ground. The solutions for both soil types are presented next. 

7.2.2.3.1 Sand 

Step 1: calculate the yield curvature. For RC columns, cϕy = 2.25. 

From Equation 7-29: 

 
   

  462 / 200,000 1
2.25 0.00426

1.22

y rebar

y top y top
c

D m m
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Step 2: calculate the yield displacement 

a. Calculate the yield displacement parameter, from Equation 7-30: 

1

8 48 35
0.207 0.207 0.161

300 2800 960 300 2800 960

aL D
C

D t


          

b. Calculate the depth to plastic hinge, from Equation 7-31: 

 
48 35

8.57 0.88 8.57 0.88 8 11.741
130 10 130 10

ig a
H L D

D D t


          

 11.741 11.741 1.22 14.324igH D m m    

c. Calculate the strain penetration length, from Equation 7-32: 

  0.022 0.022 462 43 437 0.437sp ye blL f d mm m     

d. Determine the effective length, from Equation 7-33: 

14.324 0.437 14.761e ig spL H L m m m      

e. Lastly, calculate the yield displacement from Equation 7-34: 

   
22

1

1
0.161 0.00426 14.761 0.149y ey top

c L m
m


 

    
 

 

Step 3: calculate the plastic displacement 

a. Calculate the top plastic hinge length (Chai et al., 1991), from Equation 7-35: 

   2 2 0.437 0.050 0.924spp top
L L g m m m      

b. Calculate the plastic displacement parameter, from Equation 7-36: 

0.255 0.1 1 0.7
50 170 160

aL D
D ALR

D t




 
      

 
 

  2

4,260
0.10

' 36.4 1.169 1000ce g

P kN
ALR

f A MPa m
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8 48 35

0.255 0.1 1.22 1 0.7 0.1 0.433
50 170 160


 

       
 

 

c. Calculate the limit state curvature: 

From Equation 7-37: 

 0.2 0.65 0.2 0.65 0.1 0.265
c

ALR
D
      

 0.265 0.265 1.22 0.323c D m m    

From Equation 7-38: 

 2 1,220 2 25.4 1,169 1.169concD D t mm mm mm m       

From Equation 7-39: 

43
1,169 50 16 1,081 1.081

2 2

bl

conc bl

d mm
d D c mm mm mm m          

From Equation 7-40: 

,

0.06 1
0.0791

1.081 0.323

t

LS t
d c m


   

 
 

d. Determine the plastic curvature, from Equation 7-41: 

     

1 1 1
0.0791 0.00426 0.0749

p top LS top y top
m m m

        

e. Lastly, calculate the plastic displacement from Equation 7-42: 

       
1

0.0749 0.924 0.433 14.761 0.443p ep top p top
L L m m m

m
 

 
    

 
 

Step 4: calculate the limit state displacement, from Equation 7-43: 

 0.149 0.443 0.592LS y p m m m         
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7.2.2.3.2 Clay 

Step 1: calculate the yield curvature. For RC columns, cϕy = 2.25. 

From Equation 7-45: 

 
   

  462 / 200,000 1
2.25 0.00426

1.22

y rebar

y top y top
c

D m m





 
   

 
 

Step 2: calculate the yield displacement 

a. Calculate the yield displacement parameter, from Equation 7-46: 

   
1

368 48
0.135 0.135 0.163

900 2500 200 900 2500 200

ua
Ln C LnL D

C
D t

          

b. Calculate the depth to plastic hinge, from Equation 7-47: 

     
48

17.90 0.68 2.49 17.90 0.68 8 2.49 36 13.544
55 55

ig a

u

H L D
Ln C Ln

D D t
          

 13.544 13.544 1.22 16.524igH D m m    

c. Calculate the strain penetration length, from Equation 7-48: 

  0.022 0.022 462 43 437 0.437sp ye blL f d mm m     

d. Determine the effective length, from Equation 7-49: 

16.524 0.437 16.961e ig spL H L m m m      

e. Lastly, calculate the yield displacement from Equation 7-50: 

   
22

1

1
0.163 0.00426 16.961 0.200y ey top

c L m
m


 

    
 

 

Step 3: calculate the plastic displacement 

a. Calculate the top plastic hinge length (Chai et al., 1991), from Equation 7-51: 

   2 2 0.437 0.050 0.924spp top
L L g m m m      
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b. Calculate the plastic displacement parameter, from Equation 7-52: 

 0.631 0.2 1 1.08 0.16
40 380

a

u

L D
D ALR Ln C

D t


 
      

 
 

     
8 48

0.631 0.2 1.22 1 1.08 0.1 0.16 36 0.635
40 380

Ln
 

       
 

 

c. Calculate the limit state curvature: 

From Equation 7-53: 

 0.2 0.65 0.2 0.65 0.1 0.265
c

ALR
D
      

 0.265 0.265 1.22 0.323c D m m    

From Equation 7-54: 

 2 1,220 2 25.4 1,169 1.169concD D t mm mm mm m       

From Equation 7-55: 

43
1,169 50 16 1,081 1.081

2 2

bl

conc bl

d mm
d D c mm mm mm m          

From Equation 7-56: 

,

0.06 1
0.0791

1.081 0.323

t

LS t
d c m


   

 
 

d. Determine the plastic curvature, from Equation 7-57: 

     

1 1 1
0.0791 0.00426 0.0749

p top LS top y top
m m m

        

e. Lastly, calculate the plastic displacement from Equation 7-58: 

       
1

0.0749 0.924 0.635 16.961 0.745p ep top p top
L L m m m

m
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Step 4: calculate the limit state displacement from Equation 7-59: 

 0.200 0.745 0.945LS y p m m m         

7.3. Final Remarks on Analytical and Experimental Results 

7.3.1. Summary 

Analytical and experimental studies were conducted on pinned-head RCFST shafts. 

While experimental and analytical results were not directly compared, as it is explained later 

in this section, agreement in terms of the behavior of the system was observed considering 

the variables studied. It was found that the D/t ratio affects the strength of the system but it 

does not impact the displacement capacity as much. Regarding the La/D ratio, it was found 

that it is the most important parameter, having a d irect impact on the strength and 

displacement capacity of the system, shear demand, location of maximum moment, and 

spread of plasticity. As for the soil stiffness, it was found that this parameter affects mostly 

the displacement capacity of the system, as it influences the shaft fixity. 

On the other hand, regarding fixed-head RCFST shaft, only analytical studies were 

conducted. It was found that the D/t ratio has a small impact on the system strength and 

displacement capacity, with similar observations regarding the soil stiffness. The most 

important variable on the behavior of fixed-head shaft is the La/D ratio. This parameter 

affects the strength and displacement capacity of the system, the shear demand, location of 

moment, spread of plasticity, and the tensile strains of the top plastic hinge. Regarding the 

latter, it was found that the strain can be reduced by increasing the La/D ratio. By increasing 

the aspect ratio, the system becomes more flexible and the curvature demand at the top 
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hinge reduces due to a reduced moment grading. This can be beneficial not only to reduce 

tensile strains but to increase the displacement capacity of the system. 

7.3.2. Laboratory vs. Free-Field Conditions 

The experimental results were impacted by the boundary conditions of the test setup 

and the observed rigid body rotation of the tested pile specimens. This means that pile 

specimens were not fully fixed into the ground, but rather fixity was developed as lateral 

displacements increased, thereby increasing the interaction of the soil and the rigid 

reinforced concrete pit wall. This behavior induced a unique soil stiffness profile that 

changed as lateral displacement demands increased. As such, two analytical models were 

developed, that is, one representative of laboratory conditions, and another one characteristic 

of free-field conditions. The only difference between these two analytical models was on the 

formulation of the p-y curve analysis utilized to determine properties of the non- linear soil 

springs. This means that characterization of the pile-column elements was not altered 

between both analytical models. 

Since this study is focused on the performance of RCFSTs embedded in soil, the 

analytical model was developed based upon the observed behavior and response of the 

tested specimens. This means that the analytical model was calibrated and validated based 

on the premise that if the laboratory experiments were replicated, then characterization of 

the pile specimens was adequate, which means that the non-linear behavior of the pile 

specimens was properly captured. Then, the same analytical model was used to develop the 

analytical model representative of free-field conditions, with the exception that the new 
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model would use p-y curve formulations that are accepted by the engineering community, 

and currently used in design practice. 

The proposed equivalent cantilever plastic hinge model presented in previous 

sections of this chapter was developed for a uniform layer of sand or clay. The API (1993) 

approach in combination with the Reese and Van Impe (2011) model were selected to 

develop p-y curves for sand, while the Matlock (1970) model was selected to develop p-y 

curves for clay. These p-y curve models have been validated by other authors based upon 

results of laboratory and field experiments (e.g., Wilson, 1998; Boulanger et al., 1999; Chai 

and Hutchinson, 2002; Suleiman et al., 2006), where issues related to boundary conditions 

or pile rigid body rotation were not observed. Moreover, these p-y curve models are widely 

used for soil-structure interaction problems (e.g., Curras et al., 2001; Song et al., 2005; Chai 

and Song, 2012; Chang and Hutchinson, 2013; Sritharan et al., 2007; Suarez and Kowalsky, 

2007; Wotherspoon et al., 2010). 

7.3.3. Modeling Approach and Implications 

The developed FE analytical model utilized a fiber-based section approach in 

combination with force-based non- linear beam-column elements to capture the non- linear 

behavior of RCFST shafts. This modeling approach allows for accurate representation of the 

structural response in terms of displacement, strain, and spread of plasticity. However, 

complex physical phenomena as represented by tube or bar buckling cannot be capture by 

such a model. Recommendations presented in this study rely on tensile strains to determine 

displacements at a prescribed limit state. For pinned-head RCFST shafts, whose 
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performance is controlled by inground plastic hinges, recommended strain limits at onset of 

tube buckling or fracture are based upon experimental observations of RCFST specimens 

tested in the air (e.g., Park et al., 1983; Marson and Bruneau, 2004; Brown et al., 2015). For 

fixed-head RCFTS shaft, on the other hand, whose performance is controlled by top plastic 

hinges, recommended strain limits at onset of bar buckling or fracture were adopted from 

the POLA Seismic Code (2010) as the values seems to be appropriate based on experimental 

results recently conducted at NC State University (Montejo et al., 2012). 

It is important to note that the analytical model does not account for uncertainties in 

the soil properties. This means that each simulation was conducted for prescribed 

parameters of soil stiffness and strength. As such, the proposed equivalent cantilever plastic 

hinge model does not account for soil variability. However, the method can be used for 

calculations at various levels of soil stiffness and strength, if needed, though a detailed FE 

analytical model should be developed to account for soil variability. This is usually 

considered through p-y curve multipliers, whose purpose is to alter the ultimate soil pressure 

and initial stiffness of p-y curves, respectively. Some studies suggest that p-y curve 

multipliers can vary within 0.5 and 2.0 when considering soil variability (Curras et al., 

2001). This means that both ultimate force and initial stiffness can vary between half and 

twice the nominal values of p-y curve definitions. 
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CHAPTER 8 

8. CONCLUSIONS 

8.1. Summary 

The research project described in this document aimed to study the effects of soil 

stiffness into performance of reinforced concrete filled steel tube (RCFST) pile-columns 

with a pinned-head condition, that is, a soil-pile-column system that utilizes RCFST 

elements which due to seismic demands develop a plastic hinge below ground. 

As such, this study included experimental and analytical studies that considered three 

main parameters: (1) the diameter-to-thickness (D/t) ratio, (2) the aboveground length-to-

diameter ratio (La/D), and the soil stiffness. The experimental program consisted of cyclic 

experimentation on twelve half-scale RCFST pile-columns embedded into clean sand at the 

soil-structure interaction (SSI) facility at North Carolina State University.  Cyclic lateral 

loading was applied to the specimens using a hydraulic actuator that was pin-connected to 

the specimen head, effectively creating a pinned-head condition, thereby ensuring plastic 

deformations to occur below ground. Steel tubes with outer diameter of either 12 in. or 

12.75 in. were utilized in combination with thickness values such that D/t ratios of 48, 68, 

and 95 were considered, along with aboveground lengths of either 5.5D or 7.5D; where D 

represents the outer diameter of the steel tube. A “soil-sandwich” approach was devised as a 

soil surcharge system that was used for altering the effective soil stiffness. Such system 
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allowed to increase the soil stiffness by increasing the confinement in the soil surrounding 

the specimens. 

In addition to the experiments described above, analytical studies were conducted on 

both pinned-head and fixed-head RCFST shafts. For that purpose, a detailed finite element 

(FE) analytical model was developed using OpenSees (McKenna et al., 2000). The 

modeling approach consisted of distributed plasticity non- linear elements, representing the 

RCFST pile-column elements, embedded into a uniform soil layer of either sand or clay; 

non- linear soil springs were implemented to characterize the soil behavior. Variables for the 

analytical study included the same variables of the experimenta l program, in addition to 

three levels of axial load ratio (5%, 10%, and 15%) and three levels of soil stiffness 

(flexible, medium, and stiff). Regarding the latter, friction angles of 30°, 35°, and 40° were 

considered for sand, while for clay, undrained shear strengths of 12 kPa, 36 kPa, and 72 kPa 

were utilized. 

Using results of the analytical and experimental studies, an equivalent cantilever 

plastic hinge model was developed for pinned-head and fixed-head RCFST shafts. The main 

feature of the proposed model is that it relates strain with displacements. The model is 

intended to be used for calculation of the displacement capacity of the system at a prescribed 

limit state, or for determination of the design displacement if a displacement-based design 

approach is implemented. The model accounts for soil flexibility and includes consistent 

definitions of equivalent plastic hinge lengths for each soil type. Moreover, system 

equivalent viscous damping models are also provided. The main conclusions of this study 

are summarized next for pinned-head and fixed head shafts. 
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8.2. Pinned-Head RCFST Shafts 

• The inelastic behavior of pinned-head RCFST shaft is controlled by a plastic hinge that 

develops inground. The observed failure mechanism was consistent with that reported in 

past research (e.g., González-Román et al., 2008; Brown et al., 2015). This mechanism 

consisted of ripples forming at the extreme tension and compression fibers, followed by 

onset of tube local buckling as the curvature demands increases. Tube local buckling 

continues to increase with repeated compression cycles, which causes the strength of 

such sections to weaken up until a reversal cycle (tension) that causes tube fracture at a 

tensile strain of 2.5%. 

• A characteristic feature was observed during Test 3 and Test 4, in the set of specimens 

with D/t = 95*. It was found that the tubes used in those tests were welded only on the 

outside surface with a partial joint penetration detail. Thus, the failure mechanism of 

those specimens was characterized by fracture along the tube spiral weld at low 

displacement demands, namely, ductility 1.5 (μ1.5). The steel tubes used in the remaining 

tests were indeed welded on both inside and outside surfaces (provided with complete 

joint penetration welds) and the main buckles as well as tube fracture did not occur over 

the spiral weld, so the tube spiral welds do not appear to negatively influence the 

behavior of those specimens. Therefore, it was concluded that spirally-welded tubes with 

a partial joint penetration weld process must be avoided as the performance is negatively 

influenced, resulting in low displacement capacities and modifying the failure mode. 

• The tested RCFST specimens showed a stable top lateral force vs. displacement 

response, including those corresponding to the thin-wall tubes (i.e., large D/t ratios), in 
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which it is believed onset of tube local buckling initiated at low displacement ductility 

levels, yet the response was stable and reliable up until all cycles of ductility 3 (μ3). The 

specimens with low D/t ratios (thick-wall tubes) showed a stable and reliable force-

displacement response up until all cycles of ductility 4 (μ4). Moreover, it was found that 

the D/t ratio affects the strength of the system with a minor impact on the system 

stiffness. The aboveground length and soil stiffness, on the other hand, do have a 

significant impact, inducing 21% higher and 31% lower elastic stiffness values for the 

for the change in soil stiffness (surcharge = 960 psf) and the change in the aboveground 

length (La/D = 7.5), respectively, when compared to tests using pristine soil conditions 

and La/D = 5.5. These observations were further validated upon comparison with the 

analytical studies, which confirmed that the most important variable is the La/D ratio. I t 

was found that for La/D = 12 the system strength and displacement capacity are half and 

twice, respectively, that of a system with La/D = 4. 

• The depth to the plastic hinge is mostly impacted by the La/D ratio and effective soil 

stiffness. The D/t ratio showed to have a minor impact on this parameter. Average 

depths to the plastic hinge of 2.9 D and 2.4 D were found for the pristine soil conditions 

and for the stiffer soil condition (i.e., soil surcharge = 960 psf), respectively; D 

represents the outer diameter of the steel tube. These results were validated upon results 

of the analytical study, which suggested that depending upon the soil type, stiffness, and 

aspect ratio (La/D), the system can develop a plastic hinge within 2D and 5D from the 

soil surface for sand, and within 2D and 10D from the soil surface for clay; D represents 

the shaft diameter. 
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• It was found that the D/t ratio and the above-ground length parameters have a minor 

impact on the hysteretic equivalent viscous damping (EVD); the effective soil stiffness 

appears to have a larger impact. From experimental observations, the contribution of the 

soil appears to increase the total EVD of the RCFST specimens within 1% and 3%. This 

observation was also made from the analytical studies. A revised version of the model 

proposed by Brown et al., (2015) was suggested. The proposed model assumes a bilinear 

contribution of the soil into the total EVD. Based on this model and the results observed 

at ductility 1 (μ1), it is suggested that a total EVD of 8% and 9% can be reasonably 

assumed when performing elastic response spectrum analysis (RSA) of RCFST pile-

column shafts embedded in sand and clay, respectively. 

• Regarding strain limit states, based upon experimental results, it was found that the 

tensile strain prior tube fracture was consistent with the limit previously reported by 

Brown et al. (2015), namely, 2.5%. Only three out of the nine considered test results 

were below this limit, though close to it. For the specimens with a stiffer soil profile and 

D/t ratios of 68 and 95, tensile strains prior tube fracture of 2.3% and 2.4% were found, 

respectively. At a D/t ratio of 95, the specimen with pristine soil conditions showed a 

tensile strain of 2.1%. Moreover, all specimens with D/t =48 showed strains higher than 

2.5%. 

8.3. Fixed-Head RCFST Shafts 

• The inelastic behavior of fixed-head RCFT shafts is controlled by a plastic hinge that 

develops aboveground at the column-cap beam interface. While an inground plastic 
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hinge can be potentially developed, it would only occur at large levels of deformation of 

the top plastic hinge, where issues related to structural stability may be of concern. This 

behavior makes that the displacement capacity of the system is rather in the low-to-

moderate range of displacements, depending upon the aboveground length-to-diameter 

(La/D) ratio. 

• Based on analytical results, the system showed a reliable and stable top lateral force vs. 

displacement response up to ductility 4 (μ4). At this level of deformation, the inground 

hinge is at onset of yielding, while the top plastic hinge exhibits ultimate conditions. 

Moreover, the force vs. displacement response is influenced by the top plastic hinge and 

the flexural stiffness of the pile-column below, making the system behave as a hybrid 

system since the flexural stiffness depends corresponds to an RC section confined by a 

steel tube at the top, and to and RCFST below the top hinge, where the flexural stiffness 

is mostly provided by the steel tube. Furthermore, it was observed that the D/t ratio and 

the soil stiffness have a minor impact on the system response, whereas the La/D ratio has 

a significant impact on both the system strength and displacement capacity. For large 

La/D ratios, moment and curvature gradients decrease, thus reducing strain and 

increasing the displacement capacity. 

• In terms of the system equivalent viscous damping (EVD), since the system response is 

influence by the distribution of flexural stiffness along the length of the pile-column, the 

system exhibited a linear increase in system EVD as a function of ductility. Moreover, it 

was observed that the energy dissipated was smaller than that of a typical RC bridge 

column. This is related to the distribution of flexural stiffness. Although the top plastic 
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hinge develops damage, that is not the case of the remaining length of the pile-column, 

thus the overall energy dissipated is small. 

• Regarding performance limit states, this study adopted recommendations provided in the 

POLA Seismic Code (2010) as they seem appropriate based on the experimental data 

reported by (i.e., Montejo et al., 2009; Montejo et al., 2012). In short, these limits 

include serviceability, damage control, and ultimate limit states that are defined based on 

tensile strain limits of 1.5%, 6% or 0.6εsm (whichever is smaller), and 8% or 0.08εsm 

(whichever is smaller), respectively, where εsm is the strain corresponding to maximum 

stress of the longitudinal reinforcement. 

8.4. Future Research 

The pinned-head and fixed-head RCFST shafts studied in the research described in 

this document were subjected to standard single-set and three-cycle set intended to evaluate 

both elastic and inelastic behavior of the specimens. Additional analytical studies must be 

performed to verify the design recommendations, and to study the effects of loading history. 

Moreover, while this research considered the impact of the soil stiffness, it did not include 

the effects of layered soil profiles, nor the effect of soil profiles that include layers with 

potential for soil liquefaction. The analytical studies presented in this document could be 

expanded to include such effects. 

Recommendations and conclusions related to fixed-head RCFST shafts were 

developed based on results from analytical studies only. Experimental studies must be 

performed to verify the behavior of this system and performance limit states described 
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earlier. Of interest is the conclusion that the system would develop yielding of the inground 

plastic hinge when the top plastic hinge reaches its ultimate limit state. While this is 

beneficial in the sense that damage will occur only at the top hinge, it was found that it can 

occur at low-to-moderate levels of displacement. As such, experimental studies should be 

conducted to determine appropriate strain limits of the top plastic hinge at damage control 

and ultimate limit states. It is worth noting that these limits are affected by the confinement 

provided by the steel tube, and that provided by the connection with the cap beam. 

Furthermore, such experimental studies would also help to validate recommendations 

regarding the system equivalent viscous damping for fixed-head shafts. 

As previously mentioned, the proposed equivalent cantilever plastic hinge model 

allows for calculating the displacement capacity, or design displacement for DDBD, of 

pinned-head and fixed-head RCFST shafts. The feasibility of using parameters such as the 

effective length could be studied to determine if they are appropriate for simplified 

modeling approaches in bridge design. This means that instead of modeling a bridge bent 

including soil-structure interaction, it could be examined if an equivalent fixed-base 

approach is appropriate in terms of modeling of pile-columns, where the properties of such 

equivalent elements could be determined from the proposed method. 
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