ABSTRACT

KRESS, JEREMYGIFFORD. An Investigatiorinto Soil-Structure Interaction Problem
using Discrete Element Metho@Under the direction of Dr. T. Matthew Evans.)

The purpose of this work is fnvestigate new techniques for predicting behavior
in Soil-Structure Interaction (SSI) problemd&he response of soil under a given load
may be described by interface micromechani€be approach selected for this study is
the discrete element method (DEMh order to apply thismethodto typical SSI
problems the bulknaterialparametes of the granular assembére estimated One way
to determine thisnformation & via strength test simulatiossach as biaxial compression.
Biaxial compressioriest performed in this studgstimateinternal friction angle, elastic
modul us, and Poi the expebted in-gita tange for wiénseh sand.
Specifically, internal friction angle is computed 28 6° for critical state and 32.5° for
peak state. The elastic modulus@mpute over an initial strain rangandvaries from
approximately 12MPa to 25MPa farseries otonfining stress levelsin this study the
12MPa value is usedor comparison toanalytical solutionsas it is the worst case
modulusproducingthe largest strainsAlsoth e Poi ssonds r atlB6o i s
for all confining streskevels

Extensive parametric analyses are perforrtedletermine the optimum model
dimensionsizes, foundation friction, and loading rateThe optimum model parameters
are determined by measured load response, qualitative evaluation of grain rotations
figures, force chain propagationas well adocal stress tensor and coordination number
fields. For most cases the baseloc@ditionsshowthat the DEM simulation response

may be reasonably compared with traditional analytical solutions
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Furthermore, in this study tHeEM is employed to predict load response in several SSI
caseswhich include shallow foundationyertical loading of pilefoundation, lateral
loading of pile foundation, and rigid retaining waluring loading omponent reaction
forces are measured along all model and fouodatalls. Resultingare comparedto
analytical solutionsn terms ofsettlement, mobilization, and failureThe difference
between DEMsimulation resultsand analytical solutions vary, but overall shallow
foundation, laterally loaded deep foundation, aigidrretaining wallshow promising
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1. INTRODUCTION

1.1 Introduction

Basic material propertiesf foundationssuch as surface roughness and surface
geometry control a great deal of the behavior of adjacentnsssduringloading. From
simple sheatab testsUesugi and Kishida (1986a) shdhat for several dry sand types
the failure mechanism begimgongthe foundation surfacat low roughnesand moves
to the soil mass at high roughness. Jensen (1999) showed that a simple interface shear
test could be modeled in two dimensions using DEBuring initial studies, isnple
geometry(i.e., sawtooth)proved sufficient to capturethe basic effect ofoundation
surfaceroughness. Results described herein show that the interface shear test using DEM
reasonably captures experimental results of Uesugi and Kishida (1986a). Hence this
approach proves to be an attractimeans to furthedevelopsoil structure interaction
models to predict soil responsehese models arespecially useful in, for examplan
extraterrestrial environmentvhere local conditions are not readily reproducible and load
testing & unreasonable Throughout the development of DEM one recurring problem is
encountered: excessive particle rotatjoas described by Bardet (1994)A simple
solution pursued by many investigatois the definition of particle clumps or groups
which not only reduce egssive rotations, but also capture more realistic grain geometry.

In order to apply this model to typical SSI problems the Ingkerialparameters

of the granular assembly should tetermined One way to extract this information is



via numericalstrength tess, specifically biaxial compressiomests Biaxial compression

tests are shown herein to predict internal
ratio within expected ranges for dense sahdorder toreducecomputationakost the

two dimensional DEM model is employed which acts in only one particle unit in the third
dimension. This dimension length is taken to kg tD for comparison withanalytical

solutions.

The typical simulation process for generating and loadingDE® simuldion
involves assemblpf the grain space within predesignaddel wals, consolidation and
decompressiomwf the granular assemblynstallation offoundationstructure, additional
cycling and instructionsand the final step ofoading and deformatiorof the model
Loadingis typically haltedwhen the grain rotations show that major shear bands have
developedandreached critical stateFinally soil response is measwrand results are
saved. Note that before final results of the DEM simulation mayféor SSI casean
extensive parametric analysis is made to evaluate the effseteral crucial parameters:
model dimension size (i.emodel height and width), interface surface roughneswd
loading rate, all of which angresented in Chapter 4.

This thesis is organized in the following manner:

Chapter 2 reviews traditional theory for typically SSI cases: shdtowdation
deepfoundation rigid retainingwall, strength analysisf granular medigthe history and

development oDEM, andtheory & well as analysis aéxtraterrestriasoil. Emphasis is



placed on interface shear testing and development of the DEM for strength testing with
implications to SSI

Chapter 3 describematerial grain propertieand results of strength tests using
DEM to estimate the bulknaterialparameters governinmgsponse ofranularsoil under
various loading conditions applicable to all SSI simulation cases;

Chapter 4 presents SSI simulation setup, -ldiaglacement reswlf and micro
scale physics such as: grain rotations, force chains, stress tendarsgasurement field
informationfor all SSI simulation cases;

Chapter 5 reiterate®EM load-displacementesults forall cases andigorously
compares DEM simulation ressiftvith traditional analytical solutions.

Chapter6 summarizes the main conclusions of the current work @osides
recommendations for future study.

Reference and appendices are provided at the end of this thesis.



2. LITERATURE REVIEW

2.1 Introduction

Microscale mechanics dominate ssiitucture interaction (SSI) for geo
applications including shallow foundations, deep foundations, rigid retaining structures,
and insitu testing (e.g., cone penetrometer). Surface roughness controls shear strength at
the soilstructure interface in large part by directivity of forces at particle contacts.
Surface roughness controls whether the soil failure occurs along the interface or in the
soil mass. This underlying influence exists in many SSI cases, and is aypaspact of
the utility of micromechanical perspective favored in #tisdy Over the past several
decadesnumerous investigatorbave used numerical simulatiorfe.g., the discrete
element methgdo explore the details and implications of the micronaggcal behavior.

DEM also has the ability simulate more extreme extraterrestrial environments such as
lunar regolith or Martian surface with relatively small modifications since underlying
physics at the grain scale is understood to operate in a sifaghion under such
conditions. Close agreemel¢tween DEM resultdraditional theoryand experiment
highlight the effectiveness of applying simple fedisplacement relations to soil

elements.



2.2 Interface Shear

2.2.1 Interface Surface Roughness

During loading, the surface roughness influences directivity of force chains,
evolution of particle rotations, and subsequent formation of shear bands in soil fabric
playing a key role in the mechanism of soil failure mode for typical SSI cases (Wang
20070. This is illustrated by upper and lower bound cases where smooth surface will
likely cause shearing along ssiructure interface while rough surface will likely cause
failure to occur deeper in the soil mass (Uesugi and Kishida 1986a). High surface
roughness is useful in certain geotechnical applications such as resisting interface slip of
pile walls in deep foundations. It should also be noted that there are cases where low
surface roughness is desirable, such as boring asitlitesting.

In the past few decades a significant effort has been made to provide an explicit
description of surface roughness for use in soil mechanics and geotechnical engineering
by many investigators (Yoshimi and Kishida 1981 ; Uesugi and Kishida 1986 ; Kishida
and Uesugl1987) and more recently (Abdthakra and Tuzun 1999 ; Dejong et al. 2002
Frost et al. 2002 ; Jensen et al. 2001; Wang et al. 2007ab). Initial studies evaluate
interface shear tests using dry sand for a range in surface routgwedsd ater studies
use DEM simulations to explain soil failure in terms of the roughdefagition used in
testsby early investigators

Yoshimi and Kishida (1981) provide a simple initial quantification of steel

surface roughness at sasigel interface bgxperimental assessment of friction for three



types of sand with three metal surfaces. Their initial investigation highlights the
advantages of tests by a ring torsion apparatus, which is less widely performed yet
providessignificant advantages over @ict shear and simple shear test such as infinite
displacement and minimization of boundary effects. Container boundppésdin the

direct shear test are known to exert an unequal distribution of shearing strains and
stresses on the soil sample. Whittion activated in the direction of direct shear
displacement is also shown to disrupt the natural shear surface evolution (Yoshimi and
Kishida 1982). I ni ti al ring torsion tests
510em (wher e €&leasmthe minimdne satue expected in typical field
applications) showing shear strength is practically unaffected for a displacement up to
1.5%of the height of the sand specimen. Beyond 1.5% an increase in surface roughness

begins to control the coeffiai of friction (¢,/ ), typically monotonically increasing

for tests in dry sand.
Yoshimi initially quantifies surface roughneRg.xas the maximum difference in

the profile (i.e., maximum elevation change) along the continuum ialagarface.

n

Ry = a1 h (2.)

i=
whereh values are averaged asperity heights for sections along the surface profile of
specific gage lengtl., which is essentially a sampling length for the measurement of

maximum elevation difference. The gage length used by Yoshimi and Kishida (1981) is



2.5mm however this value is later revised by Kishida and Uesugi (1987) to 50% of the
mean diameter of sand (i.e.,sg0 This normalized roughness ratio provides more
consistent quantification for a steel surface roughness.

Additional results show that reie¢ density variations from 40% to 90% have
little effect on the coefficient of interface friction in dry sand for surface materials: steel,
wood, and concrete. This is reasonable because relative density will often govern shear
strength of the soil in #ghsand mass, but in the case of sste@l interface strength, the
influence of relative density at gragtale contacts is minimal. The type of sand used in
interface tests (selected by void ratio, size distribution, water content, and grain shape)
showssome change in coefficient of interface friction with respect to angularity of the
grains, however it was discovered by Uesugi and Kishida (1986a) in subsequent interface
shear tests that the weak influence of grain type may be due to error in the sample
preparation, whereby grains did not fully occupying spaces in the rough surface. They
argue that if sand is properly pulviated into the rough surface, then grain type has a
significant influence over the coefficient of interface friction. Occupatiorandl grains
in the surface profile valley is aided laypolysizegrain size distribution, since smaller
particles are likely to fill the gaps. Experiments performed by ABbakra and Tuzun
(1999a) using direct shear apparatus highlight the effect of méréeérogeneous particle
mixtures of distinct size and roughness on coefficient of interface friction.

According to basic theories from soil mechanics (Lambe and Whitman 1969) a

relatively smooth surface has an internal friction angle for the soil ¢gubé particle



continuum interface friction anglelhis leads to an important feature found for the upper
bound with regard to interface shear strength: as increasing surface roughness causes the
shear strength to approach an asymptotic limit, it wabtletically reach a friction angle
approximately equal to the angle of internal friction in the soil mass. Additionally
Yajima et al. (1984) argues that beyond a critical roughness the failure will remain in the
bulk soil. This is supported by Yoshimitests for rough steeRfax= 51 0&e m) wher e t
internal soil friction angle is found to be only a few degrees less than the contact friction
angle of the steedand interface.

To give some basis for real physical roughness values found in the fieldnosh
and Kishida (1982) reference surface roughness for construction materials at 105kPa
normal stress: 10em to 20egm for steel, 25&m
concrete. A ring torsion test performed on common rounded sand (i.e., Toyoura sand)
measured coefficients of interface friction invariant to normal stresses ranging from
51kPa to 158kPa. -sReispudl tfse astRepneesd mivsiuntiednkt at
dilation atRnax> 220 €& m. Radi ographical o-lmetad r vati on
interface on the order of 0.1mm to 4.0mm for the majority of test results. A distinct
decrease in slope of peak friction angle at
transition of failure mechanism to the sand mass, although this is not mentiothed in

study. Importantly, it is noted that the coefficient of frictian { §) is independent of

the normal stress (i.e., confining stress) for the range tested between 51kPa and 158kPa.



Hence for interface shear tests the normal stress isegessaryo investigatethe effect
of surface roughness on shear failure mechanism.

Interface shear tests performed by Uesugi and Kishida (1986b) using a simple
shear apparatus showed primary festwontrolling the coefficient of interface friction (

=t/ <) are the grain size (i.eDsg) and sand type (i.e., grain roundness). Results are

given from two testsa simple sheaapparatugomposed of a stack of aluminum frames
which allow for sheardeformation in the sand mass, and rigid shear box resisting
deformation in the sand sample. The total displacement is defined as position change
between the bottom plate and the top plate. The interface metal surface is roughened by
various machining methods. The surface is cut normal to the direction of sample
deformation. A 98kPa normal load is applied to the top of the sample and deformation is
measured until shear failure occurs.

Preliminary tests (Uesugi and Kishida 198&&) performed for th®, range from
84% to 93%, sulbounded grain type Toyoura sand, and stei#h Ryax ranging from
3.5em to 1 @®stsnat mofeypnredsé reughness gage length are found to match
well with Yoshimi and Kishida (1981) for coefficient fsiction € versis roughness data.
Additionally a gage lengthof 0.2mm (significantly smaller than gage length used by
Yoshimi) is found to be more closely correlated iRt

Further tests by Uesugi and Kishida (1986b) feature an experimental design

method (i.e., orthogonal array table) whereby every combination possible is tested for



two sand types, two steel roughness values
(again simple shear and shear box), and Idrsizes (ranging 0.16mm to 1.82mmo)

evaluate interface shear test using basic parametric analysis. Results from the
experimental design method shdd¢, had a significant impact on the coefficient of
interface friction while the uniformity coefficient, normal stresbereas théype oftest

(i.e., direct shear or simple shehgd little impact on the coefficient of friction. Normal

stress is shown to influence the sliding displacement during testing but under a certain
threshold it is negligible. Uesugi argues roughri@gsover agiven gage length is better

correlated with coefficient of interface friction when normalizedgyas

— R
R = o (2.2)

whereR ., is defined in Equation 2.1 aridk, is the particle diameter at 50% finer of the

grain size distribution (i.e., cumulative distribution) pldthe critical roughness at which

failure mechanism transitions from surface interface to internal soil strength, odgurs at

of approximately 0.075 (unitless). Uesugi goes on to formulate a quantitative prediction
of the coefficient of interface friction based on the normalized roughness and the

modified roundness of sand patrticles.
1 :
m:E(A B R) (2.3)

whereR is a measure of the roundness of the average sand grain (i.e., for a perfect sphere

R = 1.0), andA and B are constants describing the adhesive shear resistance at

10



microscopic interface, which are correlated to the sand type, steel type, and surface
conditions (i.e., dry, wet, lubricated, etc). Theoretically, this adhesion would cause some
friction to exist even if the metal surface is infinitely smooth. Uesugclodes that
backcalculated valuesA=0.07 andB=0.9 used to estimate coefficient of friction
showed good agreement using simple shear and shear box apparatus.

DeJong et al. (2002) argues quantification of interfacghness by Uesugi and
Kishida (1986b) is not detailed enough to properly characterize local peaks and valleys in
the surface profile. Assuming particle diameter is larger than the width across the surface
profile valley, Dejong argues an idealized detpath exaggerates peaks and suppresses
valleys in the surface profile. The particle path is similar to agass filter, minimizing
the valleys in the surface and smoothing sharp edges in peaks. Gaussian and sharp cutoff
filters are employed to compe to the path of particle centroid along the profile
geometry. Note that Gaussian and sharp filters are symmetric with respect to peaks and
valleys in the surface profile, so the unique effects of particles traversing the surface are
lost in both cases.

DeJdJong plots sever al measures Ryfkassurf ace
well as ASME Standard B.461 average roughrigsand average slopB, as

L

R = fiZ( 3]dx (2.4)
p, =t AdZly, (2.5)
L ,rdx
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for sample lengthL and absolute value height Z of material above a reference mean
elevation axis. Roughness values are given for a theoretical surface using these and
several other parameters for particle diameter up to 20mm. For a theoretical surface

profile with one vallg and one peak, botR, and D, are shown to diminish the effect of

the valley for the calculation of surface roughness with increasing particle §tzs.
highlights the effect of valleys versus peaks in the surface profile geometry, which is not
considered in Uesugib6s commonly used measure

In addition to theoretical results, real physical experiments are performed by
Dejong onHDPE geomembrane, tooled steel, and rough finished concrete for a range of
particle diameter up to 5mm. HDPE geomembrane and tooled steel show a more
dramatic effect in the difference of surface roughness with increasing particle size for
both R, a n d, wbereas the rough finished concrete show similar trends in surface
roughness irrespective of measurement type. The valley versus peak effect is also more
dramatic in materials with irregular surfaces, as shown in trends of particle path
compared to Gaussi and sharp cutoff filters of the surface profile. In summary, a more
accurate measure of surface roughness is found to be the particle path along the surface
profile (i.e., centroid trace method) since it captures local feature, although it is still not
clear whether a single best surface roughness parameter exists.

Frost et al. (2002) gives additional physical description of the interface surface

profile via a combination of experiment and DEM. The experiment consists of surface
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profil omet eter ba(l @} Brinal haaness test (with results presented for a
19.0mm sphere indented into continuum material at 250 kgf), and interface shear for two
sand types: Ottawa ZB0 and Valdosta blasting sand. A DEM interface friction
simulation considers® 3-grain clusters under 100kPa normal stress. The model is
sheared at constant velocity 1.0mm/sec for 10.0mm. Hardness is modeled by changing
the surface friction coefficient. Specifically, the softer surface is modeled with higher
coefficient of friciton which is intended to represent the plowing friction plastic
mechanism. Note that DEM is quite useful in revealing individual grain displacements
and rotations. Individual grain displacements and rotations are tracked in physical
experiment by Uesugit al. (1988) on a rough surface interface. Results of profilometer

tests showR, | ower bound O0.336em for hardened stee

concrete. Overall it is shown that the normal load, particle angularity,Dascll

influence interface shear strength.

2.2.2 Interface Shear Test Comparisons and Test Simulations

Kishida and Uesugi (1987) compare several interface shear tests: simple shear,

direct shear, and ring torsion tests at ssie@l interface in termsf coefficient of
interface frictione (i.e., maximunt/ <) with normalized roughness fact®may/Dso.

Ring torsion is summarized from previous studies (Yoshimi and Kishida 1981) as a more
delicate test with a number of advantages of conventional interface tests, including the

boundary error affecting the stress distribution and the infinite interfagacsu(i.e.,

13



infinite displacement range). Simple shear tests tends to exhibiimfmmm error in

stress distributions, but are more informative in terms of unique displacement
measurements at various elevations than displacements measured by darezhdhang

torsion. Conceptually the simple shear test can be conceived as a modified version of the
direct shear test, whereby side walls are discretized so displacement may be measured
along many elevation profiles in the soil. For instance, shearitige bulk sand mass
above the sandteel interface may be correctly measured in the test, as well as
displacement occurring solely in the bulk sand mass. The simple shear apparatus
accomplishes this by slicing the container into a stack of aluminutasplaach with
identical cutouts containing the sand mass. The bottom plate below the shearing surface
is allowed to slide on low friction Teflon plates. Kishida notes that a correction factor is
needed to account for the friction generated by theomgdlates underneath the shearing
apparatus. As the test begins, tangential load is gradually increased on the bottom plate
until constant sliding is observed at 1mm/sec. Again note displacement may be correctly
accounted for along the sastkel interfae and the sand mass, which is not possible in
direct shear test.

Overallthe direct shear is the most simple to operate and obtain results, but does
not give enough information regarding local displacements and hence is only valid to
compute the coeffient of friction. Additionally, failure type cannot be readily
determined in the direct shear test, whether by interface slip or shear failure in the sand

mass. Ring torsion is useful because of its infinite displacement track, but is error prone
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without a great deal of experience and training. Advantages of the simple shear
apparatus are also highlighted by Uesugi et al. (1988) to explore detailed microfeatures
involved in slip at the sarsteel interface and the shear failure in the bulk sand mass such
as emergent behavior caused particle displacements and rotations useg X
photography. Horizontal translation dominates at low surface roughness corresponding
to slip at sanesteel interface, while shear zone is distinctly located in sand mass for the
case of rough interface corresponding to inclined sliding and rotating grain movements.
Kishida returns to the problem of quantification of surface roughRegsas
described previously by Yoshimi and Kishida (198&jinedas the maximum difference
in elevation over a certain gage lengtfi.e., sampling lengthy value of2.5mm for dry
sand. The challenge tetermineRnyax lies in the definition ofL and orientation of
reference axis. Toyoura sand wilz, from 0.55mm to 0.62mm are pulviated dret

steel interface surface of the shear apparatus. Test results show little efféct rom

surface roughness as a function of displacement in the bulk sand mass. Reduction in the
gage length to 50% dDsp will only affect roughness cases where inclination surfaces
along the interface contain relatively flat regions longer than the particle diameters.
Kishida concludes there is satisfactory agreement between shear strength and coefficient
of friction for arange of normalized roughness for direct shear, simple shear, and ring
torsion tests using the modified roughness meaRw#Dso. It is of additional note that

although the work described so far explains various interface testing methods and to
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some @gree the effect of grain properties such as angularity and qualitative estimations
of roughness, but unfortunately distinct binary mixtures are not addressed. This leaves
many questions regarding distinct binary mixture effect on the interface strehgth o
sample. The reader is referredAbou-Chakra and Tuzun (1999)r a description of
gualitative trends given rough or smooth fines in binary mixtures used in direct shear
tests.

Jensen et al. (1999) addresske common excessive rotatiggmoblem found
using DEM by grouping individual disks in to cluster groups. Clusters allow for high
granular strength and interlocking behavior characteristic of real physical sand. Each
cluster essentially acts as an irreglyt shaped particle with additional mass and inertia
equal to the sum of constituent particle disks. Clusteayg evaluatedusing Interface
Shear Test for a range of surface roughness. Surface roughness is used as previously
described by other investigas, whereR  is essentially defined as the maximum
elevation change in a gage length, averaged over all gage lengths. Jensen defined the
inter-particle and particlevall coefficient of friction to be 0.4 and normal and shear
contad stiffness7.5 x 16 force units per unit length (instead of Sl units). Interface shear
test cases include 1000 single particle and 3000 3 grain clusters at sawtooth period four
times grain diameter=4D,2D,0.D, with normal stresses  tested range froms.0 x
10" to 20 x 10 in units of stressJensen notes particles touching top surface are glued so

they have no rotation or displacement to try to force any shear surface near the top wall to
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form in the granula mass and not along the surface. Periodic boundaries are also
imposed. Results show as expected shear stress increase with surface roughness and
confining stress.

Jensen et al. (2001a) conswldre effect ofcluster particle groupings and patrticle
properties: particle shape, angularity, roughness, curvatungerface shear strengihs
angularity increases, particle interlocking and shear strength increase. Also, void ratio
increases with grain roughness and angularity, and decreasing voi¢aases shear
strength increase. Jensen generates a DEM model for 50{péntiede cluster groups of
individual radius 0.173mm (with group diameter 0.75mm to mimic real physical grain
sizes) in a 60.0mm tall by 15.0mm wide model space with periodidbsidiedaries and
rough sawtooth bottom interface. An infaarticle friction coefficient 0.4 is held constant
for all simulations, while the partichall friction angle is tested for friction coefficient
cases: 0.1, 0.2, 0.3, 0.4, 0.5, and 0.6 to captereffiect of surface hardness (0.1 is very
hard with almost no plowing while 0.6 is very soft with excessive frictional plowing).
The effect of grain plowing along continuum interface is shown to increase the peak

secant coefficient of friction (i.etan(d) where dacts the graktontinuum interface).

To capture the surface roughness, Jensen considered variation in number of teeth (i.e.,
width of individual sawtooth) and height of teeth, with sawtooth defined33yangle
inclination. The coefficient measured for initially loose packing case varies from 21.3° to
30.4° and for initially dense packing case from 29.1° to 36.9°, but the study does not

provide a comprehensive theory relating particle shape and oeestfear strength.
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Frost et al. (2002) performed interface shear test ASTM D3080 at displacement
rate 1.0mm/min for a total of 80mm for normal loads ranging from 50 to 300kPa for
Ottawa 2630 and Valdosta blasting sand wh@&sg, is within 0.1mm but the b#ing
sand is significantly more angular. For relatively smooth materials like hardened steel,
the friction angles where significantly lower than the internal friction angle of the sand,
but for rough finished concrete the peak and residual interfadeorriangles where
almost nearly the same as the internal friction angle of the sand. Adthrersional
plot of coefficient of friction with surface roughness and hardness show roughness
dominates, while hardness adds friction to achieve upper bouler.eat low surface
roughness, upper bound changes drastically. Again, results agree that the upper bound
eventually meets the internal friction angle of the sand regardless of hardness.

Wang et al. (2007a) investigates the strain effect of inter$hear using two
dimensional discrete element method (DEM). In this study Wang sets an orthogonal grid
to the particle space so that strain is measured by the displacement of the grid nodes with
respect to local particle displacements and rotations. Shetace profiles include a
range of sizes at irregular random height, periodic spaced sawtooth profile, and a highly
irregular synthetic geomembrane surface. As corroborated by Uesgui and Kishida
(1986a) as well as other investigators, Wang notes thet diteear test is subject to
undesired boundary effects, especially in corners. A correction is proposed to minimized
the boundary effect by increasing model size adding smooth interface surface on either

side of sawtooth (roughly 20Rsg). This frictioress surface prevents stress buifdin
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the corners and side walls since particle movement is increasingly unaffected by surface
roughness approaching the boundary. Particle translations from simulation data are
plotted and match well with laboratory dafWestgate and DeJong 2006), wherelQy R

a n d, asedescribed previously, are employed to compare surface roughness from
simulation to that measured separately by experiment.

Wang goes on to measure the local strain state at several points in the stress
displacement plot including pqgeak, peak, and critical state. Shear bands form in an
area concentrated in a mound directly above the rough surface up to roughly 8 to10 times
Dsp at peak shear strength. Slope of shear bands are not exactly symmetripeskpre
due to local strain differences between the right and left side which are controlled by the
direction of interface wall displacement. A dominant local shear bandsenaal to
form directly along the interface prior to failure. The effect of varied surface roughness is
simulated, including periodic sawtooth surfaces and irregular surfaces. Smootieer
homogeneous shear bands form for periodic surfaces (i.e., sawtodite). In irregular
surfaces, regions with sudden high jagged peaks correspond to shear band regions with
greater thickness in the soil mass. Smooth breaks in the irregular surface feature shear
bands too, but these are thin and located along thefané surface, and do not extend
upward into the soil mass. Overall, Wang notes that regular surfaces tend to generate
higher shear stress while irregular surfaces tend to counteract each other and form local

plastic regions which prevent build up to abeshear stress.
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Wang et al. (2007b) goes on to provide a quantitative correlation for shear
strength criterion based on surface roughness. The method computes eigenvectors in the
principle directions from the contact forces at griaterface (Bathurs& Rothenburg
1989 ; Santamarina 2001) surface for two sampled regions: the first region consists of
contacts directly along the rough surface, and another rectangular region 14mm above the
surface. According to Rothenburg the sum of eigenvalues appresirtte¢g mobilized

internal friction angle:

. 1
Sln(frimbilized) = E( ac +an a& (26)
. . _S,- §
fi =21 2.7
Sln( rhob|l|zed) Sl+ % ( )

wheres, and s, are the principle stresses, is the anisotropy in contact orientatiam,
is the anisotropy in normal force, a@adis the anisotropy in shear force. These values are

a function ofparticle displacements, and may be extracted from the Fourier series fit to

the distribution contacts or force components at selected grain pairings as

E()=- g & c62( g .y (28)
2p

N(g)= Nog a co2( g J 2.9)

T(q)= N,ga sbe( g (2.10)

whereE is the number of contacthl is the normal forceT is the shear force, anglis

the angle for a twalimensional system with respect to a reference axis. The orientation
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of interparticle force chain for sawtooth and geomembramfacs dominate in the

direction of s, reaction to the surface profile.
Wang goes on to define the principle directipnas the interface contact normal

determined from the particle centroid path along a sawtooth surface profile as described

previously by DeJong. Then parametgris correlated tog, and g, using DEM,
subsequently relating principle directiogsto g,. This provides a prediction of,
given g, from orly the surface profile geometrifhe resultang, is important since it

approximates the friction angle at interface from the Mobulomb criterion.

Interface shear is a fundamental phenomenon controlling granular material
properties and interface mechanics. &ebr at interface is well studied but limited
applications to soistructure interaction models have been made, particularly using
discrete numerical approach. DEM may be used to capture interface shear behavior such
as surface roughness effects on shialure mechanism.Directivity at particle
continuum contacts is a major factor in the failure mechanism as observed numerically
using strength tests. Direct implications to the effect of soil failure instoitture

interaction models naturally fola

2.3 Shallow Foundations

2.3.1 Bearing Capacity

Bearing capacity was recognized in thé" t@ntury by Rankine (1857) based on

classic earth pressure theory Coulomb (1773) who introduced a method for the derivation
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of the bearing capacity equatiorofin limit equilibrium for cohesionless soils. Early
work by Rankine provides a basis for bearing and settlement theory in"thee&tiry

(e.g., Rankine passive soil zone is implemented by Terzaghi). Subsequently Prandtl
(1920) as referenced in Bowles9@b) developed a theory of plastic equilibrium
analyzing a punching wedge of softer material (i.e., weightless soil) under a rigid base.
The wedge implies a failure surface and slip mechanism and is essentially solved as a
free-body force diagram, achied specifically by the method of characteristics (i.e.; slip

line method). Slip surface geometry are later adopted by Terzaghi, Prandtl to dhtain
and N, bearing coefficients.

Terzaghi (1943) defined theidely used form of the bearing capacity revised

from Prandtl theory for a continuous foundation in two dimensions as

Qult —
A

d. <N, &N, 05BN (2.11)
wherec is cohesionsj is the vertical effective stresg,is the soil selweight, B is the

foundation width, and\;, N,, N are the cohesion, overburden, and soil-selfght

bearing capacity factors respectively. The final form of the classic equation considers the
bearing as a function of three terms: cohesion, foundation loading, and soil self weight.

The self weight factoN,, is still controversial and many more accurate definitions have

been proposed by other researcharsiftroduction irMichalowski 1997givesdetails.
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Assumptions made for the bearing capacity equation inclBdeD (whereD is
depth of embedment), zero base shear (i.e., infinite roughness), homogeneous soil
extending infinitely below foundation (i.efj, ¢, anda constant with depth), applicability
of simplified Coulomb envelopé = gan( i), governing general shear failure mode,
rigid foundation, and requirement that any soil above foundation acts only as surcharge.
Terzaghi defines three zones which may be physically observed as soil fails and
foundation base contact stress approaches ultimate bearing capacity. Failure zones
include an elastic wedge directly beneath the base, Prandtl radial shear zone (log spiral
slip surface or special case circular slip surface for clean cgeagseed soils), and
Rankine passive linear shear zone. The failure surface in the linear zone is extended up
to ground level by Meyerhof (1951) as referenced by Bowles (1996) for cases when
foundation depth is greater than zero. Note that Rankine passive linear zone is oriented at

45 ¥i/2 and log spiral surface depends g8/ $, whereg is the soil unit weightB
is the foundation width, andj is stress applied in the vertical direction.

The bearing capacity equation is qualitatively described as function of soll
parameters which are predominately influenced by peak friction angle and undrained
shear strength, where strength parameters are commonly determined by direct shear test
or Triaxal test. Other contributing factors are soil unit weight, foundation geometry,
and soil compressibility. For dilating soils, peak shear stress corresponds to failure, while

for non-dilating soils the critical shear stress is observed.
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Possible failurenodes which are defined by Vesic (1973) for Chattahoochee sand
under a circular foundation. These included general, local, and punching failure.
Factors such as foundation depth, void ratio, and grain size, and relative density control
the type of falire mode. General failure is expected for shallow foundations. General
failure represents the most brittle dense incompressible material while punching failure
represents the most plastic loose compressible material. General failure also produces
grourd heave, while deformation is restricted to a region below the foundation in local
and punching failure. From general to punching failure the load displacement curve will
reveal less defined ultimate bearing capacity (i.e., there exists no clear malaauim

value).

2.32 Improvements to the Bearing Capacity Equation

Although Terzaghi assumed concentric loading this is not typically the case in the
field. Distribution of contact forces along the foundation base measured in the field are
affeced by load eccentricity, local soil property variation, and variation in roughness
along the base surface. Many of the analytical revisions consider eccentric loadings and
inclination along embankments, such as ground inclination factors are providezhigy m
of the authors listed in Section 2.3.2.

Although N, and N, bearing coefficients are well accepted, the soil self weight
term N, (Caquot 1953) aseferenced in Budhu (20083 problematic. Kumbhojkar

(1993) presents an enhanced definitio\pfwhich is intended to be a more precise, but
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after further review it i s found tlgesof fer

(Bowles 1996). The reader is referred to Section 2.3.7 which discusses attempts to

determine the most accurate valuesNyivia numerical methods (e.g., Finite Element

Method) by investigators Ukritchon et al. (2003) and Yamanabtl. (2009).

Adjustments to the friction angle and cohesion are also common, since peak
friction is extremely important for an accurate solution of the bearing capacity equation.
Bolton (1986) as referenced by Budhu (2008) gave a more precise adopuhe
changing anglef dilation along the failure surface and provided a correction feotor
the peak friction angle. Another error caused by superposition is found in bearing
capacity equation by Sloan (1996) as referenced by Salgado (2008)icmalowski
(1997).

Ueno (1998) provides a method for extractifigand c from principle stresses
and foundation widtlB. These parameters may then be input into traditional analytical
bearing capacity formula. Ueno provideg ttneoretical framework in terms of mean
princi ph=e 16st)R.eThesfriction angle and cohesion intercept are determined
by malmgthph (mean shear and normal stress, respectively). This information can also
be determined if two confiningtress states are given, essentially by computing the

Mohr-Coulomb failure criterion for two more circles, from whighh and c are

determined directly from elementary Mohr circle geometry.
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Finally, in-situ bearing capacity correlatis have the advantage of being much
less expensive than fedlcale or even reduced scale footing tests. Early solutions for the
bearing pressure predicted from SPT results are provided by Terzaghi and Peck (1967) as
referenced by Reese (2006). Meyer{i#65) as referenced by Budhu (2008) estimated

bearing capacity from Ncorrected for overburden pressure) from SPT test.

2.3.3 Settlement

Settlement is classified as immediate (i.e., elastic), primary (i.e., consolidation),
and secondary (i.ecreep), where soil settlement is often derived from the consolidation
curve plotted in logarithmic scale which is assumed to by one dimension acting with all

strains along the vertical axis. For normally consolidated soils this is given as

asj
rprimary = HO Cclog%_’ (212)
1+ & Qsio

where H, is the height of soil layerg,is the initial void ratio,C, is the slope of
consolidation curve from lab test, amg/ s, is the ratio of final to initial vertical

effective stress. Assumptions include zero settlenfrem shear, fully saturated pore
spaceinitial applied stress carried by the pore water pressure, and vertical dissipation of
excess pore water pressure. Hence to predict soil settlement for a more realistic field
condition the compression paramet@n be extracted from individual compression
curves sampled at each unique soil layer down to a depth where negligible effect is

expected. Overall this approach will likely underestimate settlement because water may

26



easily drain around the boundary of tbempression volume in the field, leading to
increased settlement in the field. Also for prediction of a multilayer system, the one
dimensional consolidation equation assumes all layers consolidate based on hydrostatic
and surcharge stresses, where toperayare often recommended to be smaller and
increase with depth.

Overall the best way to know how soil response will scale is to run a full field
test, but this is expensive and impractical, so well correlated factors are most often used,
whether appliedo results consolidation lab or-gitu estimates. Another shortcoming of
the onedimensional consolidation method is that settlement is not completely influenced
by vertical load. Soil above the foundation is shown to decrease settlement by providing
increased confinement effect (Gazetas and Stokoe 1991), where a fraction of foundation
load is resisted by side wall shear resistance, reducing vertical settlement. Accordingly,
extraneous effects such as these must be taken into consideration in tberdewelof
analytical and numerical solutions.

Classic analytical methods for prediction of immediate (i.e., primary) settlement
of shallow foundations originate from elastic theory where typical parameters include soil
modul us of el asrnatio.c iGengrallyanclastcoanat/tscal solutgon can

take a form similar to that given by Poulos for deep foundations

B(1- n%)
r :qTI (2.13
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whereqis the load,B is the pile widthy? is the Poisson ratid; is the elastic modulus

for the soil,L is the pile length, andl is an influence factor. The soil elastic modulus
may be estimated by a variety of methods: analytical solution by theory of elasticity,
unconfined compression test (which gives lower botaides), Triaxial compression test
(which gives most likely values), #situ testing (SPT, CPT, and Pressuremeter), and
PlateLoad est in the field (Bowles 1996).Immediate settlement of the corner of
rectangular base on surface of elastic -epHce, pproximating soil, is derived from
theory of elasticity (Timoshenko and Goodier 1951) as referenced by Bowles (1996).
One limiting assumption for the solution provided by Steinbrenner is that the foundation
is perfectly flexible. For the elastic settlemeBowles (1987) recommends weighted
average for soil elastic modulus over multiple layers since the modulus is not constant in
the real field case. Gazetas et al. (1985) as referenced by Budhu (2008) gave a solution
for immediate settlement of foundatioh arbitrary shape (as seen from plan view) using
elastic theory. The most challenging factor in most elastic methods to determine is the
undrained soil modulug, (where accuracy oE, may be determined from undrained
Triaxial testing.

One way to lapfrogthe construction of analytical or numerical models is to use
in-situ measurements correlating bearing capawiith settlement. This relation is
especially useful to achieve accurate prediction in the field since often sand or coarse
grain soil isdestroyed upon removal from the site, rendering consolidation test and its 1D

solution inaccurateSettlement estimated based on CPT is provided by Schmertmann
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(1970) as referenced by Budhu (2008), which considers total settlement as the sum of
individual strains over the depth of penetration, with other factors considering shape and

depth similar to the traditional bearing capacity equation. The Schmertmann estimate

hinges on an empirically correlated influence factor attributed to each layer divided by

the Youngds Modulus of each | ayer. Settl emer
resistance as described by several investigators (Schmertmann 1970 ; Lee and Salgado
2005). Burland and Burbridge (1985) as referenced by Budhu (2008) estimated bearing
cgpacity from NincorrectegWhich is a function of foundation width, hydrostatic pressure,

blow count or cone resistance, and grain size from 200 foundation tests in sand and

gravel. From this statistical analysis an estimate for settlement is propdsechsnof

shape, influence, and correction factor.

2.34 Model Testing

As noted previously full scale load tests provide the most realistic estimates of
field response, but are expensive and difficult to justify in terms oftmwfit analysis.
Reduceescale tests are less expensive, more practical, and more tangiblesitg are
often difficult to upscale. A short list of studies regarding load tests include (Selig and
Mckee B61 ; Milovic 1965 ; Muhs 1969).Muhs addresses square and rectangular
footings 2.0m x 0.5m (H x Waind square footings 1.0m x 1.0m (H x bf) soils with
peak friction angles which range from 35.5° to 38.5°. Bearing capacity ranges from

10.8kg/cni to 33.0kg/cri. Reese (2006) provides comparison for separate load tests
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described by Muhs and Selig. Shallow foundations on sand have high ultiezaibegb
capacity and it is difficult to induce failure in ftdcale load tests. The accuracy of
bearing capacity analysis is explored in -&dhle experiments by Bishop for fourteen
load tests on saturated clays and by Briaud and Gibbons (1994) asaefeby Bowles
(1996) for five static load tests on spread footings in silty fine sand. Briaud found silty
fine sand did not reach failure for fidtale load tests, even up to 150mm displacement.
Hence in practice the design criterion is most oftenegmad by settlement instead of
bearing. Settlement tests are also performed on simple plate loads by Terzaghi and Peck
(1967) and DO6Appol onia et al . (1968) as
found to underestimate actual settlement by factowof

Cerato and Lutenegger (200if)odeled bearing capacity equation size effects.
This helps determine model dimensions within which the model is invariant. This work
attempts to backalculate a specific baag capacity factor using shallow foundation
load tests on reducéscale footings. Soil properties are extracted via shear box tests for
a variety of soils and results show trends of targeted bearing capacity factor which
increases monotonically with réilee density and decrease with absolute width of
footing. Pardo and Bobet (2007) varied loadings on 17 reduced scale model load tests.
Load resistance is measured at embedment depths Om, 0.076m, and 0.152m for a plate
width B equal to 0.304m. Results shhoelationship between resistance and foundation

width, whereby resistance increase diminishes with incre&sing
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Akbas and Kulhawy (2009a) provide predictive curve fitting method for shallow
foundations from a large database of full scale load testsrperd on cohesionless soil.
Methods in consideration such as 1%1-L2, and tangent intersect method, are all
used to quantify load test results, after which and statistical deviation and variance are
measured. Methods with highest correlations aresaf Qo10dQL2 andQ 2/Qr. Since

Q_, has highest correlation with other methods, the hyperbolic fit proposed by Akbas

features the mean stress normalizeddy as

Q&:(r /B)/ga( 7B) (214

whereQ is the load,r is settlement at the base, aBdis the foundation width. Using
parameters mean valuesa@fand b curve fit to the large database of experimental results
the hyperbolic equation predicts expected {eatllement behavior. Akbas and Kulhawy
(2009a) also go on to link the soil modulus to the initial linear elastic region of the load
settlement curve ira modified form normalized by the atmospheric pressure. The
bearing capacity can also be informed by the testing database. An analytical equation

based predominantly on the Vesic (1973) formulation is found to correlate welQuith
(such thatr® = 0.99) based on the rati@,../Q, whenB > 1m butbecomesless

correlatedfor B < 1m. A correction is proposed for cases whgre 1m since Akbas
shows that the data is correlated more closely vihgg.is normalized byB for B < 1m.

Essentially this removes tidt er m from t he VesicoO8<bBmalytica
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and is show to matchreasonable well t= 0.74) for a subgroup containing the best data
available from the test database.

Of last noe with regard to foundation settlement, it is found that with respect to
model scale problems, several investigators (Briaud and Gibbens 1999 ; Pardo and Bobet

2007 ; Akba and Kulhawy 2009a) agree thairmalized settlemerd/B tends to help

minimize foundation size effects on settlemsiness response, collapsing data of various

foundation width to a narrow range.

2.35 Induced Stress

Boussinesq produced a classic solution for induced stresses in elastic material due
to gplied forces enhanced with influence factor by Newmark (1935) and Westergaard
(1938) as referenced by Bowles (1996). Westergaard gives estimate of stress in soil from
surface load in which solution addresses the same problem as Boussinesq yet derived
from slightly different assumptions. The methods described so far for solution of induced
stress field are difficult to solve analytically, so a simple approximated method is given
by Poulos and Davis (1974) for circular foundations. More sophisticatetiosslare
useful for description of the stress field, and may be developed from -stiraiss

relationship as the discrete load function where solution is aided by Fourier Transform.

2.3.6 Numerical Methods

Shallow foundation bearing capacity and settlemesing numerical methods are

helpful in analyzing the effect of changes in undrained shear strength, foundation width,
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and internal friction angle. Also, numerical solutions are flexible for a multitude of
foundation geometries and loadings. Advantagedude the ability to monitor
mechanical behavior of individual soil elements across spatial extents. FEM and FDM
solutions are available in commercial software packages such as FLAC, PLAXIS, and
ABAQUS.

Loukidis and Salgado (2009)determined the bearing capacity factors, shape
factors, andlilation angle using finite element simulations and analytical methods (i.e.,
limit analysis and method of characteristics). Results showed FEM bearing capacity
value within 2.86 of analytical solutions. Griffiths and Fenton (2009) predict elastic
settlement of a strip footing on variable soil. They investigated the limit state design (i.e.,
settlement, bearing capacity, serviceability) reliability based uncertainty. Resuisar
compared by statistical analysis. Specifically stochastic finite element methods and
random finite element methods are compared. Low stiffness values assigned in the
random feld dominated mean settlement.Stochastic FEM underestimated the
probability of failure when compared with the random field FEM approach.

An FEM study on bearing capacity of the upper and lower bounds for the

controversial bearing capacity equation coefficidyt is made by Ukritchon et al.

(2003), giving a comprehensive comparison of FEM bearing capacity solution with
traditional analytical solutions. For the case of numerical limit analysis, adding

foundation roughness is found to increase the bearing capaltityyigh the accuracy of
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solution decreases significantly at a friction angle above 30°. Overall resultg, for

from Ukritchonos FEM model agree well wi t h
Booker (1969) for a wide range of fricio angl es (from 15A to 45A).
disagreed with Terzaghi (1943) and corresponding description by Vesic (1973) which

seem to overestimat, by approximately a half order of magnitude on rough footing.

Yamamoto et al (2009) uses a 13 input MI$1 model (of which only 3
parameters are deemed to have much influence over results) to determine the foundation

width effects on the value &f,. The asymptotic approach &, to an upper bound is

consistent for siliceous sands, more slowly for calcareous sands. For both soil types
Yamamot o6s r esul t s ofshefopndatidn sizelefeecnsthe pearing i c anc e
capacity factor.

Overall the spectrum of solutions for laefor of shallow foundations range from
traditional bearing capacity equation to sophisticated FEM. Classic analytical solutions
are computationally efficient but require additional intuitive understanding often
developed on a case by case basis, whiteanical methods (i.e., FDM, FEM, DEM, etc)
require greater computational effort and a more extensive understanding of continuum
and/or discrete mechanics. Of coursdiafd tests are the most accurate, but costly and
often times unavailable. The mostegtive solution is often a combination of the above

methods which are within the resources of the engineer.
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2.4 Deep Foundation

2.4.1 Pile Installation

Piles are the most common form of deep foundation. Piles are typically more
expensive to instalini the field and hence only desirable in the case of weak soil where
spread footings are likely to fail. Pile types include open and close end (i.e., soil plug),
whereby the open end pile typically generates increased side resistance on inside walls.
Pile installation methods include: driven, drilled, jet, and vibration. Pile installation can
dramatically change the soil strength, especially in the case of the driven pile which
compresses soil beneath the toe increasing soil strength. Intuitivelynéaiss the
bearing capacity will be reached with less settlement post installment. Also, driving
implies that piles are likely to experience increased side friction. In the case of drilled
piles, pressure immediately beneath the toe is significantlynledsespecially when the
drill is excavated causing some uplift to occur (Coduto 2001). Although field predictions
are informed by soil samples using Triaxial testing for-dmplacement case, driven
piles are likely to alter the soil fabric to such agie that test results are not
representative of reconstituted soil samples. H&me8PT or CPTis commonly used to
gain insitu information with application to pile design. For a detailed discussion of CPT

and SPT pile correlations the reader is ref@to Salgado (2008).
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2.4.2 Load-Deformation

Compared to typical shallow foundations the ultimate load in-fim@pdations is
often difficult to determine. This is partly due to additional load carried by side friction
which lessens the pronounce pdakure evident in shallow foundation cases. Side
friction is often assumed to mobilize within 5mm to 10mm approachingBl{@éduto
2001). Curve fitting models are quite popular for quantifying 4defbrmationq-U test
data, for deep foundations, formulations based gri are provided by several
investigators (Van der Veen 1953 ; Chin 1970 ; Davisson 1975 ; Fellenius 1999) as
referenced by Salgado (2008). of t hese st
conservative. Davisson predicts the failure load as a function of three terms: 0.15in
mobilization between side wall and sd#/120 settlement due to toe failure, and elastic

compression of the pile.

d, =P 9180 4B (2.15
EA 120

whereE is elastic modulus of the pile materidd, is the loadl is pile length,A is pile
cross sectional area,aBd s t he pil e widt h. Davissonds e

slopeL/AE and s&lement axis intercept 0.15# 1/12@.

24.3 Bearing Capacity

Pile bearing is typically described in terms of toe wall and side wall resistance,
according to Bowles (1996) such that the ultimate pile capacity is some fraction of the

contribution of each side and toe ariggsi st ance
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capacity equation is used to estimate toe resistance as a function of swiéighlf
controlled by the lateral earth pressure coefficient. Hence, the failure mechanism, if
controlled at least partially along the side, is likely to occur at aegreapth along the

pile wall instead of near the surface. The failure process, specifically the emergence of
various failure lines and plastic zones in the region near the pile toe begins with punching
failure wedge and evolves to full general shear failith log spirals slip surfaces if the

pile is displaced further, although failure will often reach only punching or local modes.
Overall, bearing capacity is controlled by: internal angle of friction, cohesion, soil unit
weight, and relative density.

Pile dimensions and soil properties control whether the side (i.e., friction pile) or
toe (i.e., enebearing pile) failure mechanism dominates. Typically dry course soil
experiences greater side resistance than toe resistance due to the large surddtkearea
side of pile which generates significant friction. Ultimate bearing may be computed by

the general formulation

Qo = F Bie T+ A (2.16)
wheregi s similar to the formul atfifieameadure Ter zag!l
of the effective overburden stress and lateral earth skgsg, and A,,., A,. are the

pile side and toe areas respectively. Allowable load capacity is the factored ultimate load.

Toe capacity may be predicted by the general bearing equation as

R
2 = gBN;j N 2.17)
2B b el (
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where B is the pile width,g is the unit weight of soil at the tos,j, is the vertical
effective stress at the toe, an, N, are bearing capacity factorsNote that for all

three bearing capacity factoms change from 1° to 2° will significantly affect predicted
pile capacity. Kulhawy et al. (1983) as referenced by Coduto (2001) gives the

overburden pressure factdt, in terms of the rigidity index given by Vesic (1977).

Nj =0.6(N, i) tar(7 ) (218
Nj = m (2.19)
3
3 ? (90-7i) p 3 asin(7i)

fi
Nj=—— je 18 tarf 45 +—
473 sin(fi)lI Eél 2

-GSO

3(1+sin(71)) | (220)

where

_ E
2@ soan (221

wherel, is the rigidity index,E is the elastic modulugi i s Poi s ssgynsdtlee r ati o,
vertical effective stress at the taf, is the effective friction angle at the toe, aKg is

the at rest lateral earth pressure coefficient. Note the formulation presented above is

heavily reliant upon the effective internal friction anglie A comprehensive plot of

predictedNj values as a function ofi considering many widely used solutions is given
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by Budhu (2008); values range over an order of magnitBgemay also be estimated

from SPT tests, as described by Meyerhof (1976ef@asenced by Bowles 1996)

P

to

.= Ap(4ON)% ¢A,(380N) (2.22)

where A area of pile point effective in bearing ahgl is penetration depth. End bearing

is likely to occur in the regio8B below the pile; hence soil properties fed into analytical
equations for determination of toe resistance shoulthéasured in the region beneath
the toe.

Estimates for side interface friction may be converted from SPT data from the
field. Bowles (1996) predicts maximum skin resistance to occur at approximately 5
10mmsettlemenbased on loagettlement curves by kitaker and Cooke (1966), Coyle
and Reese (1966), and AISI (1975)The interface friction may be correlated to the
internal friction, which is important because the discrepancy between the surface
roughness and the soil shear friction determines wherfailbhee mode will occuri(e.,
along the side or in the seikBfrom pile wall). Side resistance can be estimated as sum
function of cone resistance from CPT test by several investigators (Vesic 1977 ; Eslami
and Fellenius 1997 ; Jardine and Chow 1388)eferenced by Coduto (2001).

The Lambda method is given by Vijayvergiya and Focht (1972, as referenced by

Reese 2006)

Q =/(p, 2c,)A (2.23)
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where/ is a function of pile penetratiord, is the pile side arep,, is the mean vertical
effective stress between the ground service and soil atjos, the mean undrained

shear strength along the pile. The lambda term is defined by Kraft et al. (1981) for

normally consolidated soils as

fmax

/ =0.178 -0 016§ Bf,,, I° / AEU) (2.24)

where B is the pile diameterf__ is the peak skin friction (i.e., mean undrained shear

max

strength),L, is the embedded length of the pilk,is the crossectional area of the pile,

E is the pile modulus of elasticity, antl is the pile displacement required for
mobilization (i.e., development of side shear). SiBge, is recommended for driven
piles normalized settlement for the drilled or rhgplaced pile can be estimatedBas

(Budhu 2007).

T h eMethod (Burland 1973) as referenced by Budhu (2008) considers the side
friction based on Chaselpresabedgsenfstrengthtcandition of aw an
soi l at t-Nethod farraulation i¥ dgiven bblow where the first term represents

side resistance and the second term represents base resistance.

Qo =ab( A N 3iA (2.25)

wheresj is the stress at the side layer or base Mpts given by Budh2008) as
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N, =0.6€"129" (2.26)

and thep term is given by Burland (1973) as for layers

b=(1 sin £)tan (2.27)

where fj, is the critical state friction angle used for analytical analysis of deep

foundations in this studyit is not completely clear how the side resistance will vary with
depth forsome arbitraryoad site. Intuitively it may seenmdt the resistance increases
with depth, but this is not always the case for stratified layers overconsolidated or
damaged soil fabric during pile installation.

Other deep foundation methods are proposed using the theory of elasticity.
These include (DAppol onia and Romual di 1963 ; Thur m
referenced by Reese (2006) as well as Poulos and Davis (1980). These methods are
generally based on Mnfinitd, lelasticGdids.eTheidishdvaotage f or s
of using the abovenethods lies in the estimatiai bulk soil propertiesv andE, which
are difficult to accuratelypredict. NonethelessPoulos and Davis (1980) provide a

common formula for the idealized elastic soil settlement respopsef thepile head as

r%:E%LI (2.28)
E.L

wherel is a function ofL/D and may be estimated from empirical relationshipg,is

the applied axial loadl- is the pile length, and, is the elastic stiffness of the soil.
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While Timoshe@ko and Goodier (1970) as referenced by Budhu (2008) consider pile

settlement when rigid punch controls at the pile toe

2 2
— Qallow al-n

r . 2.29
& T2 229

whereQ,,.,, is the allowable load at the toejs the pile radiusk is the elastic modulus,

llow
andni s Poissonb6s ratio.

For cases where soil varies in stratified layersTdaeMethod may be applied as
described by several investigators (Seed and Reese 1957 ; Coyle and Sulaiman 1967) as
referenced Y Reese (2006) and Coyle and Reese (1966) referenced by Bowles (1996).
The difficulty with theT-Z Method involves finding the necessary data to construct load
transfer curves describing the relationship between side resistance and pile displacement
at each layer. This information is required because realistically the deformation in each
layer of thediscretized pile will behave differently. In the field this information can be
measured using strain gauges for each segment along the length of the pile. Given a

loadtransfer curve for each segment of the pile, the static capacity point resiBjance
may be computed as
P =kDz @ (2.30)
for an elastic piece of soil at below the pile toe, wherés the soil modulus, andx is
the slip displacement along a section of pile, #)ds the area of pile section. The

displacementDH derived from elastic theory by Timoshenko and Goodier (1951) as
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referenced by Bowles (1996) for the immediate top settlement under applied, lsad

given as
1- ntd, 1-2 o
DH = B— "8 17 ¢ 231
=0, bi E. g—lll 1 m? k_r ( )

where Bj is the base diameteE, and m are elastic soil parameters, ahdare influence

factors given as

.8 (1+\/|v|2 -EL)\/MZ N

(M NIVE 1)\%1 N2 +

,==%Min n (2.32)
pg |v|(1+\/|\/|2 NE 19 M+yM? N?
N a M
|,=—tan*% (2.33
2p ?\l(l+x/M2 NE ]1)
Li
M=— 2.34
Bi (239
H
N=— 2.3
Bi (239

where Bi=B/2 and Li=L/2 for center are the pile diameter and footing length

respectively. | . dependsoh/Br ati o and Poi sson6s rvadati o.

the pile tip may either be determined by iteration and conmeeger estimates can be

made, such as the following given by Vesic (1970) as referenced by Reese 2006)

C.Q
(1+D2)B §

(2.36)

43

Th



where C,, is the settlement coefficient (0.0372 recommended for driven, 0.0465 for
jacked, and 0.167 for nedisplaced),Q, is the tip load,D, is the tip densityB is the tip

diameter, andy, is the ultimate base resistancéo manually compute th&-Z Method,

first guess alDzthen converge the guess using the correspond@iggcurve. Next,

connect thdollowing segment displacement (Bowles 1996) by

(R+R)L

SAE (2.37)

Dr,= B
where P is the pile loadL is the segment length is the pile crossectional area, and

E is the elastic modulus of pile.The calculation process proceeds up each spring
element until reaching the top of the pile where the ultimate load may be computed.
Also, it is advised to se field data for loattansfer curves. Overall, the strength of the
T-Z Method depends on the quality of the ldeahsfer curves and estimations for elastic
modulus of the soil beneath the toe and the pile material which is also challenging when

using dastic theory as previously discussed.

2.4.4 Field Testing

The most accurate prediction of pile load capacity is found by simple direet load
test in the field. Since applying a realistic dead weight to the pile is not always possible
in the field, theload test commonly features a hydraulic jack anchored in the ground on
either side of the test pile. Loading may occur at a constant rate or in incremental loading

periods (Budhu 2007). Unfortunately static load tests are expensive, making analytical
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equations more economically attractive yet less predictaBl@atural question arises as

to which bearing capacity factor is more accurate. Comparison and validation is
performed by(Al-Homoud et al. 2003jor many popular empirical, serampirical, and

theoretical methods using 43 field pile load tests in cohesionless Ritéls discussed

rangefrom 20m to 80m in length and from 0.5m to 1.0ndiameter Layer properties

tested showed loose silty sardsarface to very dense silty fine to medium grained sand

at pile toe. The solutions of interest are bearing capacity factors defindardyu (1976)

and Vesic (1975)which are caparedwith test data. Results show that out of all the

methods tested, results for predictedlsuse st i mat ed ti p capacities u
capacity factorare most accurate, followed by the bearing capacity factor provided by

Vesic. The solutionu si ng Janbuds bear isnl§.6%coh pilasc i t vy f a
calculatedare within 20% and 41.8%f piles calculatedre within 40% of test results

The solution wusing Vesic0s bearing capacity

within 20% and 53%f piles calculated are with#0% of test results

2.4.5 Numerical Methods

So far only analytical solutions to SSI for piles have been discussed. Accurate
prediction of soil response from traditional analytical methods due to pile loading is
typically unlikely. Therefore numerical methods are explored to potentially describe pile

behavior. The use of humerical methods to inform industry and engineers in the field is
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growing but noassumed Some examples of numerical methods in deep foundations are
discussedubsequently.

Nejad (2009) correlated pile settlement to SPT data for 76 pile load tests at 19
diverse locations using neural network (NN) curve fitting. SPT readings are taken at 5
equally space points down the length of the pile. The corrected loloat s computed
as the average sampled number of blows times the overburden term. The NN is trained
with 12 inputs: elastic modulus of the pile, five pile geometry measures, five blow count
measurement points, and applied load, with the only output lteegettlement. The
measured data was split into 85.6% training data and 14.4% validation data. The
validation data checks whether the NN can predict untrained data from the same
measurement set. A series of hidden layer sizes is tested by validatibvmsaound that
the lowest root mean squared error (RMSE) contained seven nodes in the hidden layer.
Further optimization saw the combination of four hidden layers at siz&8%2 gave a
RMSE 5.12, where additional momentum correction of the NNprd@RMSE to 4.49,
which is then adopted to produce results for a hypothetical pile of 11.4m length, 0.966m
diameter, defined SPT N values at five points down the pile length, and several other
defined material properties. Results show the NN fits in tleegattlement solutions by
Poulos, Vesic, Das and-4 method. Also the NN solution has the highest correlation
with measured settlement.

FEM pile simulation using ABAQU%Lee and Salgado 199% found to match

well with 30 calibration chamber tests for rdisplaced piles. Calibration chamber
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measurements are used to assess the validity of FEM analysis in terms of parametric
analysis. In this case, the relative density is investigated as well as failure states at
setlements of 5% and 10%f the foundation width. The implemented FEM defines
eightnode elementand special interface elemernts control shear strength and slip at

the at the pilesoil interface. Results are compared in terms of normalized base m@sistan
Ou/dcdefined as the ratio of base resistance to CPT resistance. The base resistance can be

known from CPT data. Salgado provides an estimatg defined as a function of the

relative density and effective stress components. Results are also produced for a range of
Ko from 0.4 to 1.0 and reveal that at highetative densityD, the normalized base
resistance decreases substantially, dominatingrdézss of pile length and associated
confining effect. Calibration chamber results show CPT is closer at Hiyteard that

FEM results agree well chamber measurements at settlements of 5% anof 1086
foundation width.

Additional investigation intohe combination of DEMFEM pile behavior has
been is evaluated by Elmekati (2010), who argues libth are more effectivevhen
coupledsince the DEM can handle large deformatam activity at the interfacehile
the FEM can handle large scale computatiocosts in areas far from the interface
expected to produce only small strains. The algorithm starts with a DEM displacement
followed by an FEM response (handled between both numerical methods by interface

contacts). The effects of the first two steps allowed to equilibrate if needed, and the
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process c¢cycles unti/l compl etion. El mekati 6s
results expected for a pile loading in terms of ld&placement curves, but results are
not evaluated in any detail to furthealidate the model. Lastly note that FEM piles
described in this section consider only rhsplaced piles. The reader is referred to Said
(2008) for an example of FEM driven pile evaluation and comparisons with experimental
results.

Overall solutionsfor deep foundation behavior typically consider the unique
resistance developed by the base and side of the pile. Traditional analytical solutions
compute lateral earth pressure coefficient and predict side resistance depending on the
interface friction coefficient. Typical analytical solution for the base resistance is
computed similar to Terzaghi 6s bearing cap:
mechanism is also more complicated since total resistance does not always reach a
maximum; hence calcuian of actual bearing capacity may not be possible. Comparison
of advantages and disadvantages of analytical versus numerical results are similar to that
of the shallow foundation case. The deep foundation problems usually include larger soill
space for omputation of soil response, so the numerical solution is often more
computationally costly than that of shallow foundation. Major parameters effecting pile
resistance includes internal friction angle and relative density of the soil. Relative density
D: is quite high for twedimensional DEM simulation (i.e., 75% for dense dry sand) so
calibration chamber findings have significant implications to DEM regul@hapters 3,

4 and 5
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25 Rigid Retaining Walls

2.5.1 Earth Pressure Theory

The state ofstress of a representative element of soil in a large granular body
under seHlweight can be represented by a tdimensional lateral earth pressure
coefficientsj/ s wheresj is the lateral effective stress asq is the vertical effective
stress. A starting point for thestate of stresen the backfill soil is the equilibrium
condition which occurs prior to external loading or unloading. This fat@Estimated
empirically for normally consolidated soils & =1 -sinfj(Jaky 1948) as referenced by
Bowles (1996) wheré| controls the friction experienced along the shear surface of a
sliding body of soil.

Given lateral displacement of the rigid retaining wall, it is important to note that
the slip surface is not perfectly linear. Straight line failure surface has been shown to
more likely be logarithmic spirglZzhu et al. 2002 ; Lu and Likos 2004) The friction
angle may be back calculated from known principle stresses uggrface shear or

triaxial tess. In the field,/imay also be predicted from relative density, grain size, and
water contat of the soil, or more accurately estimated fronrsito testing.K, may be

estimatedusingSPT, empirical lab tests, CPT, and DMT (McCarthy 2007

If some reliable estimate dfj is gatheredhen a theoretical description of the

behavior of backfill may be developed. For a hyptttal equilibrium soil elemerthe

principle stresses are equal, but for the case of a frictionless vertical wall moved away
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from the soil the lateral earth pressure dases. The opposite case is expected if the
wall is moved toward the soil element. When the wall is mobilized, the slip surface may
be analyzed as component normal and shear forces. In cases of high normal stress along
grain contacts failure is unlikehput when the deviator stress increases significantly
shear stress mobilizes the failure surface, which may by plotted as theQdolomb

failure envelope
t=c +gtan( ¥ (2.38)
wheretan(fi) acts as the slope for the principle stress inpytands;j. The cohesion

c is the vertical shift in the ordinate intercept of the MGmulomb failure envelope.
Along the failure line corresponding stress state shear mechanism of the backfill soil
mass. Themicromechanical details of the failure mechanism are not addressed in
Coulombés friction envelope. For i nstance,
shear band regions is overlooked, yet the state of stress is fundamentally govefped by
which can be represented simply as a geometric feature of the force triangle for the state
of stress experienced by the soil element when an outside stimulus occurs.
Given the state of stress represented using Mawlomb failure criteon, the

principle stresses are plotted afidmay be extracted from Mohr circle geometry based

on an equilibrium continuum element and simplified as

_(s.+ s)/2 1 -sin( if &, fi
“TG a2 Ten(y TE T =
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for the active case (i.e., wall movement away from the soil) and as

:(53"' 5)/2 1 sin( if & fi
“ (s;- §)/2 1 -sin( if &n 84'5 5 (2.40)

for the passive case (i.e., wall movement towards the soil). Given the Gbaltwmb
envel ope the actual failure point exists
line. Graphically, the shear angle for the passive state is less than the attveyshe

amountfj since from basic Euclidean geometry it is evident that the angles from lateral

earth pressure values to the failure points are

g, =45 4% (2.41)
g, =45 %; (2.42)

where lower inclination of the failure plane for the passive case is reasonable since the
action of the wall moving into the soil must work against gravitypracticethe passive
case may occur if post tensioning cables apply consistent force on a failure wedge while
soil strength decreases.

The lateral earth pressure is given by equivalent fluid method €geiyalent
fluid density) fora homogeneous isotropic stype andthe stress at the toe of a rigid

retaining wall of heightH, may be described as

P=K,Hg (2.43)
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for the static case, and $q is defined for a soil element in equilibrium at the bottom of

the wall. The equivalent lateral force locatedHt/3 considering the summation of all

lateral force along the depth of the wall is given below

P= r'i"(s\; K)dz _(_—ng; o)Ho % K H? (2.44)

where K may bedefined asK, or K, depending on the state of stresssting inthe soil.

Rankine Earth pressure theory (1857) assumes triangular lateral stress distribution
increasing with depth, which implies a resultant lateral thrust 0.33H from the bottom of
wall. However esults byDuncan et al. (199Q)s referenced by McCarthy (2007) discuss
field studies which show many factors such as wall deflections and arching causing the
resultant lateral thrust to be more closapproximated to 0.40H.

The traditional Coulomb analytical solution for wall thrust generated by the
backfill considering wall inclination, backfill inclination, and wall friction, may be
derived from a fredoody diagram force triangle for an idealized de#l wedge based on
statics. Given an estimate for the bulk unit weight the overburden from the total weight

of backfill acting at the center of mass may be computed as

, . .
W =gArea = gH, gsir( a +)M (2.45)

2tar’ (a) a si( - P
where notation adopted from Budhu (1996) gives the wall inclinatian asmbankment

inclination asb, and inclination of failure surface as. Imposing static equilibrium
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conditionsg F, =0 and § F, =0 from force trianglefree body diagranthe balancing
force vectorP, may be determined which is the active resultant wall reaction to the

backfill. Again from statics and trigonometry

_ W sin(r - )
a_sin(180_ a 1 if ) (246)

where angles are from diagram provided by Bowles (1996) shotxigune 21 below.

B
A
A .
o+ B lW { i (o+ B)
% o sin (p — B)

S
\/ .
D ABsin (o + p)

Figure 211 Coulomb Derivation of Earth Pressure Coefficient (After Bowles 1996)

The form above is not fully explicit since is unknown. The mostly probable slip

: P . L . .
surface will occur Whenj—azo. By setting the derivative of the previous equation
r

equal to zero subsequent algebra yields the formulation

b= gHZ sin*(a + £)

a= 5 sirt () sin( & )21+\/Sin(fi+ ysin[ fr )¢

g \sin(a- gsin( a )b

(2.47)
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from which the trigonometric terms may be simplifiedkg. Note that for the case of

passive stress, the inclination of failure surface is considered for the passive wall
movement, and friction angles along wall and slip surface are flipped about the normal
vector.

Rankine provides a unique derivation coesidg uniquefree body diagram for
an element of soill and information from
quite similar to Coulomb. Substitution gives the following form for the lateral earth

pressure:
s,= gcog )bK (2.48)

whereKjis

__cos(b- A1 +sid( i 2sif )fcof,)
= (2.49
“ cos (h)(co$ l)+\/ sif( if - sif( ))b 249

where angles are from diagram provided by Budhu (2008) shofigume 22 below.

_ cos(B—-") H,

Figure 22 - Rankine Derivatiorof Earth Pressure Coefficient (After Budhu 2008)
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Overall the free body diagram and statics apprassdto calculate the state of stress

and slip plane has several shortcomings. First, the method is highly dependent on the
internal friction angle, which in turn defines the angle of slip surface aadalatarth
pressure applied to the rigid wall. This is acceptable for homogeneous soil medium, but
any addition of heterogeneous regions would greatly disrupt the performance of the basic
theory. Since the behavior of the entire failure wedge is basdbeorepresentative
behavior of a representative soil element, any heterogeneous features in the backfill
would make selection of the proper soil for measurement of principle stress and
extraction of internal friction angl misleading and inaccuratdn the field a
homogeneous backfill would be needed in otdeerevent such complication#lso, the

literature overwhelminglyeportthat Coulomb and Rankine methods overestidate
Solutions for loweringK, are given by Caquot and Kerisel (1948) as referenced by

Budhu (2008). Although the Earth pressure coefficients are only an approximation,

upper and lower bounds of the load at failure condition can be known if the internal

friction angle is known. A sotion for lower bound is given byLancelotta 2002)

including walls o i | friction angle derived by plast
matches Rankine for wall friction equal to zero, and provides a reliabiteftimower

bound wall thrust.
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2.5.2 Wall Displacement

Qualitatively the wall movement is expected to be significantly greater for the
passive case. Proposed values l&geral deflectionrequiredto mobilized active and
passive earth pressusee given by the CGS (1992). For sandgslues rangérom 0.001/

H, to 0.004H, for the active stateand from 0.020/H, to 0.060H,, for passive state

(Salgado 2008).Terzaghi notes a significant change in lateral stress is attributed to only
slight movement of the rigid wall, approximately one order magnitude stress change for

wall displacement 0.00d, of backfill (Terzaghi 1934ps reference by Salgado (2008).
Alternatively McCarthy (2007) gives a ranfex 10°H, to 2 x 10°H,. For the passive

case wall movement proceeds in the opposite dire€tien inthe direction ofthe soil
mass)and the corresponding Mohr circle requires significantly higher passive pressure to
reach failure condition. In both cases, the internal friction angle of the soil is the most

important factor to consider.

2.53 Numerical Methods

Numerical methods allow for a more detailed understanding of lateral Earth
pressure acting on a retaining wall. Using FR@enmebarek (2008)sed three
dimensional finite difference analysis to compare the passive earth pressure coefficient to
other numerical and analytical resultResults produce values of coefficient of passive
earth pressure within 6% of the theorem of correspondingsstatpartial solution to

limit-state problems by CaquoBenmebarek also found the distance of surface failure
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receding from the wall to be in good agreement with experimental refdfgending on
the ratio of wall displacement to internal friction amdiailure surface could be Rankine
at zero or passive radial shear zone for a ratio greater than zero.

Chang (1994)presentsa pseuddDEM for modeling the behavior of backfill
describing retaining wall translations and rotations. The method discrétedsckfill
into six sided blocks(i.e., elements)which are allowed to transfer six variables:
components of force, moment, translation displacements, and rotation displacement. The
equations of each block are solved as a matrix of simultaneous |oneations (where
linearity is described by Winklesprings at inteelement contacts). Hence given initial
movements (i.e., active wall displacemamtay from the backfill blocks)nemay solve
the equilibrium equations such that the force and displaceméiar tle simple case of
active failurethe active lateral force on the wall is equal to the force predicted by
Co u | o tradittosal solution. Resultsfrom the proposed modehow the computed
stress distribution along the retaining from the bacKtit pure lateral translation
consisting of dinear pressure gradient increasing with depth. For the rotation cases, the
wall experiences arching stress distribution, with maxintdumst atroughly 1/3 the wall
height and local minimums at top and bottolss expected, lateral pressure decreases
with increasing wall friction angle.

Overall traditional analytical solutienfor rigid retaining wall problems focum
the determination of active and passive lateral earth pressure coefficients. Remarkably,

two unique derivations of the lateral earth pressure yield the same formulation for the
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wall thrust. To date few studies have besstablishedwhich usediscrete element
methods to predict the behavior of the rigid retaining wall due to soil backfill uatfer s

weight. The development of the DEM is presented in the next section.

2.6 Discrete Element Method

2.6.1 Overview

The discrete element method (DEM) has seen increasing use in the last several
decades. DEM has the ability to describe behavior offabilc at the grain scaleThis
allows for modeling the effects of particle shape, surface roughness, material stiffness,
and patrticle size distributionhile the finite element method (FEM) is perhaps the most
common numerical method for geotechnidesign and has seen extensive verification in
experiments and field testing, tlEM requires input data that can only be obtained
through extensive laboratory and/am-situ material characterization. The DEM,
however, relies on simple descriptiongedin-grain and graircontinuum contact, which
can be obtained from relatively small samples of material.

DEM principles are based on nonlinear grain contact deformétieniz 1895)
describing opposing normal forces iagt on perfectly spherical linear elastic grains.
Assuming grain shape deformation negligible, tangential forces, shear stress, and slip
along grain contactsy (Mindlin (1949); Mindlin and Deresiewicz 1953)s referenced
by Cundall (1979) provided theoretical framework for DEM algorithm. Contact behavior

and propagation of force chains studied using photoelastic disk experiments by (Dantu
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1957 ;Wakabayashi 1950as referenced by Cundall (1979) inform DEM theory since
areas of high stress light scattered through the disks show parabolic strain contours
caused by deformation at contacts.
Cundall developed a unique numerical model considatiscrete objects for rock
problems. DEM was formally established and implemented in the computer program
BALL by Cundall (1979) Grain geometry was initially modeled in two dimensions as
disks. The algorithm feares an iterative explicit numerical scheme whereby for each
stepthe following instructions are executembmpute the applied foradisplacement law
based on hypothetical gragrain overlap (theso al | ed fisoft contacto ap
forces, calcdt e centroid displacement via Newtono
energy (local and viscous damping dashpots placed at each contact) from the system.
Given new displacementsom the previous stepeach grain is assigned a new position
and the algorithmcontinues until desired energy equilibrium and stress state are

achieved. For each particle the forces are summed at all contacts
Foa =K, ©ONn QG 2/mCK s (2.50)
where normal stiffness iK,, is the normal stiffnesst is the damping factor used as

part of a viscous damping mechanisimis the particle overlapy is the unit normal
pointing from one patrticle to its contact particha,is theparticlemass, and/ is simply
the translationalelocity vector of the particle denoted in bold. The resultant force is

converted to motion for each particle
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where Dt is the minimum time steg/m/ k for all particles. Particle shear velocity (i.e.,
tangential velocity) allows for particles to have rotation andular momentum, hence
the interparticle friction angle may be used to compute the shear force as
F,=F,tan(f,) + (2.52)
wheref, is the interparticle friction angle not to be confused with the internal friction

angle in the soil mass, amdis the hypothetical intgparticle cohesion. |Initially this
approach was supported by Cundall who found that the force chains plotted from
simulation results closely matched the light scattering photoelastic disk experiments

(Santamarina 2001).

2.6.2 Strength Testing

Rothenburg and Bathurst (1991) investigated the performance of single elliptical
particles using biaxial Test. Simulation parameters considered includepamtete
friction m=0.5. During assembly a higaccentricity is achieved at a lower porosity.
Coordination numbey is shown to be heavily depended on the porosity, ranging from
approximately Jor loosepackingto approximatelys for dense packingAlso the lowest
porosity (ie., densest packing) is possible with low to zero 4ipteticle friction. This
behavior is due to the eccentricity of particle shape. Results from Rothenburg show

volumetric strain and hence dilation decreases consistently with grain shape angularity
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(i.e., eccentricity). Also, stress raiie, - s)/( s+ ,)sincreases with eccentricity. This

is likely due to the mechanism of interlocking grains providing higher shear resistance.

Finally 7., is found to increasttom 26° at packing fraction 0.845 to 42° at packing

fraction 0.90.

Elliptical particle are also investigated usiagbiaxial testperformedby Ng
(1994). Ng makes an argument for the use of dense packing of angular particles to force
a higher internalfriction which more closely matches the strength of real sands.
Mechanics necessary for the thwienensional ellipsoid analogue are also describégl.

uses aPoisson ratiof 0.15, interparticle frictioncoefficient m=0.5, porosiy of 0.158,
and consolidation pressure of 294kPa and 588kPa in two separate compressive tests.

Internal friction reaches80° at m, for both cases an@0° at /7y, for 294kPa

confining stress case. A cyclic constant volume simulation was also performed in this
study.

Bardet (1992) argues continuum models experience complications in the
micromechanicsnaking it difficult to describe theshear band thickness during biaxial
testng. A DEM model is proposed to accurately measure the detailed geometry and
thickness of shear band formed in the biaxial test. Micromechanics are described in

terms of individual particle rotations and displacements. Stress ratio

(5,- §)/( s + ,Fversus shear strai(rell- g) is shown to match well with Drucker

Prager model of flow theory of plasticity and deformation theory of plasticity in three
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sampled regions of the granular mass. Shear band form along lines of actiglestaA

and 38° which agree wity at 7/i=14° for classic Mohr Coulomb failure surfaces

g= p4 ° if2 wheeby after further axial strain thehear band at inclination 52°

dominates The DEM solution for shear bamidovides additional information regarding
average particle rotation across the band at shear strain 25% and 44%. The rotations
generally start at zero and follow a negative rotation ug@d at the midpoint and then a
positive rotation returning to zero at the endpoint.

Bardet (1994) later argues that inparticle friction angle is higher than internal
friction angle of the granular mass due to rotations in the shear bands. When rotation is
restriced the overall iternal friction angle increases past the value of ipgeticle
friction angle. Bardet also distinguishes between rolling contact and sliding contacts in
the shear band. For the case of free particle rotation the shear band thickness reaches a
maximum & 7 to 9 times the mean grain diameter, whereas in the case of fixed particle
rotation the thickness only reaches approximately one grain diameter. Results also show
that the average particle rotation is greater than 8° in the shear band for an &rial stra
above 10%, whereas average rotation in the total granular mass sums to zero.
Interestingly, the probability density function of particle rotations is nearly symmetric
Gaussian for the shear band, where the variance increases dramatically with airial str

Also rolling particles are found to have higher coordination number than sliding particles.
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The spatial distribution of rolling versus sliding contacts show that the rolling contacts
tend to a layer bounded on either side by sliding contacts.

lwashta (1998) also investigate the rolling effect in Biaxial testing at a much
higher 132kPa confining pressure. Other parameter include: timefstep x 10°sec,
1800kg/ni solid grain density, inteparticle friction angle 0.51, zero partiahall
friction, and particle radiusize distribution from 4nm to 6mm. Three biaxial tests

considerednclude free rolling, no rolling, and dampened rolling. Stress ratiy s,

was the highest for no rolling caskecreased for dampened rolljrammd decreaseagain
for free rolling, showing agreementith Bardet (1994). Iwashita goes on to draw an
orthogonal grid over the biaxial model and observe the orientation changes during
loading, similar to experimental visualization techniques. Iwasti@00) presents
similar work with revised parameters: 15,840 particles which is apprteiyné times
the previous system siz2600kg/ni solid grain density, inteparticle friction angle 0.49,
and 0.36 particlevall friction. New results show a smallstress ratio and additional
analysis of shear band features.

Khun (1999) runsa DEM biaxial test on 4008 circular disks at initial void ratio
0.179 and inteparticle friction angle 0.50. After loading to 0.6% compressive strain
void ratio increase t0.084. Void ratiois investigated in regions containifead bearing
particles, showing two dimensional void ratio df.215 prior to load and 0.28 after

loading. The stress rati@,,- §,)/ p, where p,is the initial man stress reaches greater
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than 1.5 at approximately 0.2% compressive strain and remains nearly constant until
loading ends at 0.6% strain.

Liu (2006) givesa comprehensive analysis of granular assembly strength using
directshear box test for an assembly of 3259 discs. A lo®se((233) and dense =
0.196) packing are tested in the shear box 40cm x 25.42¢énH(\Vibr partcle diameters
5mm to 9nm. Normal and shear stiffness are 5.0 XR#& andL.5 x 16 Pa respectively.
Inter-particle and particlevall friction angleare 16°, solid particle material density is
2700kg/nd, and timestep is 5.0 x IGec. The sample is loaded by fixing upper shear box
and translating the bottom shear box horiziytat constant velocity 0.5c¢fs under
confining vertical stress held constant at 49kPa.

It is important to understand that the lateral force acting on the outside of the
shearbox to mobilize shear is the sum of horizontal forces on the side walls ead sh
forces on the top and bottom walls. But the actual shear force under investigation (i.e.,
shear force on the bottom wall) is the only force needed to compute the coefficient of
friction. Similarly, the normal stress applied on the top wall is cabyeshear resistance
along the side walls in addition to the failure surface. But the true normal force on the
shear plane which is used to compute coefficient of friction is simply the normal force
acting on the bottom wall shear interface. To remoweesof these unwanted additional

resistance forces, Liu recommends additional extremely low frictionQ.02) particles

layered in between grain particles and the walls to prevent shearing friction anywhere

except the bottom wall, hence lateral force is transferred directly from confining top
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stress to the shear surface, and horizontal loading is resistedydietite shear surface.
Results show that these improvements allow for direct measurement ofnshsait

stress ratio, where/ speak and critical are approximately 0.2 and 0.4 for the loose and

dense test cases respectively. Khass of the shear zone is measure to be approximately
7cm, which is 10 times the average grain size. Liu goes on to define the internal friction

angle as

+p/2

R F(7)sin( £)d .f _
L o :tan(3fc) o (253
o RE(F.)cos( f)d.f peos3¢)

-p/2

where £ is the sum of the average interparticle contact aggled the angley, which

are defined as

AN(q) 4
g=2— (2.54)
AN(g)d g
P2
kd _ =, p?
d=—A.5 o 25
fo(;‘é G 24 (259

where N(g) is the distribution of contact numbers along the mobilized shearing plane
with respect to the contact anglg,is the abscissa intercept akds the slope of the

inter-particle contact forcef (N) versus intesparticle contact angle plot.
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2.6.3 Soil-Structure Interaction

This section highlights developmentsapplicationsusingDEM. Although full
scale DEM models of geotechnical problem cannot be realized due to computational
limits (e.g., small timestep needed for accuracy results implies large number of cycles
for solution on the order of seconds), Ting et al. (1989) argdrsced scale models are
still accurate with the requirement that stress and strength properties be determined a
priori via simulated laboratory direct shear or biaxial test. Ting goes on to describe a
reducescale bearing capacity test where reduced nurabearticles is allowed due to
Acent-pi if ugiepl ed whi ch astrdineretgiidns of & targemsomni ¢ st r
body by increasing gravity acceleratianto a value based on the reduction of model
length scale. The centrifuge technique is verified using separatsc@ldl lateral earth
pressure and bearing capacity numerical tests. Compression testsimgedsuru n g 6 s
Modulus rang from 30MPato 530MPa ad Poisson ratisangesfrom 0.31 to 0.37 for
variations in number of particles, wall properties, and particle rotation dampeAing.
strength test performefbr a interparticle fiction angle 25° and variations in contact

shear cohesiof, and particle rotation (given in terms of moment of inertjashowed

internal friction angle for the granular mass controlled largely by the allowed moment of

inertia (fi increasing withl up to 49°), and to a small degree by the cohesion f&;tor

Timestep also varied but most commonl@5 x 10’ sec was used. For biaxial test

confining stress ranged from 0.05MPa to 4.5MPa and initial void ratio dange less
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than0.10 to 0.272andthe secant modulus computed at 2% strain ranged from 1.7MPa to
92MPa,from which largest modulus caused by lowestdvoatio and highest confining

stress, with MohCoulomb envelope angle 33°. Problems are noted for single particles
exhibiting excessive spin, and it is advised that error be corrected in future simulations by
considering more realistic angular grain shapch that interlocking reduces spin. Finally

bearing capacity is modeled on a deep model consisting of 8500 disks etharticle

friction angle 25°. The footing is translated downward at constant velocity 0.5m/s to

28% foundation width at a timegt@ x 10° sec. Results show mean footing pressure
reaches 1. 5MPa after | oading which 1is near
equation.

Jiang (2008) investigates the DEM to capture cone penetrometer behavia, wher
focus is placed on so called avgeapure rotation rattAPR) which is a approximate
measure of the average rotation scaled by the particle size for a group of particles
contained in a grid of various spacing (X/R or Y/R equal to 1.5, 3.5, etc). The APR is

defined as

=~ ASH(4 0 @59
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where superscrigh is for each contact, hence it is a measure of rotation about an inter
particle contact. This measure is favored instead of pure single particle rotations because
it gives a better idea of the rotation of the hypothetical soil fabric space. Although the

APR is an illustrative measure of fabric rotation, Jiang has yet to quantitatively compare
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basic measures like tip resistance and settlement with classical theory to determine its
usefulness in predicting real physical tests. Other interesting DEM appiEatclude

the foundation loading at the top of an embankment by Gabrieli (2009), whereby slip
surface is prominently formed under a rough plate with applied vertical loading. For
other DEM SSI studies, the reader is referred t&lEEmy and Elmekati (®9) and

Bhandari and Han (2009).

Overall, the DEM was successfully implemented for the problem of simulation
large granular rock systems by Cundall (1979). The next step taken was to determine
strengthamd other materiaproperties of the elastic asskly under various loading
conditions (i.e., direct shear, simple shear, biaxial compression, etc). Also, some
preliminary studies have been made to implement the granular assembly in a soil
structure interaction model for popular geotechnical problemsh sas shallow

foundation, cone penetrometer, and embankment studies.

2.7 Lunar Regolith

2.7.1 Overview and Characterization

A comprehensive analysis of the mechanical and geotechnical properties of lunar
regolith exists in the form of isitu testing ad laboratory testing of retrieved lunar
samples. The combination of experiment and numerical simulation of lunar conditions is
a helpful modeling approach to better understand lunar regolith and move toward design

of lunar foundations. In order for artifal lunar simulant experiments and simulations to
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behave correctly, measurements of properties of existing lunar soil should be recognized.
Hence it is important to first understand the basic engineering properties of lunar regolith
so more realistic testand simulation can be conducted.

Qualitatively, the lunar environment lacks the physical diversity found on Earth.
Specifically, extreme ground surface conditionssewhereby formation of lunar regolith
is attributed to meteor fracturing of bedrocldauV radiation weathering (i.e., solar wind
weathering)facilitatesthe formation of fractured rock (typically less than 1cm diameter,
although the infrequent cobbles and boulders ewstich completely cover the lunar
surface. It is estimated that solar wind radiation penetrates the surface to a depth of 1m.
The regolith contains a great deal less mineral diversity when compatted®lanet
Earth. Constituent minerals and rock fragmentl#getes tend to pack together
anisotropically which help increase soil strength. Discussiomidedby Schrunk et al.

(2008) note regolith depth reachdsn to 5m in mare areas and 10m tomi5n older
highland ares.

Peterographic SEM inspection shows five particle types (Carrier et al. 1991):
crystalline rock fragments, breccia fragments (i.e., cemented mineral fragments), glasses
(i.e., basaltic rock fragments), and unique lunar agglutinates typically bondétk by
melted glasses listed above. All fused or heterogeneous fragments are assumed to be
created in meteorite impacts. In most samples tested from Apollo missidrs 1417
and Luna missions 16, 24 the most abundant soil type is agglutinate. Thd sexsin

frequent soil type is most often breccia
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It is also noted that owif all Apollo missions listed the only oneiteclude a professional
geologist Schmitt H. H. who was on the final Apollo 17 mission.

Qualitative observations regarding the high bearing capacity and low settlement
of the regolith are found i n comments from
LM[ Lunar Modul e] footpads only depress in th
only go in a smal/l fraction of an inch. Ma
This observation is corroborated by SEM images of particle shapes. Tyhicalysoils
are elongated and sw@mgular to angular in shape. Particle orientation is likely
anisotropic due to random formation. According to Carrier et al. (1991) lunar soil is
found to have, average elongation 1.35, aspect ratio 0.55, roundnegsr@2e direct
light), and specific gravity 3.1.

Carrier (1973) classifies the majority of lunar samples asgvatled (or poorly
graded), siltysand to sandg i | t . Mean particle si-20% is 70c¢
i's finer than 2rityofrobservedf@ctuced rodk bnethe tm@ay sorface is
described as dustuch thalNASA scientists voiced concerns over whether the moon dust
would infiltrate the spacesuits and the lunar module.

Bulk density D, increases with g#h as expected in a terrestrial environment.

The top 15cm is estimated to have bulk density 1.50 + 0.05°gfontop 60cm 1.66 +

0.05y/cn?.  Relative density computed from Oef, and 1.7e,. void ratios from
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Apollo 1517 core samples are computed to 64% near lunar surface top 15cm to 92% top

60cm. Direct measurementf D, have not been made to date. Equivalent lunar

simulant at the same void ratie significantly less dense. The @mpression index

measured on soil samples from Apollo 12, Luna 16,20 yie@eftom 0.01 to 0.11 and

C, from 0 to 0.013 via oedometer test. Lunar simulant is only slightly less compeessibl

than these wsitu findings

A unique property of lunar regolith is the strong cohesiveness obsen(@etxp
et al. 2001)and Mitchell et al. (1972)\isually supportedy the high angle of repose in
photographs of mamade trenches and footprints. Perko proposes regolith cohesion is
based on the high level of surface cleanliness, which is a function of adsorbate thickness.
The high vacuum environment in the lunar voidap has a lack of adsorbed gases with
inter-granular lubricant properties, which are more commonly found in terrestrial soils.
The Asurface cleanliness model 06 is compared
(10") Pa lunar conditionsThis phenomena isimilar to cold welding process by which
materials naturally bond strongly in the absence of atmospheric pressure and surface
films or coatings.Understanding the role of cohesion in lunar soils is important because

it allows for increased shear strengtid bearing capacity.

2.7.2 In-Situ Tests

Shear strength is estimated from Soviet rover Lunokhod 1 cone penetrometer and

vane shear device to depth of 10cm. Vane shear tests performed by the Lunokhod 1 at
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torque resistance readinfjem 2kPa to 9kPa showed cohesion is incredsme ordein
magnitude to 1kPa with friction angles of 30° to 5&elative density was also estiradt

from penetration resistanceSummary of mechanical and geotechnical properties of
lunar soil from Apollo ad Soviet Luna and Lunokhod | Rover Missidiitchell et al.

1972) notes cone penetrometer measurements taken during Apollo 15 reached a
maximum depth of 10cm to 13cm and recorded a penetration stress of 350kRasuil
density increases quickly with depth. Shear strength is estimated from Apollo 14 by
shallow trench and pushed rod (i.e., Apollo Simple Penetrometer). Apollo 15 measured
porosity near a soil trench at the Hadley Apennine site to be approxintagss.
Mitchell concludes that porosity seems to control soil cohesion and friction angée mor
than any other soil property.Apollo 15, 16 Self Recording Penetrometer (SRP)
performed 17 tests to 74cm depth from which penetration resistance ranges &00kPa
1500kPa. Apollo 16 used ramming tool inserted down 2m hole excavated by deep rotary

drill from which ¢ = 1.3kPa andfi= 46.5° estimated for deeper haeeater tharBm

during Apollo 17. From the Apollo model, the best estimate for friction angle ranges
from 30° to 50° (Carrier et al. 199%jth cohesion from 0.1kPa to 1.0kPa.

Lunokhod 1 and 2 penetrometer measured lower fiction angle mearctdted
for over 1000tests at tip depth 4.4cm (Leonovich et al. 1974a, 1975). Measurements
from Lunokhod penetrometer test a@mpledirom the lower, upper, and rim of impact

craterregionswhereby soil strength increases respectively. Apollo 15 and 16 performed
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17 SRP tsts showingfi of 46° at 20cm, below which SPR recording limit is exceeded

due to very high shear strength.is noted thaB of 17 SRP tests occurred below 20cm.
The smallest cone max depth is 74cm. Core tube sample estimdtesdepth show
soil density ranging from 1g/chto  2g/cmi. Internal friction angle is estimated to range

from 35° to 47° using bearing capacity theory applied to cone penetrometer.

2.7.3 Laboratory Tests

Lab measurements made on retrieved Apollesdil gave friction angle from 38°
to 42°. Carrier et al. (1972b, 1973c) performed direct shear frGrto28h° for 3 tests in
vacuum. Leonovich et al. (1974a, 1975) performed direct shear test on samples from
Luna 16 and 20 measuring friction anglenfr@0° to 25°. Overall, lab test results are
significantly altered from irsitu lunar environment by the following processes during
transport and setup: sieving, recompaction, increased confining stresses during sampling
from lunar surface, and grain crusty (significant reduction in interlocking shear
strength).

Cole (2008) characterizes contact behavior in two lunar simulants measured for
single isolated contact. Axial deformation and monotonic loading are conducted for JSC
1A and FJSL lunar simularg. Individual simulation grains with radius curvature in the
contact region roughly 0.2 and 0.3 respectively are mounted to flat top stainlessnsteel pi
in loading cell using epoxy.Flat and pointed grain shapes are selected to separately

measure contactmicro-mechanics. Results show FISnormal contact stiffness
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0.4MN/m which is considerable less than stiffness in silica. Photographs show simulant
grain sizerange from 1mm t@ mm. Simulants are | oaded to ¢
after which damag® ccur s . Maxi mum nor mal force 1is

deformation, which is given by the Hertzian formulatshrown below.

e3(1- v*)N &
q =26/ _ 1 (2.57)
& 4ER i

Apparent internal friction is described for the Haversine loading waveform

= Dvw

tan(fhaver sin e) - p

(2.58)

is on average 0.15 for F&Jon 19N peak normal forces. Apparent internal friction

angle for JS€l varies but is roughly one half F&Jbver a similar range.

2.7.4 Bearing Capacity Low Gravity Tests

Carrier et al. (1991) estimates ultimate bearing capacity of lunar soil is
approximately 3,000.0,000kPa.Comparativelythe lunar module footpad stress is 5kPa.
Settlement is rough-3cm for 1030kPa at loading width olm. Using lunar soil
simulant Kobayashi et al. (2009bserved punching failure in bearing capacity tests
conducted in low gravity dense case with an ultimate capacity of less than 100 kPa.
Toyoura sand was consistent with classical theory for loose and dense cases, but the
ultimate bearing capacity was determined to be independent of gravity for the lunar

simulart. Although these resultsnay cause confusior(Bui et al. 2009)simulated
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realistic lunar conditions by including cohesion in the DEM model. Thede#tement
behavior of lunar soil matched well with the previousdings of Kobayashi and the
DEM simulation seems to reinforce experimental results obtained previously. This
correspondence also reinforces the importance of cohesive strength of lunar soil. The
added cohesive strength is evident in a higher ultimate ngea@apacity for lunar

stimulant, especially at low gravities.
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3. SHEAR STRENGTH OF GRANULAR MATERIALS

3.1 Introduction

Shear strength in dry granular matter is controlled by void ratio, grain size, grain
shape, and internal fabric stress state. These conditions may be defined in physical tests
such as triaxial and interface shear test from which resulting shear streagtbvem
guantified. A common interface shear test is the direct shear box test. While there are
significant drawbacks to the direct shear box the test is often adequate for the initial
quantification of dry granular strength. Grain material properties andefined
assuming the grain to be elastic continuum materMlaterial properties that control
behavior at grawscale include: normal and shear stiffness coefficients,-gngerular
friction angle, and specific gravity. Given these properties, noaiesimulations (i.e.,

DEM simulations) may be used to estimate the shear strength under applied loading
conditions. The numerical simulations employed in this investigation include two
dimensional biaxial compression and tdionensional interface shebox test similar to

plane strain conditions in real physical experiments.

Grainscale material properties are provided to the numerical model for the
granular solids based on assumed linear deformation at grain contacts. Then known grain
properties govemd by constitutive laws of provide by the DEM may be used to describe

bulk granular properties such as: ledidplacement response, effective stress rajjos,

, peak and residual internal friction angle, and several measures obsisath ora bulk
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elastic continuum model . Strain measures at
rati o, volumetric strain, and Young6s modul
carefully monitored in the derivation of these features. Ikinbiaxial compression

results may be compared with interface shear results for a range of surface roughness

conditions, as similar to physical experiments performed by Uesugi and Kishida (1986a).

3.2 Material Properties

The assumed material propesti@e for a dry granular material subjected to linear
contact deformations. The primary input values for density (i.e., specific gravity),
stiffness, and friction are presentedTiable 31 along with other baseline parameters,
which are directly input in the DEM code. Normal grain stiffness is estimated at small
contact deformations using elastic parameters consistent vitth seind Santamarina et
al., 2001)and the grain friction coefficient is selected based on tests of dry-siica

interface slidingProcter and Barton, 1974)

Table 31 - DEM Material Properties (after Evans & Frost, 2008)

Numerical| Physical
Simulation| Comparison

1 N/m | 4x1F N/m

Parametel Reference

Grain Normal (Santamarina|

Stiffness et al., 2001)
Grain Sheal v
Stiffness 10" N/m n/a n/a

(Proctor and

Grain Friction 0.31 0.31 Barton, 1974)
Grain Specific

Gravity 2.65 2.65 (Yang, 2002)
Wall Stiffness| 10 N/m n/a nla
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Shear stiffness definitions are successful in estimating shear behavior as described in
previous numericatimulations (Evans & Frost, 2008). For real physical comparison,
mechanical properties of Quartz show ndrtoashear stiffness ranging 76GPa t&Fa
respectively (Santamarina et al., 2001). Through parametric analyses performed during
the development afiumeical models used in this studlyis qualitatively observed that

the wall normal stiffness had little effect on the behavior of granular material and
subsequent loading resultiormal stiffness is the sokmechanical property applied to
modelwalls to define its elastic behavior (i.e.,, walls are frictionless) and this value is set
within the same order of magnitude as normal stiffness value of grains. Also the inter
granular friction angle is lower value 0.p@or to loadingto allow for the assenbly to
reachdesired porosity and stress conditioaféer whichfinal 0.31 contact friction angle

is applied

3.3 Grain Size Distribution & Grain Shape

Grains are composed of pairs of identical disks (i.e., clumps) with grain size

distribution shown irFigure 33 below.
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Figure 33 - GSD used in the DEM assembly
The grain size distribution shown ifigure 33 is maintained for all numerical
simulations presented in this study. Minimuwmain size is set to 0.8% and the
maximum grain size is factor of three greater at 01b5 Particle diameters between the
lower and upper bound grain sizes are distributed uniformly resulting in a logistic

distribution for the grain size distribution cursikeown belowas

a- do
= 31
a j+ bd 31
whereq is the grain size and fitting parameters b, d, s , andn are solved for error

minimization algorithm and directly input into the DEM code for generation of particle

assembly.

Realistic grain shape is hdled by particle clumgrouping The clump acts as a

single elastic continuum material without bonds between constituent disks. That is,
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constituent disks are geometric entities locked to single mass and moment of inertia with
outer contact sites. Reaction forces and momentr® computed at all contacts
associated with a clump element for any constituent disks, then the resulting summation
force is computed and movement is computed for the entire mass. The clumps are
important because their definition adds angularity andhdpass needed to model
realistic interlocking and granular strength of real soils and to prevent excessive particle
rotation, as previously observed by for circular particles in 2D. Angularity and roundness
are defined in the DEM code in terms of aspetiorW/L of 0.67 corresponding to a
sphericity of 1.5 for all shear tests and most-swilcture interaction (SSI) simulations.

This more realistic aspect ratio geometry is illustratéigure 34 below

Figure 34 - Grain Aspect Ratio

Also, the clump definition is helpful because it corrects chronic problems of excessive
rotations discussed by previous intngators (Ting et al., 1989 ; Jensen et al., 1999).
Rotations of single DEM disks are found to be artificially larger than real physical
granular matter in these early simulations due to lack of resistance from friction and other
energy dissipation mechiams (e.g., atmospheric moisture, etc). Results for grain
rotations presented later in this study would be overestimated without the angularity

provided by clump geometry.
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3.4 Scale Size

For all DEM simulations presented in this study the grain size is larger than the
grain size found in real sands. There is roughly a two order of magnitude difference in
grain size since thBs, for Ottawa 2030 is approximately Orim while Dso used n the
numerical models is 0.08h Hence br faster computing and convergence the particles
are defined to be physically larger than their real counterparts (Evans Be0teine et
al., 2009). For experimental triaxial test the specimen length/diameterfabisi in the
range

2¢ % @5 (3.2)

whereL is the length of the specimed, is the diameter of the specimen, and a value of

L/d greater than 2.5 upper bound is likely to exhibit undesirable column buckling. The
L/d for numerical simulation set the ratio of 2:1 is mairgdiior the assembly of biaxial
specimen. But the number of grains in the numerical simulation are maintained by up
scaling the specimen container dimensions with the grain diameter. Hence the
dimensions used in the DEM simulation are D65m Qeight xdiameter)indicating a

similar number of particles with increastength dimension. Qualitatively it is found
throughout this study that these larger grains obey the same mechanical relationships for
dry coarse grains expected in classical theory wide@ in faster computation solution
convergence time. This addresses the problem of convergence for the number of particle

in the assembly as compared to real experiment, since it is expected to converge as the
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number of grains approaches that of a tesd. But the effect of upcaling in the length
dimension is still nottrivial and merits further discussion. Note the ratio of specimen
diameter toDs (i.€., d/Dso) is approximately 83 (i.e., 7.5m / 0.09m) for our DEM test.
Typical specimen diameters used in the real triaxial test are 33, 36, 47, 50, 63.5, 71, 76,
and 100mm (note these are nominal values provided by Bowles 1992). iBgge
ratio for the DEM baxial testis an upper bound compared to comnaéids, ratios found
in laboratory experiment.

The effects of scaling have been addressed by many investigators (Thornton 2000
; Powrie et al., 2005 ; Cui et al., 2007 ; Sullivan and Cui 2009 ; Belheing €08ab ;
Zhao and Evans 2009). Cui et al. (2007) performs ttireensional DEM simulations
of triaxial test. Since the cylinder is axdgmmetric the actual simulated space is one
quarter slice of the full cylinder. Cui sets the number of grairtkenDEM model to
approximately 1500 for a void ratio of 0.616, which is comparatdelaboratory test
specimens of approximately 15,400 Grade 25 chrome steel spheres in triaxial cell at
roughly the same void ratio (~0.615). The specimen size featurdddaratio of
200mm/100mmMean gain size is 2.5mmandhence thal/Dsg ratio is 40. Note this is
rather large for the ratio pected in real triaxial testings it exceeds the upper bound
addressed previously. The quarter sipecimercontains abou8850 spheresin the G
2.5% axial strain range simulation asohnulation results matctvell with experiment
although area correction was needed to obtain close agreement in the critical axial strain

range. Sullivan and Cui (2009) also reduce the nuwibgrains for cylindrical specimen
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as described before by Cui (2007) using &ig mmet r i c

approach. 0o

similar grain scale and model scale dimensions to the previous study, but also mentions a

scaling density 7.8 x 1®kg/m® is used to redwcthe simulation time.

Belheine et al. (2009) also uses asysnmetric approach for threkmensional

triaxial DEM simulation.

dilatonangl e,

determine macroscopic behavior.

Youngos

Modul us

This study provides an excellent discussion of the effect of

rsRvbichcan benuéesitoRa t i o,

The triaxial model consists of 10,648 spheres with

radii from 0.043m to 0.175m in a specimen ©£dm x 2m(H x D). Belheine notes that

if H:D ratio is approximately 2 then the characteristic sgescalable and strength

parameters reliableHence a very large specimen will have the same strength properties

as a small specimen (e.g., 60,000 grains versus 3,000 grains), although there is some

upperbound beyond which the specimisrscaleinvariart. Ni et al. (2000) notes beyond

15,000 grains there is little effect on simulation resulfBhis upper bound isalso

addressed by Zhao and Evans (2009) who go on to report acceptable normalized model

dimensions as shown irable 32 below.

Table 32 - Scaling Values of Moddbimensions and Grain Sizeffer Zhao and Evans

2009)
Height/Dso | Width/ Dsg Depth/ Dy
Plain Strain (PS) 56 16 32
Triaxial Compression| 52 26 26
Direct Shear (DS) 22 33 33
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Powrie et al., (2005) also argues this ratio of model dimension to grainssitelsthe

friction angle and dilation. He notes that 10,000 particles used in-dhmessional

plane strain test (PS) was the lower bound for scale effects. This reinforces the argument
by Ni et al. (2000) that 15,000 is certainly a safe number of particlese. [3is
approximately 1mm and DEM specimen diameter is 30mm, which is about twice the
recommended ratio given in the table above. Thornton (2000) also discusses upscaling.
He argues density scaling is successful, setting the initial solid fnactiapproximately

0.5, which is then consolidated to 0.618 and 0.B6@wo0 separate cases. Thornton
(2000) also notes there is a lower bound to the number of particles necessary to achieve

convergence at critical state during triaxial test, which isrt@=d in the next section.

35 Biaxial Compression

3.5.1 DEM Simulation

The biaxial compressio(BC) test may be modeled using DEM. The granular
assembly is generated under basic falisplacement law and cycled to equilibrium.
Shearing specimen dimensions are 7.5m x 18 ). The initial porosity is 0.125 at
assembly. After energy dissipation the specimen is consolidated to the desired confining
stress level. This is facilitated by setting a lower-particle friction angle of 0.1@
allow for denser packing (since higfiction angle would resist densification, especially

for grain clumps with significant angularity). After all initial conditions are set, a
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shearing algorithm applies constant loading at top and bottom platens. Initial assembly

andsubsequemorosity feld during loadingare shown irFigure 35 below.
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Figure 35 - Biaxial Compression Assembly & Porosity Field 2% Axial Strain (From
Left to Right, Respectively)

Initial porosity of 0.125 (two dimensionals isotropic homogeneous throwgh the
granular space after assemblyigure 35 shows tle distribution of porosity at% axial
strain Results agree well in terms of shear band thickness is raingmg to20 grain
diameters (Evans 2005). These high porosity regiodicate the location of dilation
along failure slip surface. Note that shear bandntation is quite depends tateral

wall conditions. Evans and Frost (2008) showed that rigid walls generated diamond
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shaped shear bands, whereas membrane side walisegr at ed -ztowm@ sddead t he
shape of wedges on top and bottom walls pointing toward the center of the shearing
sample. The biaxial tests considered in thiglgtemployed rigid side wall which match
conditions are used in all subsequent SSI casesisgied: shallow foundation, deep
foundation Jaterally loaded pileandrigid retainhg wall

The size and shape of diamond shape failure wedges are controlled by the
confining stresdevel. As shown in the rotation figures, the formation of shear bands
change with confining stress with all parameter held constant except the confining stress

as shown irFigure 36 shown below.

Figure 3617 BC Grain Rotations At 10% Stress (From Left to Right: 25kPa, 50kPa,
75kPa, 100kPa)

3.5.2 Mohr-Coulomb Peak & Residual Envelope

In order to evaluate the Moi@oulomb criterion the plane strain biaxial sample is

sheared for coifing stress levels: 25kPa, 50kPa, 75kPa, and 100kPa. Wall reaction
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stresses are monitored throughout the shearing process, whereby measured values may be
used to compute the deviator stress s for each confining cases shownHigure 37

shown below.
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Figure 37 - Biaxial Compression Deviator Stress
From the deviator curve, peak and residual (i.e., critical) stresses may be
determined. The normal vertical and lateral wall stresses are taken to be the principle
stresses acting on a continuum element. Assuming the granular body is analogous to a
continuum element, Mohr circles may be constructed faoial and confining stressés
a n o, respectively The difference in peaks from DEM lodiplacement results is

indicative of dense and loose case td&placement behavior. The dense csisews a
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well defined peak, while the loose case only approaches critical state. Thornton (2000)
notes there exists a lower bound to the number of particle necessary to achieve
convergence at critical statéAt 100kPa confining stress the critical state is reacited
0.30 deviator strairg - ¢for the case of 3670 spheres, whereas for the case of 8000
spheres the critical state is reached at 0.50 deviator strain.

Peak and critical state friction angle is may be computed from vertical and lateral
reaction stresses acting on the dry granular assembly for each confining stress case in

Table 33 below.

Table 33 - Friction Value for Confining Stress Cases

Confining | Peak Friction | Cucal State
Stress (kPa] Angle (deg) Friction Angle
(deg)
25 34.8 288
50 325 26.3
75 31.6 26.6
100 31.0 24.9
Mean 32.5 26.6

The standard deviation is X.d4nd coefficient of variation is 0.045. The value of friction
angle monotonically decreases suggestinglmaarity of the MC failure envelope may

be influenced by thdilation angle of the shearing specimen (Budhu G/

t,=( §),tan( fir) (3.3)
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wheres j is the normal effective streséijis the effective internal friction angle, apd
is the dilation angle.

Dilation decreases with increasing mean stress, hence at higher
confining stress the dilation angle decrease where

Fhoviizea =

critlcal

(3.4)
wherefj,... iS the effective friction angle at critical state loading. More specifically the

dilatancy is found to be directly a function of the principle strains in the biaxial sheared
specimen.

y =simtodg+d ¢ (3.5)
ce-d g

Critical state is defined for the axial strain range where shear stress, stress ratio, volume
change, and void ratio converge to asymptotic limit. Figure 38 below illustrates

regions of contraction and dilation for a given effective confining stress at failure.
e

Drained loading
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Figure 38 - Void Ratio & Confining Stress for Contractive and Dilative Sands (Salgado
2008)
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It is important to note that all points on the plot converge to the critical state void ratio

curve. Dense sand dilates while loose semmtracts. Starting from annitial confining

stress pointthevoid ratioin thedilative region is shown to decreasgproaching a lower

limit, which may be due to grain crushing

The average friction angle is plotted for all stress cases in a sthagtNlohr-

Coulomb failure envelope shown in as the solid lin€igure 39 andFigure 310. It can

be seen from the MokCoulomb envelope dotted curve Figure 39 and Figure 310 that

the failure envelope (d curvedfit is used has continuously decreasing slope.
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Figure 391 M-C Method at Peak Stress
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Critical state implies constant volume and stress; hence the straight-fherivelope is
the correct fit. For peak stress dilation may curve th€ Nine downward. This is
shownby decreamg friction angles for each confining stress in the DEM results.

Although the peak friction angle is often used to predict ultimate load, for many
cases the critical state is considered exclusively (e.g., Budhu 200&).advantage of
evaluating the critical state is that theoretically, the soil specimen volume, stress, and
deformation rate are constant during shearing. Hence parameters for soil strength and

deformation should be consistent and invariant for eachroogfstress casgresented in
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this study Stress ratics,/ s, shows the ratio decreases with increasing confining stress

in Figure 311 below.

Stress Ratio [ ]
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Figure 31171 Principle Effective Stress Ratio

The stress ratia,/ s is related to thelilation angle. The pealtress ratio is indicative

of dilative sand. This is expected because the grains are idealized geometry and dry case

so the dilative effect should Is#gnificant The initial peak at roughly 1% axial strain

corresponds to the point in time where grdimb over each other, exhibiting the dilative

mechanism. There is a slight inconsistency with the basic theory for effective stress ratio

since the largest confining stress case does not seem to converge to critical state, whereas

it is expected that allanfining cases converge at critical state. This inconsistency may

be due to the small axial strain range. Perhaps at higher strain all cases will converge. It
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should also be noted there is a fair amount of noise in the higher confining stress cases

dueto increased translational frustration.

3.5.3 Elastic Modulus

The elastic modulus is computed as the ratio ofiadev stress to axial strain,
which may bedescribedy simply as

_Ds,
Dg

(3.6)

wheres, is the vertical stresand g is the vertical strain. Since the confining stress is
constant this equation is simply Young6s mod
strain curve, which may be written in terms of deviator stregs(i.e., S;- S)

formulated below.

Ds,
De

(3.7)

There are two primary ways to interpret the elastic modulus: as the tangent or the secant
fit of the curve in the linear elastic region before failuBath are taken from the deviator
stress curve ifrigure 37 given previously. From the DEM biaxial compression results,

Young6s modul us i s Ppiguet3i2ketbw.wi t h axi al str ain
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Figure 312 - Biaxial Compression Young's Modulus

Youngdés modulus is shown t

1310 1

o

decr eas

| aw)

decreases with axial strain and may be attributed to the development and mobilization of

shear bands in the soil mass. For a definition of the initial elastic region during biaxial

compression the initial portion of the deviagtrain curvemay be fit as shown iRigure

3.13 below.
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Figure 3137 Initial Elastic Region of the Deviator Strain Curve

By examining the deviator streggthinthei ni t i al

Modulus varies for each confining stress case, as shofigume 314 below.

el

asti

c

range
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Figure 3147 Small Strain Region of the Deviator Strain Curve
For the worst case confining stress (itke modulus causing the largest deformation) the
elagic modulus is approximateli2MPa calclated by linear fit for th50kPa confining
stress level. For the best case confining stress (i.e., the modulus causing the smallest
deformation) the eldis modulus is approximatelg5MPa calalated by linear fit for the
10kPa confining stress level. Estimation of the elastic modulus for the initial strain
range is useful for prediction of immediate elastic settlement which will be investigated

in more detailm Chapter 5.
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354 Poi ssonds Ratio

Poi ssondés ration is defined as the ratio

definition is given below as

De
= == 3.8
n e (3.8)

where De, is the lateral strain an®e, is the vertical strain. Separately, volumetric
strain D @ may be used to identifglilative sand due ta high initial peak, which

coincidestol oadi ng when grai ns muHerncePfod Isismin® so v art i

may be defined in terms of volumetric strain as

n=1-—2% (3.9

Belheine (2009) argues that the initial slope of the volumetric strain, simikigtwe
3l12above, may be used to determine Poissonods
be positive, so the slope is taken over the small strain rai§e. OTaking a closer look

at the volumeifc strain results in this study, the slope may be extracted from the curve in

Figure 315below.
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Figure 315 - Biaxial Compression Volumetric Strain

In the same manner tlidation angle may also be extractédm the curve as shown in

Figure315. Speci fically, Poi s sasthédoperwadreivolumetacy be e
strain is at a maximum. It is quite difficult to see the slope behavior in the low strain. So

the previous figre in magnified over the small strain range to 1% to show how Pdisson

ratio may be extracted as showrFigure 316 below.
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Figure 316 - Biaxial Compression Volumetric Strain

Note that tle volumetric strain is quite linear at low axial straiifhe strain range

considered aboves half the strain range used by Belheine et al., (2009) for 3D

simul ations. Poi ssonds r at Figure 816 abpve tsed f r onm
0.36,computed directly from regression fit through maximum values at each confining

stress level as

n=—-= (3.10)

where g, is the final volumetric strain at 0.5% axial stray, whichis comparable to

themacroscopic parameters computed in this study.
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3.6 Interface Shear Strength

3.6.1 DEM Interface Test

Model dimensions used in interface shear test were informed by Jensen (1999,
2001a). Model dimensions 10m x 10m (height x width) lzased orthe number of
grains generated for this simhichmat ch ¢l osely with those gene
(i.e., approximately 2250 grains). Grain setup at assembly is showigune 317

below.

Figure 317 - Interface Shear Test after Assembly

Additionally, micromechanical force reactions at the interface are illustrat€&igure

3.18 below.
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Figure 318 - Interface Surface Roughness & Normal Force Resultants

During loading, a moundhaped region of shear localization is observed in the DEM

simulation indicative of shearing phenomena in the soil mass described by Wang et al.

(2007a). Typical mound geometry emphasized by the dotted curve is shown indirectly

using grain rotations from the DEM simulationkingure 320 below.

+2 e+ [

o H

Figure 319 - Rotations Color Bafor Rotations Figures (deg)

Figure 3207 DEM Interface Shear Test: Region of Shear Localization Developed during

Loading

The above mounding effediustrated by the dotted curvis observed for a surface

roughness sawtooth size of the mean grain size multiplied by a factor of thregraifhe

rotations showmboveare generatedt a confining stress level of 1kPa.
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By running the interface shear tests for many roughness casepassible to
demonstrate the experimental results of Uesugi and Kishida (1986a) who show that soil
fails in the interface at low roughness and in the soil mass at high roughness. The
roughness is represented by the geometry along the continuum inteufémee. For
guantification of strength parameters in this study it is assumed the size of the sawtooth
along the interface wall is a reasonable estimation of the surface roughness. The
sawtooth size is defined as a function gh@rain size with multipcation factors ranging
from zero to three as shownhigure 323.

The coefficient of friction /7 is computed for all roughness cases. The

coefficient of friction is defined irFigure 321 below. Note that is not the internal

friction angle, but instd the maximunt/ s ratio.

T/N

u t-

0 )
Figure 321 - Definition of Coefficient of Friction (after Uesugi & Kishida 1986b)

The coefficient of frictionratio #/ § is helpful to provide results independenttbé

normal stress (i.e., confining stressd)ising coefficient of friction as a measure of the
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failure mechanism during interface shear, results from the DEM simulation may be
compared with experimental resultorfa range of surface roughness values.

Experimental results are performed using simple shear apparatus. Results are compared

in Figure 322 below.
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Figure 322 - Coefficient of Friction for DEM Simulation and Experimental Results (after
Uesugi & Kishida 1986b) (Frotop to bottomrespectively)

Experimental results shown above are conducted using Toyoura sand (i.e., common
rounded sand) on mild steel. Of all the sands tested by Uesugi and Kishida, Toyoura sand

has the most similar properties to the sand defined in the DEM simulation in terms of
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grain size, specific gravity, and void ratio characteristics. Results shewDEM
simulation can provide a reasonable estimation of shear strength behavior, and may be
appliedto soil structure interaction models.

Additionally, the friction angle in Figre 3.18 may be computed as the slope of
the shear stress to confining stress for a range of confining stress levels: 1kPa, 12kPa,
22kPa, 35kPa. The friction angle is computed for all roughness cases, and may be
compared with the internal friction anglstienated from the biaxial compression tests.
Therefore the effect of the shearing mechanism as it moves from interface to soil mass
can be observed. Specifically, the friction angle in the soil mass is shdvwguire 323

below as the mean friction angle providedable 33 from the biaxial compression test.
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Figure 3237 DEM Interface Shear Results for Friction Angle

It is evident fromFigure 323 above that the interface shear test approaches the biaxial

shear test in the limit as surface roughness of the wall increases.
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4. SOIL-STRUCTURE INTERACTION MODELS

4.1 Introduction

Given the material properties of individual grains, the daiicsure interaction of
the granular media may be coupled to continuum interface for a variety of geotechnical
case studies. The following cases are considered: shallow foundation, deep foundation
(vertical loading for nofdisplaced case as well as latel@ading of ple), and rigid
retaining wall. All SSI cases require only several basic grain matennal strength
parameters: solid material specific gravity, contact friciamgle normal stiffness, and
shear stiffness. The model walls are takermdwe the same material stiffness as the
grains (i.esilica at normal stiffness 1.0 x 3¥m and shear stiffness 1.0 x’Ndm) since
they act as a continuation of the granular assembly in the far field. Note that for all SSI
cases the common practicegrtin size upscaling is employed to speed convergence and
shorten simulation timesBgélheine et al., 200¥hao and Evans, 2009 Grain size is
scaled appropriately for optized computational efficiency and convergence of soil
response. The grain sizes used in all simulations presaeteth range from 0.05m
minimum diameter to 0.1 maximumdiameter. Uniform grain size distribution spans
from minimum to maximum grain sezby factor of 3. Lastlywith regard to the model
assembly, the porosity is set to 0.125 prior to consolidation; although this value tends to

increase with volume during the relaxation process as system reaches desired stress state.
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Note that these maial parameters are identical to thasestrengthtests in Chapter B
an effort to maintain consistency

Parametric analyses were performed to determine model dimensions and
foundation wall friction (which is evaluated as the surface friction fordinisent study).
Foundation wall material is given stiffness in the same order of magnitude as the model
wall (i.e. normal stiffness 2.& 1°N/m). The foundation material is qualitatively
undefined (i.e. steel, concrete, etc), but this is acceptablleeaesults show that soll
response varies minimally with foundation stiffness. Finally, gravity is set to earth
environment for all SSI cases.

After the model is assembled the top wall is relaxed and stress along the top wall
is dissipated uiitreaching an absolute value dfFa to within 0.01 tolerance of error.
All SSI cases follow the general sequence of assembly of granular material,
decompression within model walls, some adjustment of parameters and additional
cycling, followed by loading fothe model case. For the consolidation algorithm, the
stresses on vertical walls must be satisfied in order to move to the next step in the
simulation process. Specifically, the model is cycled to reach the desired confining stress
using servo algorithmthen the entire assembly is cycled to equilibrium at ratio of
average unbalance force to average contact force less than or equal to™fn/s. 10
Subsequently the servo algorithm repeats this process again until both vertical and
horizontal wall stressemeet predefined levels for adequate consolidation. Note that

lateral walls are stationary to impose true at rest lateral earth pressure conditions.
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4.2 Shallow Foundations

4.2.1 Assembly

Model dimensions ra based on 12m x BO(H x W) ca®. Foundatiorwidth is
2m andinitial embedment depth is IrOfor all simulation casesAfter the granular
assembly reaches equilibrium the soil mass is consolidated by applying top pressure at a
stress of 1kPa until the stress level measured along the top wall canvéget the top
wall is deleted and three foundation walls are installed. Individual grain displacements
and rotations are set to zero before loading measurement. Wall reactions and particle
actions may be recorded at each timestep. Model dimensab® iscconsistent with
respect to the work done by Cerato and Lutenegger (2007) on physical models.
Specifically, the ratio of model height to foundation width is 6 and the ratio of model

width to foundation height is 15 as showrFigure 424 below.

Figure 424 - Shallow Foundation Baseline Assembly

This is thebaselinemodel size. In the next section this selection of model size is

evaluated by comparing to upper and lower bouases
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4.2.2 Parametric Analyses

All parametric cases considered for the shallow foundation simulation are

displayed inTable4.4 below.

Table4 .4 - Shallow Foundation Parametric Analysis

Parametric Description Model Dimensiong Foundation
Case No. (Height x Width) | Wall Friction
1 | Low Friction 12mx30m e = 0.
2 | Baseline 12mx30m e = 0.
3 | High Friction 12mx30m € 0.
4 | Very High Friction | 12mx 30 m e = 0.
5 | Extended Width 12mx60m e = 0.
6 | Extended Height | 24 mx 30 m e = 0.

The baseline case is the most representative for this work. Other cases are intended for
comparison to the baseline case. Baseline case has the most realistic physical wall
friction level and the most computationally efficient model size. The frictzdnes vary
by increasing increments 6f155for all cases. Thigonstant incremertf the friction
coefficient is intended to be a simple pattern to help interpret results more clally.
stiffness is not considered because it was found in earlyations that the effect of wall
stiffness on resistance is small.

For the extended model cases, from the baseline model dimensions the width is
doubled to investigate the side boundary effect on soil strength andlikmdcement

curve. The extended with case in assembly is shownFigure 425 below.
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Figure 425 - Shallow Foundation Extended Width Assembly

Model dimensiongor extended height case are 24m xn3®H x W). The height
is doubled to investigate the base boundary effect ondegdacement response. The

extended height case in assembly is showkigare 426 below.

Figure 426 - Shallow Foundation Extended Height Assembly

Foundation fiction cases use the sammdel dimensions as baseline casgere wall

friction is imposed in a mannanalogais to sliding blockproblem Hence walls appear
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smooth in visualization, but the criterion for angular momentum to be transferred is

controlled by the friction coefficient.

4.2.3 Load-Displacement

After assembly the model space is chestkor any escaping grairend those
grains are removed (this is usually a very small fraction of the total number of grains in
the simulation). Next the foundation walls are installed in the initial loading position
prior to consolidation.The assemblyis consolidated in the vertical ditean only. Once
error tolerance 0.0bf measured top wall vertical stress and desired 1kPa pressure
reached via servo algorithm and the final grain shear stiffness and grain friction angle soll
strength parameters are setrthieeentire systems is cycled to equilibrium again and all
displacements and rotations are set to zero. Histories are logged for foundation
displacement (all walls move at the same velocity) and foundation wall normal and shear
forces. The foundation wallsefinally loaded at 0.2%/s to a total verticalisplacement
of 0.2B (i.e. 0.4n) while state of systems is saved and rotation of iddadi clumps
measured every 0.@1displacement. Hence there are 40 saved dlarésg the total
simulation loading tiraline. A result of the entire vertical loading process is given in
Figure 427 below in terms of total soil resistance versus normalidsplatement (i.e.
ratio of displacement over foundation width). Note that the results are presented for the

DEM modeldimension length (i.ethe dimensiondirectedinto the page) equal tosR
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which meanghe resistance is significantlgds than anades that assumanlinto the

page.
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Figure 42771 Shallow Foundation Model Dimensions Total Resistance
Note that resultsin Figure 427 above are for éoundation friction of 0.31. In the elastic
settlement range the extended height and baseline case match closely whitertded
width model size shovdecreased resistancerhis means it is likely soméoundary
effectstill existsin the elastic rangavhich can be investigatddrther for amodel width
greater tharthe baseline value. Qualitativegure 427 shows the baseline case to have

the most well defined pealotal resistance. The effect of foundation wall friction is

given inFigure 428 below.

113



— 0
-
c
Q
=
o 005 .
Q
o
o
]
&) 0.1 i
e}
()
N
©

0.15 .
€
S
o
Z

0 100

Resistance (kN)

e o o o [oundation Wall Friction 0.155
Foundation Wall Friction 0.31

----- Foundation Wall Friction 0.46

=- =+ =- Foundation Wall Friction 0.62

Figure 428 - Shallow Foundation Friction Total Resistance

Results fromFigure 428 show there is minimal effect to resistance due to change in
foundation wall friction for the shallow foundation case. The small difference is largely
due to the skin friction effect, whicls iminimal in the shallow foundation, as shown in

Figure 429 below. The largest peak resistances occur for the 0.46 and 0.62 friction

cases, followed by the 0.31 and 0.155 as expected.
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Figure 4297 Shallow Foundation Base versus Side Wall Resistance

Since the side friction has little effect on db@esistance, the majority of load is carried by
the base wall. Hence the trends observed for variation in model size and foundation
friction in Figure 427 andFigure 428 are primarilya function of contact forces along the

base wall. For the deep foundation case in Section 4.3 the base wall is clearly not the

load carrying mechanism.
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4.2.4 Particle Rotations

The rotations legend is provided Figure 319 showing maximum counter
clockwise rotations in red and maximum clockwise rotations in bl&kation of grains
for the baseline case Figure 431 shows propagating slip surfastartingfrom either
cornerof thefoundation base As shown inFigure 429 in the previous section, there is
some minimal effect of friction along the side walls, but this is negligiblearat

embedment deptless tharthefoundation width.

-+E=-+35 242 [ 22| B2 -35~-8=

Figure 430 - Rotations Color Bafor Rotations Figuregdeq)
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Figure 431 - Shallow Foundation Grain Rotations Baseline Case at 0.05B, 0.10B, and
0.20B Vertical Displacements (From Top to Bottom Respectively)
Grain rotations for the extended model height simulation case show that the slip surface
only propagates to a fraction of the total model height, certainly less than half the
extended model height as shownHFigure 432. The majority of failue occurs within

approximately & depth. Grain rotations extend horizontally to about half the model
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width. These results indicate that it is seems reasonable thaubaseline model width

for shallow foundation vertical loading.

Figure 432 - Shallow Foundation Grain Rotations Extended Height at 0.025B, 0.05B,
and 0.10B Vertical Displacements (From Left to Right Respectively)
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Figure 433 - Shallow Foundation Grain Rotations Extended Height at 0.10B, 0.15B, and
0.20B Vertical Displacements (From Left to Right Respectively)

For the extended model width shownFigure 434, amajor stress bulb develops below
the logarithmic spiral surface, extending down until it contacts the bottom wall. This
feature of boundary error at the bottom wall can also be seere ioridinal shallow
foundation baseline result. This boundary effect is not present in the exteoded

heightcaseswhich leads t@a recommendation that model height be increased in future
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shallow foundation simulations. For exam@emodel height srm 5m to 10m may be

sufficient.

Figure 434 - Shallow Foundation Grain Rotations Extended Width at 0.025B, 0.05B, and
0.10B Vertical Displacements (From Top to Bottom Respectively)

Results shown irFigure 434 are related to the loadisplacement response Figure
4.27. Notice that an additional stress bulb emerges beneath the foundation base wall at

0.10B vertical displacement.
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Figure 435 - Shallow Foundation Grain Rotations Extended Width at 0.10B, 0.15B, and
0.20B Vertical Displacements (From Top to Bottom Respectively)

Overall slip surfaceesults in the grain rotations ploése supported by classic theory
where the failure wedgehich emerges below the foundation base andsipigal slip
surface which extends to the ground surface with increasing load. Again the only
recommendation based on these results would be some fractional increase of the total

model height to avoid boundary et of the stress bulhteractionwith the bottom wall.

4.2.5 Force Chains

Force chains are given below for the baseline model dimendkmtse chains are

useful to evaluate the state of stress in the graagkembly. In the nominal catbeere is
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no connectivity betweermny foundation wall and model wall, instead the force chains
distribute evenly into smaller and weaker branches urdgligible connection is
measurecat themodel wall. Figure 4.36 shows the force chains at ra@um vertical
displacement 0. This rather large displacement is chosen because it is expected to be
the worst case scenario where maximum likelihood of baynel@or may occur. Note

that all force chains are shown in terms of only the normal reaction force.
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Figure4.36 - Shallow Foundation Force Chains at Baseline, Extended Height, and
Extended Width Model Size (From Top to Bottom Respectively). Vertical
Displacements are 0.20B for all cases shown.
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4.2.6 Local Stress Tensors

Local stress tensors are shown for the baseline case &indyire 437, Figure
438, and Figure 439 show the stress tensor fields for vertical, lateral, ahdar

directions respectively.

Figure 438 - Shallow Foundation Baseline Lateral Stress at 0.10B (Units: Pa)
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Figure 439 - Shallow Foundation Baseline Shear Stress at 0.10B (Units: Pa)

Vertical stress is concentrated directly beneath the base wall. Lateralistadse
corcentrated beneath the base vaaidd shows arching towattie botom of the model

space. ldnce the center regiassemblynear the bottom of the model space is nearly
unaffected by lateral stresses imposed by the shallow foundation loading. Shear stresses
show diagonal shear regions concentrated near to the fountasenacting in opposite
directions about the vertical; centerline of the model space. Shear stresses also show
plastification extending from the pile base and symmetry about the vertical centerline.
Overall there appears to be little influence from shallow foundation side walls, and

hence the majority of response from the granular assembly is determined by the base

wall.

4.3 Deep Foundations

4.3.1 Assembly
The model dimensions and wall material properties for the piledegalacement

simulations are informed by DEM simulations of cone penetration testing (GRnY et
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al., 2008) for a model widthl17.5 times the to&idth intending to eliminate boundary
effects from side walls. The model height is nearly double that of Jiang et al. (2008) due
to the simulated pile length. The resulting model dimerssare then 26m x 2% (WxH).

The btal pile embedment depth is 15and the base width is2 Total displacement is

set to 0.4n and tle vertical loading rate is 0.88s downward. The granular assembly

with installed pile is shown iRigure 440 as showrbelow.

Figure 4407 Deep Foundation Baseline Assembly

Note this installed pilemay be describeds a nordisplacement case since during
installation, soil is remove and walls placed with minimal addition stress to the

surrounding soil.
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4.32 Parametric Analyses

Parametric analyses were conducted for model dimensions and pile friction for
deep foundation simulations. All parametric cases considered for the deep foundation
simulation aralisplayed inTable4.5 below.

Table4 5 - Deep Foundation Parametric Analysis

Parametric Description Model Dimensiong Foundation
Case No. (Height x Width) | Wall Friction
1 | Low Friction 25 mx26 m e = 0.
2 | Baseline 25mx26m € 0.
3 | High Friction 25mx26m € 0.
4 | Very High Friction| 25 m x 26 m € 0.
5| Extended Width | 36 m x 25 m € 0.
6 | Extended Height | 26 m x 35 m e = 0.

The baseline case is the reference simulation. All other simulation cases are intended for
comparison with baseline case. The baseline tasmonfigured to havehe most
physically realistic wall friction level and the most computationally efficientehsie.
Nonetheless, upper and lower bound friction values are evaluated from 0.155.to0 0.62
Upper and lower bound model sizes are also testddte the friction casesange by
increasing increment of 0.155 starting at kb friction case. This is tended to be a
simple pattern to help interpret results. Wall stiffness is not considered because it was
found in early simulations that the effect of wall stiffness on resistance is negligible.

From the baseline modsizethe width is increased signifiatly to investigate the
side boundary effect on soil strength and td&placement curve. The extended width

assembly and extended height assembly are shokigune 441 andFigure 442 below.
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Figure 441 - Deep Foundation Extended Width Assembly
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Figure 442 - Deep Foundation Extended Height Assembly

As for the shallow foundation, it is important to evaluate upper and lower bound to

confirm that loaedisplacement is invariant tthanges in model size.

4.33 Load-Displacement

There are several unique algorithmic steps taken after assdaonbtiie deep
foundation simulatiorwhich are different from the shallow foundation simulation case.
Since the model size is significantly larger in the deep foundatrmanlationand since
the excavation area is significantly larger, additional stpstakento ensure energy

equilibrium. After assembly, in both shallow and deep foundation simulations the model
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space is scanned for any escaping grains and those grains are removed. But when deep
foundation walls are installed, regions of the granular assembly at the interface require
addtional cycling to reach equilibriumlf this step is not takethere mayexistregions
with inconsisteh stresses, especialblong theinterface near the ground surface. The
foundation walls are loaded to a total vertidaplacement of 0.2B (i.e. 0 while the
state of he system is saved at each @Odisplacement increment. Hence there are 40
system states saved for the total simulation loading timeline.

Pile vertical loaedisplacement results are given for model size casésgure
443 below in terms of total soil resistance versus normalized displacement (i.e. ratio of
displacement over foundation width). Again note that the results are presented for the
DEM model dimension length (i.e., dimensiatirectedinto the page) equal tosp

Hence the resistance is significantly less than analyses that assume 1 m into the page.

130



0.05

0.1

0.15

Normalized Displacement [ ]

0 60 120 180 240 300

Resistance (kN)

Baseline
e oo Extend Width
----- Extend Height

Figure 4437 Deep Foundation Model Dimensions Total Resistance

As observed with shallow foundation simulation, the resistance decréarsabe
extended width case, showing there is still lateral confinement in the baseline case. There
is an increasd resistance at higher displacement for the extended model height. This
effect is evident in the rotatioRigure 448 andFigure 449 which show a distinct failure
slip surface for the extendéeight simulation case.

Next results for the pile wall friction effect on total load resistance are given for a
series of friction cases iRigure 444. There is a consistent increase in resistance with
friction, although the pattern breaks down at low friction (i.e., from 0.155 to 0.31). This

is due to the inteparticle friction angle 0.31 which controls the slip along the pile side
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walls. Overall the loadisplacement results show the pile wall friction dominates the

load settlement curve, but the effect tends to decrease as friction increases.
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Figure 444 - Deep Foundation Friction Total Resistance

The effect of interparticle friction angle on the resistance for a range of wall friction
coefficients is indicative of results by Uesugi and Kishida (1986a) who show the failure
mechanism occurs along the sw#ll interface as low wall roughness (i.e. fion
coefficient for this study) whereas at high wall roughrieedailure mechanism occurs in

the soil mass. Of course the wall under consideration here is the pile wall. To look at
this behavior more carefullfgigure 445 compares resistan@dongthe pile toe with the

resistancegeneratedlongpile side walls.
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Figure 445 - Deep Foundation Toe versus Side Resistance

Note the switch between load carriers below friction level 0.31. For the majority of
friction cases presented the side wall friction dominates. For friction cases 0.31, 0.46,
and 0.62 the resistance increasesasistently as expected from the total pile resistance
plot in Figure 444. But below 0.31 friction the side walls no long dominate, hence the

majority of the load is carried by grains under the pile toe. WHegnre 445 is

133



compared with the total pile resistance this feature of the pile behavior is undetected. The
pile switches the majority of its load resistance from side tahobdservedinlesswalls
are monitored individually.HenceDEM is shown to be quite effective in revealing this

behavior.

4.34 Particle Rotations

The baseline model dimensions show that the stress bulb contacts the bottom
wall. Prior to the formation of a full stress bulb a failure wedge emerges at 0.05B

directly under the base as showrkigure 447.

-+E=-+35 242 [ 22| B2 -35~-8=

Figure 446 - Rotations Color Bafor Rotations Figures (deg)
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Figure 44771 Deep Foundation Grain Rotations Baseline Case at 0.05B, 0.10B, and
0.20B Vertical Displacements (From Top to Bottom Respectively)

The concern regarding model dimensions for the deep foundation SSI case is the size of
granular space between the pile t&d the model bottom wall. Results shover-

particle force chains extend down to the wall and experience boundary error. This
boundary effect is absent in the extended model height simulatibigume 448 and

Figure 449. This shows that the stress bulb may be intensified bprémence of the

bottom wall, and not necessarily thefailure of the soiexclusively
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Figure 448 - Deep Foundation Grain Rotations Extended Height at 0.025B, 0.05B, and
0.10B Vertical Displacements (From Left to Right Respectively)

Figure 449 - Deep Foundation Grain Rotations Extended Height at 0.10B, 0.15B, and
0.20B Vetical Displacements (From Left to Right Respectively)

The extended model width casesHigure 450 and Figure 451 show that there is no
effect from the model side walls oailure of the soil, but there is significant mobilization
of grain rotations in all cases generated by the pile shaft. A general note should be made

regarding the effect of extended model height for shallow and deep simulation cases.
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Base resistance argimerging slip surface geometry are a function of model height.
Factors such as stress arching and densification due to interlock dmpehd model
height. Typically soil arching is observable ithe lateral stress tensor fielahd

densification is obeyvable in the coordination number measurement field.
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Figure 450 - Deep Foundation Grain Rotations Extended Width at 0.025B, 0.05B, and
0.10B Vertical Displacements (From Top to Bottom Respectively)
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Figure 451 - Deep Foundation Grain Rotations Extended Width at 0.10B, 0.15B, and
0.20B Vertical Displacements (From Top to Bottom Respectively)
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Hence the model width is adequate for current sinarlat Again results show the effect
of the bottom boundary which may be resolved by increase on of the total model height

assuming the same embedment depth.

4.35 Force Chains

Figure 452 shows force chains for vertical loading deep foundation at 0.20B

displacement.

Figure 452 - Deep Foundation Force Chains at Baseline

The left wall shows local regionsith concentrated draw down of grains, especially on
the leftlateral pile wall. Asymmetry may be due to the drawdown of grains since the
right pile wall produces more uniform force chain distributions, but this is only
speculative anthsteadmay be due to the random orientations of grains generated during

assembly.
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4.36 Local Stress Tensors

Local stress tensor results for the deep foundation simulation case are shown in
Figure 453, Figure 454, and Figure 455 for vertical, lateral, and shear stress

components, respectively.

Figure 453 - Deep Foundation Baseline Vertical Stress at 0.10B (Units: Pa)
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Figure4.54 - Deep Foundation Baseline Lateral Stress at 0.10B (Units: Pa)
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Figure 455 - Deep Foundation Baseline Shear Stress at 0.10B (Units: Pa)

Vertical stresses are primarily concentrated in the regiatttjrbelow the toe. Lateral
stresses show symmetry about the centerline vertical axis of the pile, although weighted
slightly to the left side. There is some sign of arching effect in terms of the lstrexsd

field as the center region near the bottof the model space contains small lateral
stresses.The shear stress fiekhows symmetry about the vertical centerline. Of course
shear directions are opposite about the centerline as observed for the shallow foundation
case. Compared with the sloa¥l foundation shear stresses are larger in magnitude but

less developed atjaivalent displacements of 0120
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